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Preface 
 
Nordic Concrete Research is since 1982 the leading scientific journal concerning concrete 
research in the five Nordic countries, e.g., Denmark, Finland, Iceland, Norway and Sweden. 
The content of Nordic Concrete Research reflects the major trends in the concrete research.  
 
Nordic Concrete Research is published by the Nordic Concrete Federation which also 
organizes the Nordic Concrete Research Symposia that have constituted a continuous series 
since 1953 in Stockholm. The Symposium circulates between the five countries and takes 
normally place every third year. The next symposium, no. XXII, will be held Reykjavik, 
Iceland 13 - 15 August 2014, in parallel with the ECO-CRETE conference. More information 
on the research symposium can be found on www.rheo.is. More than 110 papers will be 
presented.  
 
Since 1982, 414 papers have been published in the journal. Since 1994 the abstracts and from 
1998 both the abstracts and the full papers can be found on the Nordic Concrete Federation’s 
homepage: www.nordicconcrete.net. The journal thus contributes to dissemination of Nordic 
concrete research, both within the Nordic countries and internationally. The abstracts and 
papers can be downloaded for free.  
 
The high quality of the papers in NCR are ensured by the group of reviewers presented on the 
last page. All papers are reviewed by three of these, chosen according to their expert 
knowledge.  
 
Since 1975, 76 Nordic Miniseminars have been held – it is the experience of the Research 
Council of the Nordic Concrete Federation, that these Miniseminars have a marked influence 
on concrete research in the Nordic countries. In some cases, the information gathered during 
such Miniseminars has been used as Nordic input to CEN activities. The latest Miniseminar 
concerning Alkali Silica Reactions was held in Riga in an attempt to involve the Baltic 
countries in our Nordic activities. 
 
We look forward to welcome You to the XXII Nordic Concrete Research Symposium in 
Reykjavik 13. - 15. August 2014. 
 
  
 
 
 
Vodskov, June 2014  Reykjavik, June 2014 
 
Dirch H. Bager Olafur H. Wallevik 
Editor, Nordic Concrete Research Chairman, Research Council of the Nordic Concrete Federation & 
 Chairman of the Organizing Committee for the XXII Research Symposium 
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ABSTRACT 
 
Air pollution control (APC) residues from municipal solid waste 
incineration (MSWI) are considered hazardous waste and need pre-
treatment prior to possible reuse. Here, two MSWI APC residues, 
from which the most mobile fraction of heavy metals and salts has 
been removed by carbonation and/or electrodialytic remediation, 
were used in Portland cement mortar. Mortar bars with 15 % weight 
replacement of cement by APC residues showed compressive 
strengths up to 40 MPa after 28/32 days. Heavy metal and salt 
leaching from both crushed and monolithic mortars with APC 
residues was generally similar and comparable to both the reference 
mortar and mortar with coal fly ash. These results indicate that 
electrodialytic remediation could be used a pre-treatment method for 
MSWI APC residues prior to reuse in mortar.  
 
Keywords: electrokinetic remediation, mortar, leaching, fly ash, 
heavy metal 
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1.   INTRODUCTION 
 
In Denmark municipal solid waste incinerators (MSWI) have air pollution control (APC) 
systems which generate residues with a high content of salt and leachable heavy metals. 
Currently, MSWI APC residue is classified as hazardous waste and stabilized and disposed of 
abroad. Current practice in other countries are either temporary disposal until a treatment 
method has been found or permanent disposal in hazardous waste landfills, often with pre-
treatment (solidification, stabilisation or extraction) of the APC residue [1].  
 
Contrarily to the MSWI APC residue, fly ash from coal combustion is considered a valuable 
resource to be used in production of cement and as a supplementary cementitious material 
(SCM) in mortar and concrete. Mortar consists of binder (cement), water and fine aggregate 
(sand) at a given ratio and is the basis for concrete which is a mix of mortar and coarse 
aggregate. Up to 5 % of the total global anthropogenic CO2 is emitted by Portland cement 
production and the replacement of Portland cement by other binders such as industrial by-
products have gained increasing interest [2]. MSWI fly ash or APC residues could potentially be 
used as binder in mortar and concrete [3], but the content of heavy metals restricts/limits this 
possibility, mainly due to their mobility [4]. Only a few studies have been made where MSWI 
APC residue is tested for direct reuse in mortar and concrete, most studies report results for fly 
ash, without the APC products [1].  

Pre-treatment of MSWI APC residues prior to reuse has shown to be difficult, as the method 
should be able to keep the desired material characteristics and treat the contaminants. Generally 
two approaches are considered when treating heavy metals in MSWI APC residues prior to 
potential reuse: stabilization or extraction of heavy metals. Stabilization methods include 
carbonation, thermal treatments or chemical stabilizations, such as stabilization with phosphates, 
chelating agents or ferrous compounds. In stabilization, the material characteristics are only 
altered slightly and the heavy metals are still present in the same quantity but are less available 
[1, 4]. Extraction techniques include different washing and chemical extraction methods. Acid 
washing is efficient for removing heavy metals, but drastically alters the pH and material 
characteristics [1, 4].  

An electrodialytic (ED) upgrading method, where the mobile fraction of heavy metals is 
removed by an electric current at the MSWI APC residues’ original alkaline pH, has shown 
potential for reducing heavy metal and salt leaching and keeping an alkaline pH in the MSWI 
APC residue both bench [5] and pilot scale [6]. The principle of electrodialytic (ED) upgrading 
is illustrated in Fig. 1.  

ED is widely used e.g. for desalination of solutions in industrial scale, but not for suspensions of 
solid matter. MSWI APC residues in suspension (up to 10% DM) have been subjected to ED. 
The ED system consists of an ED stack with multiple concentrate compartments (concentrate) 
and compartments containing the APC residue suspension (diluate). The concentrate and the 
diluate are pumped through the ED stack and the compartments are separated by ion exchange 
membranes and anions and cations from the diluate are removed to the concentrate by the 
applied current. Dewatering is required prior to reuse of the upgraded APC residue as a 
constituent in construction materials. 



3 
 

 

Figure 1 – Principle of electrodialytic upgrading of APC residue.1/2- ion exchange membranes, 
3- diluate compartments, 4- APC residue suspension (diluate) compartments  
 

ED differs from another treatment set-up developed by the same research group by aiming at 
lower final metal leaching while maintaining the alkaline pH instead of obtaining the highest 
possible heavy metal removal. The latter may be time-consuming and take weeks [7, 8] and 
result in high matrix changes by either acidification of the residue [9] or by the addition of 
chemical complexing agents. Although few studies of the electrodialytic method have focused 
on reducing heavy metal leaching instead of the total content, those that exist indicate that this 
can be achieved with treatment times in the order of hours, simultaneously reducing the salt 
concentration significantly [5, 6]. This last approach was recently also recommended by Lima et 
al.[10]. 

In this paper, the properties of MSWI APC residues after electrodialytic upgrading were studied 
to evaluate if the residues can qualify as secondary resources and if the electrodialytic upgrading 
method has potential as a pre-treatment method prior to reuse. Focus was on the technical and 
environmental properties of the electrodialytically upgraded residue as a secondary raw material 
that could partly replace Portland cement in mortar.  
 
 
2. MATERIALS AND METHODS 
 
2.1 Experimental APC residue 
 
Five experimental APC residues were used in this study: 

 Coal: coal fly ash from Dong Energy A/S, Avedøreværket blok 1. 
 Raw: raw semi-dry MSWI APC residue. The residue was collected after a semi-dry flue 

gas cleaning process from a Danish waste incineration plant, REFA I/S. 
 Carb: raw MSWI APC carbonized by letting it react with atmospheric CO2 under humid 

conditions. 
 EDU: raw MSWI APC residue upgraded in electrodialytic pilot scale experiments 

according to Kirkelund et al. [6] 

++++ +
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- -
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Concentrate
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 EDUcarb: carbonized MSWI APC residue upgraded in an electrodialytic pilot scale 
experiment according to Kirkelund et al. [6]. 
 
 

2.2 Analytical procedures 
 
Total heavy metal and minor element concentrations (Al, As, Ba, Cd, Cr, Cu, Mn, Ni, Pb, Zn) in 
the APC residue were measured by ICP-OES (induced coupled plasma – optical emission 
spectrometry) after pre-treatment by  DS259 [11] where 1 g of APC  residue and 20 ml 7.3 M 
HNO3 were heated at 200 kPa (120°C) for 30 min. The liquid was subsequently separated by 
vacuum filtration through a 45 µm filter and diluted to 100 ml. The units used in this paper are 
mg/kg for concentrations in dry matter. Major oxide composition was estimated from semi-
quantitative analysis by X-ray fluorescence (XRF) on powder samples. Loss on ignition was 
measured after heating at 550°C for one hour. The pH was measured in 1 M KCl at a liquid-to-
solid ratio (L/S) of 5 and after 1 hour of agitation, pH was measured by a Radiometer Analytical 
pH electrode. The amount of water soluble APC residue was estimated as mass reduction when 
mixing 1 g APC residue with 20 ml distilled water, agitated for 24 hours.  
 
Leaching experiments were made according to DS/EN 12457-3 part 1 [12] at L/S 2, mixing 40 g 
APC residue and 80 ml distilled water. The suspension was shaken for 6 hours on an end-over 
shaker before vacuum filtration through a 45 µm filter and the filtrate was divided into two 
subsamples. One subsample for analysis of anions (Cl, SO4) by ion chromatography (IC) and the 
other subsample was acidified by addition of concentrated HNO3 before analysis of heavy 
metals and minor elements on ICP-OES.  
 
Scanning electron microscope (SEM) and energy-dispersive X-ray spectroscopy (EDX) analyses 
for main morphology were performed on the samples. For the SEM/EDX analysis, a small sub-
sample of the residue (<0.5 g) was placed directly on carbon tape. No further pre-treatment of 
the samples was made. The accelerating voltage of the SEM was 30 keV with large field 
detector (and X-ray cone). Different areas of the samples were investigated by SEM and the 
element distribution was examined by element mapping using EDX on unpolished samples. 
Residue mineralogy was studied by X-ray powder diffraction (XRD), for identification of major 
crystalline phases. The instrument was a PANalytical X’Pert Pro operating at 45 kV and 40 mA 
applying Cu Kα radiation with a 2Θ X’Celerator detector. The samples were scanned in the 
range of 4-100 2Θ within 8 hours. The diffractograms were interpreted using the ICDD PDF-4 
database for minerals.  
 
 
2.3 Mortar 
 
For preparation of mortar, low alkali sulphate resistant cement (CEM I 42.5 N) from Aalborg 
Portland and 0/4 mm quartz sand of class E from RN Sten & Grus, Hvidovre, Denmark were 
used. The mortar was mixed according to EN 196-1 [13] at a water/binder-ratio of 0.5 and a 
sand/cement ratio of 3 (reference mix). The cement was substituted 15 % by weight with APC 
residue, which is within the acceptable replacement range between 5-25 % from previous 
studies [10, 14, 15]. Six experimental mortars were made, five with substitution of the different 
APC residues and a reference mortar without APC residue. The 6 cm · 12 cm cylindrical mortar 
bars were cast in PEH molds and demolded after 1 day. The mortars were cured in separate 
water baths to avoid cross contamination.  
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Compressive strength was tested after 7 and 28 days at 20oC on mortars prepared and cured 
according to DS/EN 12390-3 [16] in triplicate for each mortar, except for the raw and EDU 
which was tested after 32 and 56 days. Adiabatic heat development was measured after DS 
423.37 [17] with slight modifications on reference, coal, raw, EDU and EDUcarb mortars 
continuously during 7 days after mixing. For simple workability assessment, slump tests by 
using a 75 mm cone were made on the reference, raw, EDU and EDUcarb mortars according to 
Bartos [18]. 

Leaching experiments were made on crushed and monolithic (ca. 3 cm · 3 cm) samples of the 
mortar cured for 28/32 days following the same procedure as for the APC residues. Leaching of 
the crushed samples represents the worst case scenario if the material is disposed of after its 
service life and monolithic samples represent leaching that could occur during service life time 
[15]. The mortars were stored in sealed bags at room temperature until the leaching experiments 
were made.  
 
 
3. RESULTS AND DISCUSSION 
 
3.1 APC residue characteristics  
 
APC residue characteristics for the five residues are shown in Table 1. The minor element 
concentrations in the MSWI APC residues were generally higher than in the coal residue. This 
was expected due to the different fuel conditions during incineration. Up to 50 % of the residue 
was water soluble. This explains why the metal concentrations in the ED upgraded residues 
were higher than in the untreated: when the residues are mixed with water, soluble salts dissolve 
and are removed; and even though parts of the metals are removed by the electrodialytic 
treatment, the total concentration increases due to the larger decrease in total mass.  
 
The results for major elements confirmed the difference in composition between the coal fly ash 
and the APC residues. The APC residues, as also seen by other authors consist mainly of Ca and 
Cl [19, 20], which is due to addition of lime during the acid gas cleaning. Also, the Ca 
concentration was 10 times higher in the MSWI residues than the coal fly ash and almost half of 
the content of what is be found in cement [15]. The sulfate content increased when the APC 
residues were electrodialytically treated and the Na, K and Cl content decreased. The Cl content 
in the ED upgraded residues were, however, still a factor 10 higher than in the coal residue. 
High chloride content in MSWI APC residue is considered a limiting factor for reuse as Cl can 
cause corrosion in reinforced steel [21]. The limit for reuse in mortar according to DS/EN 450 
[22] is a chloride content below 0.1 %, which could be met for the upgraded MSWI APC 
residues by adjusting the electrodialytic treatment process [6].  

Due to the carbonation processes, pH in the Carb and EDUcarb samples was two pH units lower 
than in the coal, raw and EDU residues, which is due to the introduction and further reaction of 
H2CO3 in the residue [23]. Despite the carbonization and electrodialytic upgrading, all residues 
were alkaline. The loss on ignition (LOI) of the carbonized residues were higher than of the raw, 
probably due to bound lattice water in the carbonized residues, as the LOI results would be 
expected to be in the same range as the raw and EDU samples. Lattice water is removed when 
heating a sample between 450-600 °C [24] and will not be removed by the temperature used for 
drying (105⁰C) prior to LOI analysis. The limit value for LOI is maximum 9% according to 
DS/EN 450 [22], which was met by the coal, Raw and EDU samples. 
 



6 
 

Table 1 – Characteristics of the different APC residues. 

 Parameter Coal Raw Carb EDU EDUcarb 

 LOI (%) 1.6 0.7 8.1 0.9 9.5 

 Water solubility (%) 11 42 50 20 13 

 pHKCl 12.5 12.2 10.0 12.4 9.9 

       

M
in

or
 e

le
m

en
t c

on
te

nt
 (m

g/
kg

) Al  26,450 23,450 14,050 22,650 20,000 

As  24.3 127 138 192 257 

Ba  1,100 370 349 448 299 

Cd 1.5 170 190 245 287 

Cr 45.7 93 96 150 196 

Cu 31.7 575 572 807 744 

Mn  198 411 372 664 603 

Ni  31.7 32 30 47 142 

Pb  19.1 2,200 3,150 2,150 4,400 

Zn  87.7 14,650 20,200 21,600 32,400 

       

M
aj

or
 o

xi
de

 c
on

te
nt

 (%
) 

CaO  7.0 64.4 36.4 40.6 43.4 

Na2O  1.8 10.2 7.1 0.7 0.7 

K2O 2.9 7.7 3.1 0.4 0.4 

SO3 1.3 6.2 5.2 12.5 10.2 

Al2O3 22.7 2.1 2.1 3.0 3.8 

Si2O  53.5 2.6 3.0 7.1 7.7 

Fe2O3  7.6 1.0 0.8 1.2 1.6 

MgO 2.2 0.6 0.3 1.4 1.3 

MnO 0.05 0.06 0.04 0.08 0.09 

P2O5 0.7 0.2 0.1 0.7 0.8 

TiO2  1.0 0.7 0.4 0.8 1.0 

Cl 0.01 24 19 0.7 0.4 

 
Leaching of heavy metals and salts from the different residues is shown in Table 2, together 
with the Category 3 values for leaching and these values represent the maximum allowed values 
for reuse of waste materials in construction [25]. The results from leaching and the discussion 
on the effect of the carbonization and the electrodialytic treatment have been presented 
previously [6]. The conclusions from this study regarding leaching, which is also apparent in 
Table 2, are: 
 

 Carbonization leads to increased Cd, Cr and Cu leaching but a reduces leaching of other 
heavy metals, especially Pb and Zn 

 Electrodialytic upgrading of both the raw and carbonized APC residue significantly 
reduces the leaching of most heavy metals, except Cr which increases. 

 Cl leaching is drastically reduced due to electrodialytic upgrading 
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Table 2 – Element leaching from the residues. N.m. – not measured. a[6].  

Element Coal Rawa Carba EDUa EDUcarba Category 3 [25] 

pHleachate 12.3 12.0 9.0 12.3 8.3 - 

Al (mg/l) 2.6 n.m 3.0 n.m 0.4 - 

As (µg/l) <25 110 <25 <25 <25 50 

Ba (mg/l) 0.7 34 17 0.45 0.1 4 

Cd (µg/l) 1.2 22 1,860 0.1 0.7 40 

Cr (mg/l) 1.0 0.06 0.9 0.24 1.6 0.5 

Cu (µg/l) 7.0 2.9 833 15.3 8.8 2000 

Mn (µg/l) <25 <25 <25 <25 <25 1000 

Ni (µg/l) <25 <25 <25 <25 <25 70 

Pb (µg/l) 31 535,300 586 3,780 27 100 

Zn(µg/l) 77 49,800 303 1,660 160 1500 

Ca (g/l) 1.2 36 26 1.6 0.9 - 

Na (g/l) 0.3 11.5 13.9 0.3 0.6 1.5 

Cl (g/l) 0.003 88 84 2 1.3 3 

SO4 (g/l) 0.04 1.3 0.7 1.1 1.8 4 

 

Leaching of Cr increased significantly in both upgraded residues compared to the raw residues. 
This suggests a shift from Cr (III) to Cr (VI), the latter which is more mobile at alkaline 
conditions. Cr leaching in the coal residue also exceeded the values of category 3. Thus, 
according to the Category 3 guidelines none of the residues comply with the values regarding 
leaching. However, at the final pH of the ED treated compared to the untreated (Table 1), the 
difference in leaching could not be equally reduced just by pH alone, which could be seen from 
pH-dependent leaching experiments by Kirkelund et al. [6] for the same raw and carb APC 
residues. Gao et al. [26] found higher leached concentrations in waterwashed fly ash than was 
seen here for the EDUcarb, both samples which were similar in pH. This shows that the 
electrodialytic treatment is beneficial for reducing the leachability of heavy metals. Leaching 
behaviour of electrodialytically treated harbour sediments showed similar pH dependent 
leaching patterns before and after electrodialytic treatment, even if up to 95 % of heavy metals 
were removed, despite matrix changes of the sediment and a significant change of pH due to 
electrodialytic treatment [27]. Thus, further changes in the pH of the electrodialytic treated APC 
residues could change the leaching properties. 

Scanning electron microscopy analysis (SEM) of the coal, raw, carb and EDU APC residues 
showed different morphology. Typical SEM images of the APC residues are shown in Fig. 2. 
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Figure 2 – SEM images of the APC residues, a) coal, b) raw, c) carb, d) EDU, e) EDUcarb 
 
In the coal APC residue (Fig. 2 a) the typical spherical fly ash particles dominated. This finding 
was also seen by e.g. Brown et al. [28] who also showed that the elemental composition of the 
fly ash particles is dependent on coal feed and incineration temperature. The raw and the 
carbonated APC residue both consisted of particles of different sizes; however, agglomerates 
dominated the samples. The elemental mapping by SEM/EDX (results not shown) showed that 
the major constituents found in the raw and carbonized APC residue were O, Cl and Ca; while 
Ca, O and S were most abundant in the ED treated residues, which was also seen by the XRF 
analysis. The only distinct element overlap was seen in the raw and carb sample, by Na and K 
together with Cl. No clear overlapping patterns were found for heavy metal speciation. Fig. 2 b) 
shows a more granular and porous surface of the raw sample, with what looked like salts 

e 

d 

b 

c 

a 
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between the grains, which changed to a more crystalline and less porous surface of the 
carbonated sample (Fig. 2 c). A similar change was also observed by Jiang et al. [29], where the 
crystallinity was caused by reaction products from the carbonization reaction. Both the raw and 
carbonized APC residue changed when electrodialytically upgraded. The EDU residues lost 
some of the granularly and crystalline appearances, which could be due to the removal of 
soluble salts.  

The XRD diffractograms are seen in Fig. 3. from where the major crystalline phases in the 
different APC residues are specified based on interpretation.  

Figure 3 – XRD diffractograms with main minerals. M-mullite, Q-quartz, L-lime, R-richterite, P-
portlandite, A-anhydrite, S-sylvite, C-calcite, H-hallite, E-ettringite, G-gypsum  
 

The diffractograms for the MSWI residues were nosiy due to the complex mineralogy and 
heterogeneity of the samples. The main minerals in the coal residue were identified as quartz, 
lime and mullite, which are typical minerals in coal fly ashes [28]. The main mineral compounds 
in the raw and carbonated residues were sylvite (KCl) and halite (NaCl) which were not 
identified in the ED upgraded residues. Contrarily to the coal APC residue, CaO was not 
identified as a Ca mineral in the MSWI residues, which was also expected as the acid gas 
treatment typically results in calcium carbonates, chlorides, hydroxides or sulphates. Thus, Ca 
minerals such as CaCO3, CaSO4, Ca(OH)2 and CaSO4·H2O were identified. Calcite (CaCO3) 
and anhydrite (CaSO4) were present in all the four MSWI residues, portlandite (Ca(OH)2) was 
present only in the non-carbonized residues, and gypsum (CaSO4·H2O) only in the EDU treated 
residues. The peaks for calcite had higher counts in the ED upgraded residues which indicate 
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that carbonate was not dissolved during ED treatment. A further carbonation of the residue 
during ED treatment is also possible, which would produce more calcite. Also, the total Ca 
content was at similar level in the ED upgraded residues compared to the untreated. Richerite 
(Na(CaNa)Mg5Si8O22(OH)2) was most likely present in the raw and carbonated residues, but 
was not seen in the ED upgraded. Indications of formation of ettringite (Ca6Al2(SO4)3·26H2O) 
were seen after ED treatment and ettringite has been shown to effectively immobilize oxyanions 
such as Cr (VI) [30]. However, Cr was not stabilised by the ED treatment as the Cr leaching was 
higher in the residue after ED. This may suggest that ettringite could not immobilize Cr as seen 
by the other authors.  

In the ED upgraded residues it was clearly seen that the soluble KCl and NaCl salts were 
removed by the ED process, which was also seen in another study where MSWI fly ash was 
investigated by XRD after EDR [31] and also corresponds with the reduced leaching. The final 
obtained Cl concentrations in the ED treated residues were lower (0.3 – 0.5 %) than what has 
been reported for simply washing MSWI fly ash by water (1.3 – 1.8 %) [26, 32]. Thus, ED 
treatment enhanced removal of chloride from MSWI APC residues compared to washing.  

Water solubility of up to 20 % of the electrodialytically treated APC residue was seen, despite 
the significant removal of soluble minerals such as sylvite and halite. On the other hand, 11 % of 
the coal fly ash was also soluble. This suggests that there could be soluble phases also in the 
amorphous phase of the fly ash and APC residues, which could not be determined by the 
SEM/EDX.  
 
 
3.3 Mortars 
 
Compressive strength, heat development and workability 
All the mortars containing APC residue exhibited lower compressive strength than the reference 
mortar (Table 3). 
 
Table 3 – Compressive strength and slump test of mortars. 

Mortar sample 
Compressive strength (MPa) Slump (mm) 

7 days 28 days 32 days 56 days  

Mref 35 ± 1 45 ± 3  56 ± 1 12.0 

Mcoal 29 ± 2 42 ± 2  44 ± 2  

Mraw 27 ± 2  41 ± 0 41 ± 10 11.0 

Mcarb 27 ± 1 26 ± 0    

MEDU 34 ± 1  40 ± 2 45 ± 1 7.5 

MEDUcarb 31 ± 5 41 ± 6   4.5 

 
The results showed a larger strength increase from 32 to 56 days for the reference mortar, but 
limited strength change for the mortars containing carb and EDUcarb residue. The compressive 
strength for the mortars with EDU, EDUcarb and coal residue were similar during the whole 
period and only slightly higher than the compressive strength of the mortar with raw residue. 
The only mortar which showed significantly lower strength after 28 days was the Mcarb mortar.  
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During the mortar mixing, it was observed that the workability decreased when MSWI APC was 
added. These observations were also confirmed by the slump test, see results in Table 3. The 
decrease in workability is most likely linked to the porosity of the APC residues, as was also 
observed to be higher in the MSWI residues than in the coal residue in the SEM analysis (Fig. 
2). Porous particles will adsorb water in the mortar mix and reduce the workability, which 
should be compensated for by adding water or superplasticizer [28]. The workability of the 
mortar pastes increased when adding coal residue to the paste compared to the reference mortar 
paste without APC residues. Other factors than porosity influencing the workability could be the 
particle size, shape and surface characteristics. The circular shape of the coal APC residue was 
significantly different than the granular shape of the MSWI residues. The EDU residue showed 
higher workability than the EDUcarb residue, which also appeared more porous (Fig. 2d).  
 
Metallic Al and sulphate in MSWI APC residue is regarded as important factors to lower 
compressive strengths when added in mortars due to crack formation [15]. However, the 
compressive strengths in this study are similar to what has been observed in other studies [10, 
14, 15]. Contrary to Geiker et al. [14] no visible crack formation was observed in the mortars in 
this study. To make a contribution to reducing the CO2 emissions from the concrete industry, it 
is necessary that the residues are substituting the cement and not the aggregate, even if 
aggregate substitution has shown better compressive strengths compared to reference, for 
untreated MSWI fly ash (e.g. [10]).  
 
 
The heat development of the mortars is illustrated in Fig. 4.  
 

 

Figure 4 – Adiabatic heat development in mortars with and without fly ash and APC residues 

 
The initial hydration was delayed in the mortars containing APC residue compared to the 
reference, but the highest heat acceleration period for all mortars occurred within the first days. 
The cumulative heat development measured within the first seven days was higher for all the 
mortars containing APC, which indicates that the APC either acted pozzolanic or induced a 
possible filler effect.  
 

0 

50 

100 

150 

200 

250 

300 

350 

0  1  2  3  4  5  6  7  

H
ea

t d
ev

el
op

m
en

t (
kJ

/k
g 

ce
m

en
t)

 

Time (day) 

Reference 

Coal 

Raw 

EDU 

EDUcarb 



12 
 

The initial setting times were found from the heat development curves, as the time where the 
extension of the linear part of the curve in acceleration period crosses the abscissa and found to 
be: reference (3 h); coal (3 – 4 h); raw (9 h), EDU (13 h) and EDUcarb (18 – 19 h). The initial 
setting times were delayed when adding APC residue to the mortar, however to a lesser extent 
than a similar study with MSWI APC residue from a wet process [14]. This indicates a 
dependence on the composition of the APC residue. Taylor [33] claims that salts of Pb and Zn 
as well as phosphates can cause hydration retardation. Soluble Zn can be a hydration retarder 
because it can form amorphous layers on cement grains and Pb has been observed to coat 
cement grains and precipitate on silicate surfaces [34]. It was seen that the observed setting 
times increased with increasing total Zn and Pb content. However, for the MSWI APC residues, 
the raw APC residue with the highest leachable amount of Zn showed the shortest delay of the 
two, which suggests that the formation of Zn(OH)2 is not the controlling mechanism. Addition 
of Cl to mortars can act as an accelerator or retarder depending on the concentration for the 
initial hydration and according to Brough et al. [35] as an accelerator at concentrations below 4 
%. Here, the contrary occurred; adding the upgraded MSWI APC residue with a low Cl content 
(0.4 – 0.7 %) retarded hydration compared to the raw MSWI APC residue with high Cl content 
(24 %). At present the combined effect of soluble components on the setting time is not well 
described. 
 
Leaching from mortars 
Leaching from mortars cured for 28/32 days are shown in Table 4. For most elements leaching 
from the crushed samples was higher than from the monolithic, except for Ca and Na. 
Substitution of cement by APC residues did not significantly increase metal leaching. The 
Danish legislation for the maximum leaching concentrations for disposing inert waste [36] is 
also seen in Table 4. 
 
Table 4 – Element leaching (µg/l) from mortars cured for 281/322 days. A-Mref, B-Mcoal, C-Mraw, D-
Mcarb, E-MEDU, F-MEDUcarb 
Element Crushed Monolithic Inert 

waste  A1 B1 C2 D1 E2 F1 A1 B1 C2 D1 E2 F1 

pH 12.6 12.6 12.6 12.6 12.5 12.6 12.6 12.6 12.5 12.5 12.5 12.5  

Al 195 241 311 65 91 142 148 261 250 194 459 187 - 

As 5 5 9 6 <5 <5 <5 14 11 <5 <5 6 50 

Ba 1,700 2,100 900 4,900 500 3,100 1000 1,100 600 2,600 400 1,600 3500 

Cd <5 <5 <5 <5 <5 <5 <5 <5 <5 <5 <5 <5 15 

Cr 28 18 20 6 41 14 33 21 17 7 31 12 100 

Cu 16 13 28 <5 27 12 22 14 12 10 18 6 450 

Mn <5 <5 <5 <5 <5 <5 <5 12 <5 17 <10 6 - 

Ni 7 7 <5 14 9 7 6 <5 <5 7 7 10 100 

Pb 58 53 159 92 69 209 58 49 90 59 76 128 100 

Zn 38 46 101 55 44 153 26 37 155 34 65 76 1000 

Ca(mg/l) 750 690 1,370 1,184 747 753 701 716 978 1,111 734 775 - 

Na(mg/l) 97 11 134 201 42 136 48 48 95 121 37 45 - 

Cl (mg/l) 23 25 1,484 1,216 66 26 26 21 948 744 49 11 275 

SO4(mg/l) 18 11 52 7 60 5 3 3 47 5 57 6 280 
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Only four mortar samples exceeded the threshold values for heavy metals. This indicates that the 
heavy metals are incorporated in the mortar matrix with time or water soluble metals are 
released during curing. The EDUcarb residue showed the highest leaching from the mortar 
compared to the initial amount available for leaching from the residue, which is most likely due 
to the increased pH in the mortar that changes the heavy metal leachability. Comparing the 
MEDU and MEDUcarb to the Mcoal samples, similar leaching levels were observed, even 
though the total concentration of Pb and Zn in the EDU samples was a factor 100 and 1000 
higher respectively.  
 
The pH in the mortar was generally higher than in the residues and at a level where the heavy 
metals are expected to be stable in the matrix [7]. The slight increase in Cr leaching in the 
upgraded residues (Table 2) suggests a shift from Cr (III) to Cr (VI) during ED treatment. 
Higher Cr leaching was also seen from the mortars with upgraded residues compared to raw, 
which was also seen in the leaching of the APC residues alone. When comparing the amount of 
leached heavy metals from the APC residues to the amount leached from the mortars, it can be 
seen that the mortars generally incorporates the heavy metals. This also includes Cr, where 14 
and 1 % of the total leachable Cr in the APC residues is leached from the mortars containing 
EDU and EDUcarb, respectively. Cr leaching was high in the reference mortar, which has also 
been seen in other studies [10, 15]. The Cr leaching from mortars containing EDU samples were 
lower than leaching from the reference and coal mortar. This is an improvement to what was 
seen by Aubert et al. [15] where a higher Cr leaching was seen from mortars with MSWI fly ash 
compared to a reference sample and also exceeded the limits for inert waste disposal. A study 
where concrete samples containing fly ash with a higher Cr content than cement were 
carbonated, did not show increased leaching of Cr compared to reference samples [37]. 
Contrarily, the same concretes with fly ash subjected to NaCl and Na2SO4 solutions increased Cr 
leaching compared to reference concrete.  
 
This suggests that the choice of final application for concrete containing waste incineration 
residues should be carefully considered. As MSWI APC residue is considered hazardous waste 
in most countries, direct reuse will probably not be allowed, so even if the metal leaching from 
the mortars with untreated and upgraded residue were similar, this would probably not be an 
argument that would promote reuse of untreated APC residue. Most importantly, the total Cl 
concentration and the Cl leaching decreased significantly when introducing electrodialytic 
upgrading. Regarding long term leaching of metals it would be expected that in mortar samples 
containing untreated residue the leaching would increase due to the higher water solubility of 
the residue. 
 
 
4. CONCLUSION 
 
Two electrodialytically (ED) treated MSWI APC residues were evaluated for use in mortar as 
Portland cement replacement, i.e. a potential alternative use of these residues compared to 
disposal in hazardous waste disposal sites. One of the residues was carbonated followed by 
electrodialytic treatment. The carbonated ED treated residue shows lower leaching of heavy 
metals compared to the only ED treated residue before use in mortar. However, when the 
carbonated ED treated residue is incorporated in mortar, the heavy metal leaching increases due 
to a higher pH in the mortar than in the residue itself. The heavy metal leaching from the 
mortars with ED treated MSWI APC residues is similar to reference mortar without added APC 
residue. Mortars with ED treated residues show similar compressive strengths compared to 
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mortars with coal fly ash, where the compressive strengths are up to 45 MPa, but lower than the 
reference mortar. The initial setting times are delayed with up to 16 hours in mortar with ED 
treated residues compared to reference mortar and the workability also decreases in these 
mortars, which should be considered for application of such mortar. The high salt content 
suggests that the ED treated MSWI APC residues are most applicable to unreinforced concrete.  
 
From an environmental and mechanical point of view, electrodialytic upgrading has potential as 
a pre-treatment method prior to reuse of APC residue. Carbonation of the APC residue prior to 
ED does not improve the quality of the residue neither for technical nor environmental 
performance in mortar. There seems to be a potential for using electrodialytically upgraded APC 
residue in mortar, however, long term leaching and the durability should be investigated further.  
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 ABSTRACT 
 
Steel fibre reinforced self-compacting concrete is a promising 
construction material. One of the features of the concrete is the 
fact that the immersed steel fibres orient under the flow of the 
concrete. The fibre orientation can be represented by the fibre 
orientation factor. Different approaches exist to link the fibre 
orientation factor with the mechanical response of the structure. 
In this article, we show two different existing approaches that 
link the fibre orientation factor with the residual tensile strength 
of the material. We propose an alternative relation. The 
proposed relation is compared to the existing solutions and 
validated by experimental results obtained from casting of a slab 
made of the steel fibre reinforced self-compacting concrete. 
 

 Key words: Steel fibre, fibre orientation, orientation factor, 
SFRC, SFRSCC 
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1. INTRODUCTION 
 
Steel fibre reinforced self-compacting concrete is a material composed of steel fibres immersed 
in the self-compacting concrete. During the casting process, the self-compacting concrete flows 
and fills the formwork without the need of vibration or any other type of agitation. The 
immersed steel fibres together with the ability of the concrete to flow then bring new challenges 
and possibilities into the design process of the material. 
 
Fibres immersed in the self-compacting concrete orient according to the flow of the material. 
This has been observed by many researchers, e.g. [1, 2]. Martinie and Roussel [3] describe the 
various origins of the fibre orientation. A range of analytical, empirical, experimental and 
numerical techniques exists that aim to obtain the fibre orientation in the material [4–7]. The 
fibre orientation is often represented by the fibre orientation factor [8–10] 
 
       

    
   (1) 

 
where          and    stand for the number of fibres at the cut plane, cross-sectional area of 
one fibre, fibre volume fraction and the area of the cut plane, respectively. 
 
Fibre orientation can have a significant impact on the resulting mechanical behaviour of the 
steel fibre reinforced self-compacting concrete. The impact of the fibre orientation on the 
mechanical response is a very complex topic dealing with parameters such as fibre pull-out 
curve, fibre inclination, fibre embedment length, fibre type, fibre shape and concrete type. A 
range of analytical, empirical and numerical techniques exists that put all these parameters 
together in order to describe the overall mechanical response of the material [11–13]. 
 
Stang et al. [14] suggest a linear relation between the fibre orientation factor and the residual 
tensile strength of the material of the following shape 
 
                        (2) 
 
where        ,      and         stand for the mechanical strength of the material in the given point 
of the structure, the referential strength of the material and the fibre orientation factor in the 
given point of the structure, respectively. The referential strength,     , is commonly defined 
experimentally, e.g. by the three point bending test. The presented linear relation assumes zero 
strength of the material for fibre orientation factor equal to zero. 
 
Kanstad et al. [15] and Thorenfeldt [16] introduced a linear relation of the following shape 
 
                              (3) 
 
The presented linear relation assumes zero strength of the material for fibre orientation factor 
below the value of 0.25. 
 
 
 
 
 
 



19 
 

 

 
2. MATERIAL AND METHODS 
 
2.1 Proposed approach 
 
We propose an alternative relation to Stang et al. and Kanstad et al. linking the fibre orientation 
factor with the mechanical strength of the material in the following shape 
 
                           

 
              (4) 

 
The proposed relation was deduced in the following manner. The mechanical strength of the 
material at a given point of structure and normal to a given fracture plane can be estimated as 
 
                            , (5) 
 
where                 stands for the average of the fibre pull-out strengths at the given fracture plane and 
at a given crack opening displacement. The value of    stands for the number of fibres at the 
given fracture plane. Equation (1) can be used to replace the number of fibres,   , by the fibre 
orientation factor,  , as 
 
                                                  

                    , (6) 

 
where    is in this context a constant. The average of the fibre pull-out strengths,                , is 
assumed to be primarily defined by the average fibre inclination,  , at the given fracture plane. 
When a fibre is parallel to the fracture plane the pull-out strength diminishes. When the fibre is 
close to normal to the fracture plane, the pull-out strength reaches its maximum. A linear 
relation between the fibre orientation factor and the average fibre inclination at the fracture 
plane,    

  , was assumed. The fibre orientation factors         then correspond to the 
average fibre inclinations of           . Finally, we assumed that the function linking the 
average pull-out strength with the average fibre inclination has a sinus form,                          . 
This corresponds to the state where only the projection of the fibre normal to the fracture plane 
is active in the pull-out process. The average of the fibre pull-out strengths is then 
 
                        

 
    , (7) 

 
where    is in this context a constant. The total mechanical strength of the fibre reinforced self-
compacting concrete at the given fracture plane is then computed as 
 
                                     

 
              

 
    , (8) 

 
where      is the constant coefficient to be determined experimentally. 
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Figure 1 compares the three presented relations linking the mechanical strength of the material 
with the fibre orientation factor. Figure 1 left shows the three relations with common point of 
[0.6, 0.45] whereas Figure 1 right highlights the three relations with the common point of [1, 1]. 
 

 
Figure 1 – Comparison of the three proposed relations linking orientation factor with the 
mechanical response of the material. Left: Common point p = [0.6, 0.45]. Right: Common point 
p = [1, 1]. 
 
2.2 Experiment – slab 
 
An experiment was performed to show performance of the individual presented relations. A slab 
of dimensions 1.6 × 1.6 × 0.15 m was cast with steel fibre reinforced self-compacting concrete 
[7]. The casting process was performed from a rubber circular inlet positioned at a distance of 
0.3 m from one of the corners of the slab (Figure 2). The point of discharge was located 0.3 m 
above the bottom of the slab. The casting was performed into a smooth oiled glue-laminated 
plywood formwork. 
 
Density of the fibre reinforced self-compacting concrete was approximately 2300 kg/m3. Plastic 
viscosity and yield stress of the suspension were measured using 4C Rheometer [17]. The 
averaged resulting values at the time of casting were 45 Pa and 75 Pa·s for the yield stress and 
for the plastic viscosity, respectively. 
 

 
 
Figure 2 – Layout of the slab casting. Blue cylinder denotes the inlet whereas the orange box 
denotes the formwork. 
 
Hooked end steel fibres (Bekaert Dramix RL 80/60 BN) were added to the concrete during the 
mixing process. The fibre volume ratio was 0.5%, corresponding to approximately 40 kg/m3. 
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The fibre length and the fibre diameter were 60 mm and 0.75 mm, respectively. Density of the 
steel fibres was 7850 kg/m3. 
 
After the casting, the slab was left to harden for a period of 28 days. The slab was subsequently 
cut into 24 beam specimens of dimensions 150 × 150 × 550 mm (Figure 3 left). The beam 
specimens were cut to provide a notch at mid-span and tested in the three-point bending 
according to EN 14651 to obtain the mechanical response in flexure (Figure 3 right). 
 
The three-point bending tests resulted in a series of curves relating loading forces, F, [kN] to 
crack mouth opening displacements, CMOD [mm]. The forces, F, were recomputed into 
flexural stresses,  , as: 
 
      

           (9) 
 
where       and   stand for the beam length (= 550 mm), beam depth (= 150 mm), beam height 
(= 150 mm) and notch depth (= 25 mm), respectively. 
 

      
 
Figure 3 – Left: The slab saw cut into 24 beam specimens. Right: Three-point bending test. 
 
The tested beam specimens were then cut into two pieces. The cut was performed in the vicinity 
of the fracture plane. The created cut planes were polished and the number of fibres visible at 
each plane was manually counted (Figure 4). The fibre orientation factor, α, was computed for 
each beam of the slab from the number of fibres visible at each cut plane. 
 

 
 
Figure 4 – Manual counting of the number of fibres at the given plane. a) A typical cut plane. b) 
Counting process. c) Resulting scanned image. 
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2.3 Numerical simulation 
 
The presented experimental slab casting was simulated using a numerical framework of flow 
introduced by Svec et al. [18]. The numerical framework is capable of simulating a free surface 
flow of non-Newtonian fluid with immersed solid particles of an arbitrary shape. An interaction 
model was implemented to allow for two-way communication between the solid particles and 
the surrounding fluid. The solid particles are capable of colliding among each other and with the 
surrounding obstacles such as formwork, reinforcement or aggregates. The numerical 
framework is devoid of any non-physical input parameters. 
 
The numerical simulation was run with the same physical input parameters, such as fluid 
density, viscosity, fibre type etc., as presented in Section 2.2. The self-compacting concrete was 
modelled as a free surface flow of homogeneous Bingham plastic fluid. The immersed steel 
fibres were modelled explicitly one by one as thin rigid cylinders. The immersed aggregates 
were modelled implicitly as a part of the fluid since an explicit representation of the aggregates 
would increase the computational demands significantly. Boundary conditions representing the 
smooth oiled glue-laminated plywood formwork was modelled as Navier’s slip boundary 
condition [19]. The value of the Navier’s slip length was set to 50 mm. 
 

       
 
Figure 5– 3D view of an intermediate step of the numerical simulation. Left: Fluid part. Right: 
Fibres immersed in the concrete. 
 
Figure 5 presents a 3D view of an intermediate step of the numerical simulation. The figure at 
the left depicts the self-compacting concrete modelled as the free surface flow of the 
homogeneous Bingham plastic fluid. The figure at the right depicts the corresponding steel 
fibres immersed in the concrete. 
 
3. RESULTS 
 
3.1 Experiment – slab 
 
Series of curves of all the beam specimens tested in the three-point bending and relating flexural 
stresses to crack mouth opening displacements are presented in Figure 6. The figure indicates a 
large variation of the curves among the individual beam specimens ranging from softening 
curves where the effect of fibres is relatively low to hardening curves where the effect of fibres 
is substantial. 
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Figure 6 – A series of curves relating flexural stresses to the crack mouth opening 
displacements for the individual beam specimens. 
 
Figure 7 indicates flexural stresses at three different crack mouth opening displacements CMOD 
= 0.5, 1.5, 2.5 mm as a function of the orientation factor, α. Black circular marks denote the 
experimentally obtained results. The experimentally obtained flexural stresses were obtained by 
the three-point bending tests. The experimentally obtained orientation factors were obtained by 
the manual counting of the number of fibres at the fracture plane. Our proposed relation together 
with the two relations by Stang et al. and Kanstad et al. were fitted to the experimental data by 
maximizing the coefficient of determination, R2. 
 

 
Figure 7 – Flexural stresses at CMOD = 0.5, 1.5 and 2.5 mm as a function of the fibre 
orientation factor,  . 
 
Figure 7 shows a rather minor difference between our proposed relation and relation by Kanstad 
et al. The difference between the two relations can be primarily observed for low values of α < 
0.4. Coefficient of determination, R2, of the two relations oscillates above the value of 0.8. 
Relation proposed by Stang et al. on the other hand exhibits a slightly lower coefficient of 
determination oscillating around the value of 0.76. Accuracy of the individual proposed 
relations correlates with the complexity of the formulas. 
 
3.2 Numerical simulation 
 
At the end of the numerical simulation, position and orientation of each individual fibre was 
averaged into a set of orientation ellipses [7]. The orientation ellipses can be seen in Figure 8 as 
grey ellipses in the background. Fibre orientation factors were computed in planes normal to X, 
Y and Z direction. Each fibre orientation factor corresponds to the average of 50 fibre 
orientation factors obtained from sections equally spaced in a region of dimensions 200 × 200 × 
150 mm (X, Y, Z). The individual fibre orientation factors were subsequently recomputed into 
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the flexural stresses by Equation (4) where      was set to 7.7 MPa (black curve in Figure 7 
right). 
 

        
 
Figure 8 – Left: Fibre orientation factors normal to X (black numbers), Y (blue numbers) and Z 
(red numbers) direction. Right: Their respective flexural stresses [MPa] computed by the 
proposed relation.   
 
4. CONCLUSIONS 
 
This article presented two existing relations linking the fibre orientation factor with the 
mechanical response of the fibre reinforced self-compacting concrete. In this article, an 
alternative relation was proposed. The three relations were compared to the experimentally 
obtained data. All the three relations exhibited a relatively high accuracy in terms of the 
coefficient of determination. The highest accuracy was obtained by our newly proposed relation, 
tightly followed by the proposal by Kanstad et al. and subsequently followed by the relation 
proposed by Stang et al. Accuracy of the individual proposed relations correlates with the 
complexity of the individual formulas. 
 
This article further showed that at least for this particular case and material the complex field of 
fracture mechanics can be avoided and replaced by a simplified linear relation. Once the 
referential strength of the particular fibre reinforced self-compacting concrete,     , is known, 
the knowledge of the fibre orientation factor is satisfactory for estimating the mechanical 
response of the material in a structure. We have shown that the fibre orientation factors can be 
easily obtained in all position and directions of the structure by the numerical simulations of 
flow. This gives a huge potential in a relatively fast and cheap design process of structures made 
of the fibre reinforced self-compacting concrete. 
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ABSTRACT 

The matrix instability affects the robustness and the total bleeding of 
the concrete remarkably. This paper focuses on the fundamental 
research of the stability of cement paste. Particle sedimentation and 
low yield stress of the fluid cause instability of cement paste in the 
form of particle segregation and bleeding. The origin of the problem is 
the density differences between the different phases, and thus 100 % 
effective solutions to stable SCC, which are usually attempted by 
adding powder and/or Viscosity Modifying Admixtures (VMA), are 
hard to achieve. A sensitive HYdroStatic Pressure Test (HYSPT) was 
developed at the concrete laboratory of NTNU to detect the density 
differences over time and depth in fresh cement paste due to 
sedimentation and bleeding. Based on review and analyzing the dp/dt 
plots from HYSPT, a conceptual model for progress of segregation was 
proposed. It was validated by parallel experiments such as bleeding and 
in situ solid fraction measurements that HYSPT can be applied to 
evaluate the sedimentation process and the flocculation state of paste or 
matrix. Furthermore, the sedimentation rate by HYSPT measurements 
was found to coincide with bleeding measurements and estimates from 
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the Kozeny-Carman equation.  By use of HYSPT the stabilizing effect 
of various powders and admixtures can be analyzed and compared. 
Four different bleeding values were obtained for each of two different 
pastes with w/c = 0.50 and 0.60. The flow values were based on visual 
bleeding measurements, HYSPT, laser (TurbidScan) and the Kozeny-
Carman Equation, respectively showing consistent rankings. However, 
the bleeding rate from TurbiScan was lower since this “front” was 
defined as completely clear liquid, whereas visual bleeding and 
HYSPT rely on both clear and turbid layers. Therefore, HYSPT helps 
to understand the basic mechanism of the stability and can be looked 
upon as a good tool to study the stability of cement paste and the effect 
of different materials, such as chemical admixtures and powder 
additives, on stability.   
 
Key words: stability, sedimentation, bleeding, hydrostatic pressure 
 

1.  INTRODUCTION  

Self-compacting concrete (SCC) has been described as one of the most innovative developments 
in the field of concrete technology for its reduced construction costs and improved working 
environment [1]. Unfortunately, SCC cast in-situ in Norway has stagnated at a very low market 
share. One of the main reasons is probably the low stability and robustness against fluctuations 
in the concrete production [2]. The origin of the problem is the density difference between the 
particles and the fluid phase. Consequently, 100 % effective solutions to stable SCC, which are 
usually attempted by adding powder and/or Viscosity Modifying Admixtures (VMA), are hard 
to achieve. Particularly for SCC, in order to obtain the high fluidity, the lower yield stress, 
higher dosage of water reducer and/or higher matrix volume than in the ordinary concrete can 
lead to the problem of instability. This is one of the major challenges facing full scale use of 
Self-Compacting Concrete (SCC) on site. Mørtsell et al. [3] simplified concrete into a two-phase 
material with the particle-matrix model. This assumes aggregates >125 μm to be in the 
suspended particle phase while all liquids and particles ≤125 μm are in the matrix phase. 
Accordingly the instability of concrete can generally be looked upon as coarse aggregate 
segregation within the matrix as well as the bleeding. However, as a multi-phase material, the 
filler modified cement paste itself also experiences instability as a particle sedimentation process 
before setting. The stability of the cement matrix also affects the segregation of the coarse 
aggregates, and influences the total bleeding and inhomogeneity of the hardened concrete. The 
investigation on the stability of cement paste thus helps to understand the concrete stability.  
This investigation is also important to ensure the quality of injectable cement grouts which are 
of great use in many construction domains such as pre-stressed cable coating, repair and 
consolidation of masonry, soil grouting etc. The instability of cement paste is a result of particle 
sedimentation and is mainly affected by the solid fraction, the fresh properties of the fluid phase, 
various particle sizes, the mineralogy of the powders, the flocculation between particles and 
density differences between the particles and the fluid. The sedimentation of cement paste is 
more complicate than that of the suspensions with inert particles because of the reaction 
between the particles and the fluid phase. It results in structural build-up, chemical shrinkage 
and bleeding water re-suction etc.   
 
Some investigations have been performed on the relationship between fresh properties and 
stability of cement paste. Perrot et al. [4] focused on a potential correlation between yield stress 
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and bleeding of cement paste. It was concluded that for most cementitious materials in the 
industry, a percolated network of interacting particles appears within the suspension which is 
affected by solid volume fraction and polymer surface coverage for a given polymer. However, 
the consequences of cement hydration were neglected in this study.  Kwan et al. [5] studied the 
effect of superplasticizer (SP) on the cohesiveness of cement paste by sieve segregation 
measurements, but there is still no generally adopted acceptance criterion for the sieve 
segregation index (SSI). In this research Kwan suggested a combined evaluation by observing 
the bleeding water along the edge of the cement paste after the mini slump cone test.  A bigger 
range of research has also been focused on the development of test methods for bleeding 
measurements. Schokker et al. [6] estimated the bleeding resistance of the grout by using a 
pressure filter test. Josserand and de Larrard [7] developed the bleeding water collecting method 
by making tracks on the surface of the sample; however, this is hard to carry out for the paste of 
SCC due to the soft surface. It was also suggested to put a stainless steel sphere and a pre-
humidified filter paper on the sample surface to collect the bleeding water, but no available data 
have yet showed the repeatability and the accuracy. Sawaide and Iketani [8] designed the 
bleeding apparatus, but it was found by Kaplan [9] that water bubbles may be trapped in the 
apparatus, which affects the measured bleeding volume and thus the accuracy of the method. 
There are also several standardized methods for bleeding measurements such as a Swedish test 
(Swedish standard B5 6.3310 [10]) and an ASTM method C243-95 [11] (withdrawn 2001 
without replacement). Most of these methods can hardly be applied to the cement paste of SCC, 
with fine mineral fillers and high dosages of chemical admixtures such as SP. The main reason 
is the difficulty to collect clear bleeding water due to the existence of turbid bleeding and the 
transit layer as investigated in our previous research [12]. It was also found that the classic term 
“bleeding” seems not always to describe stability of cement paste well because the 
inhomogeneity of the remaining cement paste is not taken into account. Therefore, particle 
sedimentation and the consequent bleeding should both be studied when looking into the 
stability of fresh cement paste. Rosquoët et al. [13] studied the particle sedimentation process 
with density measurements from top to bottom of the paste samples by using γ-rays from a 
radioactive source.  Chen et al. [14] used the Turbiscan test more recently to investigate the 
stability of premixed injectable cement paste. The particle sedimentation process can be 
investigated with a lot of test methods. The radiation scanning methods as mentioned above 
have been broadly used, but normally professional equipment is needed. Furthermore, there are 
size resolution problems in the application of micro Computer Tomography for filler 
characterization.  Therefore, research still needs to be applied in paste and matrix stability 
studies [15].  More direct methods including density and in situ volume fraction measurements 
were also tried [16]. However, it was found that the in situ sampling was more difficult for 
cement paste with low w/c ratio, especially after a period of sedimentation. In addition, during 
in situ sampling it is hard not to disturb the fresh sample. Therefore, some physical properties 
such as electric conductivity or pressure measurements were recommended by Williams [17] to 
be better ways to investigate the particle sedimentation of suspensions.  
 
Hydrostatic pressure measurements were applied very early by Steinour [18] in 1944 to study 
the spherical particle sedimentation for developing a better understanding of the settling of fresh 
Portland cement paste. The phenomenon of sedimentation was just commonly looked on as 
“bleeding” for the old cement paste without chemical admixtures and other mineral additives. 
However, he only investigated solid volume fraction and the particle size effect on the settling 
of uniform pearl tapioca spheres within a diluted non-flocculated suspension. The interaction 
and reaction between particles were not considered. Mori et al. [19] characterized the 
flocculation degree of dense slurry by hydrostatic pressure measurements. The ratio of apparent 
weight flux of the depositing particles to that of the settling particles was introduced to discuss 
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the relationship between the results obtained from hydrostatic pressure measurement and the 
final packing fraction of the sediment. To our knowledge so far, time-dependent hydrostatic 
pressure measurements was first used by Roffle [20, 21] who studied the settlement of the 
hydrating cement suspensions. The pressure detection methods were also used to evaluate 
plastic shrinkage up to the hardening period by Wittmann [22] and Hammer et al. [23]. A 
similar method was developed by Radocea [24, 25] to investigate the bleeding of cement paste, 
although with simultaneous evaporation. Amziane [26] applied hydraulic pressure 
measurements to determine the setting time of pressurized fresh cementitious materials and to 
evaluate formwork pressure.  
 
In this research, the HYdroStatic Pressure Test (HYSPT) was developed to study particle 
sedimentation and bleeding of normal cement paste with high solid volume fraction varying 
from 0.33-0.46 (corresponding to w/c=0.4-0.7). However, the HYSPT setup is different from the 
above measurements which was discussed in [16] from two aspects. Firstly, the experiments 
only deal with the pressure variations during the early fresh state eliminating the influence of 
evaporation instead of over longer periods such as 10 hours in [23, 24, 25, 26]. According to our 
previous research [16], the detected pressure change is mainly governed by the particle 
sedimentation for normal cement paste before set. The influence of early hydration of the 
cement, structural build-up and chemical shrinkage is limited and cannot overshadow the big 
pressure change induced by the particle movement. In addition, commercial pressure sensors for 
industrial applications with high accuracy and compensation for atmospheric pressure variations 
were applied in this test setup, so that a pure hydrostatic pressure was determined. The 
applicability and repeatability were also discussed in [16] by comparing some parallel tests such 
as in situ volume fraction measurements and bleeding tests. Then further experimental study by 
this method [12] were carried out to investigate the materials effect such as SP, filler and VMA 
on sedimentation and bleeding process of cement paste. This paper introduces this test method, 
summarizes its application and proposes further research with this method.   
 

2.  MEASUREMENT METHOD AND MATERIALS 

2.1.  HYdroStatic Pressure Test (HYSPT) 

The schematic diagram of the hydrostatic pressure test setup with data acquisition system is 
shown in Fig. 1 and a photo for this system is shown in Fig. 2. Two pressure sensors are 
connected to one end of each glass siphon. The pilot tests on air-free water confirmed the 
detection accuracy of both pressure sensors (Endress+Hauser Cerabar-S PMC71) used at 
different levels to be ±0.75 Pa as presented in the product manual [27]. The atmospheric 
pressure variation is automatically compensated in the output hydrostatic pressure, and thus a 
pure hydrostatic pressure signal is produced. The sensors are connected to an electronic 
controller which monitors the sensor and transfers the data to the computer. The top valve on 
each siphon is for fluid filling and another valve connects to the end of the pipe that goes into 
the suspension via holes on the wall of a rigid plastic cylinder containing the paste sample. The 
plastic cylinder has a height of 25 cm, an inner diameter of 10 cm and 2 cm thick walls which 
can avoid deformation during tests. There are five holes on each opposite side of the plastic 
cylinder. Before filling the cement paste into the cylinder, the whole glass pipe is filled with air 
free water and the system is sealed. The sample is then mixed and poured into the cylinder to the 
designed height of 22 cm, and slightly shaken to evacuate air bubbles. The air-free water and 
paste sample are put into contact when opening the lower valve for each pressure detection 
system. At the same time, the long probe of the temperature sensor is placed into the mixture to 
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compensate the pressure change due to temperature fluctuation in the mixture. The cylinder is 
covered on the top to hinder evaporation. The pressure detection is performed in the laboratory 
condition (approx. 20°C and RH 60%) for around 4 h.  
 
HYSPT relies on the mainly restricted Stokesian settlement of particles causing changes in the 
solid fraction and thus the fresh density at a given height and time. After casting, the hindered 
particle settling occurs in the mixed homogenous cement paste due to the density differences 
between particle and fluid phases. HYSPT measures the instant pressures continuously exerted 
by the suspended particles and liquid above the designed test levels. Generally, the hydrostatic 
pressure at the given height of a homogeneous suspension can be calculated as the sum of the 
pressure due to the fluid and particles above the measurement position Pm=ρmgh, where ρm is the 
mixture density and h is the height of the suspension above the measurement level. Accordingly 
the density and thus the volume fraction of the suspension can be calculated by monitoring the 
hydrostatic pressure. As sedimentation process continues, the densities at the different levels of 
the suspension are not constant but increase from top to bottom, therefore different zones 
including homogeneous, various concentration and sediment zones appear. Hence, the above 
simple equation does not hold any longer. Finally a sediment cake forms at the bottom, all the 
particles are supported by the bottom of the container and therefore HYSPT can detect plateau 
pressures which indicate the liquid pressures above the test levels. However, the detected 
plateau pressures are shown to be not constant because of the compressing of the sediment cake. 
HYSPT investigates the materials effect on the particle sedimentation process by comparing the 
gradients of pressure curves dp/dt during hindered settling and studying the different time 
reaching the plateau.  The starting and finishing time of this plateau pressure respectively 
indicates the completion of the particle settling and setting of cement paste after long 
compressing process of the sediment cake. Therefore, the experimental study on the density 
variations in the suspension by HYSPT helps to develop the model of sedimentation and 
bleeding process, perceive the whole process of particle sedimentation and sediment cake 
compression, and thus improves the understanding of instability of cement paste due to particle 
sedimentation.  

 
Fig. 1: Hydrostatic pressure test set up for cement paste sedimentation measurement 
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Fig. 2: Hydrostatic pressure test pressure detection system 
 
A range of preliminary tests on limestone slurries and cement pastes have been done to validate 
the effect of the test set up on the pressure detection. Three different directions of the opening of 
the intruded glass pipe were investigated: vertically downwards and two horizontal 
measurements with two different pipe-end designs. It was found [28] that similar pressure 
changes were observed for all three directions for both limestone slurry and cement paste. 
Hence, no clear “stress redirection” [29] phenomenon occurs during the test period of HYSPT. 
The influence of the wall effect on pressure detection was also studied by setting the detection 
position either near the wall of the cylinder or to the centre of the sample. It seems [16] there is 
no wall effect even when setting the glass opening at 1cm to the wall of the cylinder. The 
previous research [16] also investigated the influence of the structural build-up, chemical 
shrinkage and water re-absorption on the pressure detection. It was found that these affect the 
pressure change in the magnitude of 100 Pa, which cannot overshadow the main effect of in the 
order of a thousand  Pa pressure drop at a depth of 10 - 20 cm as a result of particle settling 
during the fresh state of cement paste. In addition, the measurements on the same cement pastes 
show that HYSPT has a satisfactory repeatability [16] with 1% variation between the detected 
and the calculated initial pressure, see Fig. 3. 
 

 
Fig. 3: Repeatability tests for HYSPT for cement pastes with w/p=0.5 and 0.3% SP [16] 

2.2.  Materials 

A volume of 2 l cement paste or limestone slurry was prepared. The suspensions were made 
with a Hobart mixer with the following mixing procedure: the dry cement or limestone powder 
was mixed at low speed for 1 min; water and superplasticizer was added simultaneously and 
mixed for 2 min at lower speed 591 rpm; then changed to middle speed 1485 rpm, continued 
mixing for 1 min, waited for 5 min while using spatula and hand to check the dispersing status 
and reduce the agglomerates; at last the suspension was mixed at middle speed for 1 min. All 
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experiments started at around 10 min after water addition to cement. The polycarboxylate 
superplastisizer (SP) was added to the samples in Fig. 5 and Fig. 6 to investigate the influence of 
flocculation on sedimentation, see Table 1. The solid content of this PCE SP is 30% and the 
density is 1090 kg/m3; while lignosulfonate (LS) plasticizer was used for the samples in Table. 2 
to study the bleeding of cement paste.  Limestone powder (ρ=2780kg/m3) and fly ash cement, 
CEM-FA, with 20% fly ash (STD-FA CEM II/A-V ρ=2950kg/m3) are used for the samples in 
Fig. 5 to prepare the suspensions for HYSPT measurements; while Portland cement (STD-CEM 
I) was used for the samples in Fig. 6 and Table 2. The particle size distributions of the cements 
and limestone determined by laser diffraction with a Mastersizer2000 are shown in Fig. 4. It can 
be seen that the cement is finer than the limestone. The recipes of all the tested suspension are 
shown in Table 1. 
 

 

Fig. 4: The particle size distribution of the cement and the limestone powder 

Table 1: The recipes of all samples in the following figures with test results 

 

3.  HYSPT APPLICATION AND DISCUSSION 

The previous research [12, 16, 28] indicates that HYSPT measurements can be applied to 
investigate the sedimentation process, to assess the flocculation state of the suspensions and 
possibly also to calculate the bleeding rate.  
 
Fig. 5 gives an example of time dependent pressure changes as a result of sedimentation for 
limestone slurry and cement paste with constant solid volume fraction Φ=0.404 (corresponding 
to w/p=0.5 with fly ash cement). The left plot shows the bottom pressure changes and the right 
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plot shows pressure changes for the middle level. As particle sedimentation occurs, the pressure 
decreases due to less particles and thus lower average density for the suspension above the 
detection level. The sedimentation rates of the suspensions can be assessed with the pressure 
decreasing gradient dp/dt. It can be seen that the cement pastes and limestone slurries show 
similar pressure after reaching the plateau, except for the cement paste without SP (cem-no sp). 
It indicates that the sedimentation processes of cement paste and limestone slurry perform 
similarly in around 4 h of the test period. A bit lower pressure at the plateau for the cement paste 
is probably due to the extra pressure drop as a result of cement hydration, structural build-up, 
bleeding water re-suction etc. The terminal sinking velocity of a particle immersed in a yield 
stress fluid was reviewed by Roussel [30] based on the Stokes law and the Bingham model. It 
tells that the particle sinking velocity in a high-concentrated suspension is determined by the 
density difference of the particle and the fluid, the particle size, the fluid viscosity and the yield 
stress of the fluid.  The classical Richardson-Zaki Equation (R-Z), which explains the particle 
sinking velocity vp in a hindered system is also affected by the solid volume fraction of the 
suspension as shown in Eq. 1: 
                                                                                                                                (1) 
Where vt is the Stokes terminal sinking velocity of the particle in the laminar flow condition, Φ 
is the solid volume fraction, n is a coefficient depending on the particle Reynolds Number and 
will normally be 4.65. However, Fig. 5 shows that the limestone slurries with lower particle 
density even present high sedimentation rate and thus higher particle sinking velocity. The 
different flocculation states in cement pastes and limestone slurries cause different 
sedimentation rates according to our previous research [12]. Therefore, the R-Z is too simplified 
to take into account both flocculation and solidification for all types of cement and limestone 
mixes. The reason is that powder types and use of admixtures, especially SP, influence the 
particle flocculation state and thus change the “effective” particle sizes. Fig. 6 gives a better 
example for the application of HYSPT to detect the flocculation state of cement paste. The 
sedimentation process of four cement pastes with the same solid volume fraction (Φ=0.388, 
w/c=0.5 with Portland cement), cement type (Norcem standard cement, CEM I according to EN-
197-1) and mixing procedure were compared. The sedimentation rate and the time to reach the 
plateau indicate the flocculation state of the mixtures. It can be seen that, compared with the 
reference cement paste without SP (polycarboxylate type in this case, PCE) and VMA 
(PCE0VMA0), the individual addition of SP (PCE0.6VMA0) induces a lower sedimentation 
rate although SP can reduce the static yield stress of the liquid phase. It is mainly a result of 
highly dispersing effect of SP. better dispersed particles have smaller “effective” particle sizes 
and thus shows lower sedimentation rate. However, the individual addition of VMA 
(PCE0VMA2.0) results in a higher sedimentation rate, and the combined addition of both SP 
and VMA (PCE0.6VMA2.0) cause the lowest sedimentation rate. The quite different 
sedimentation rates between the cement pastes with VMA when combining SP or without SP 
were concluded to be a result of particle flocculation [12].  VMA increases the viscosity of the 
fluid phase in cement paste [12, 31] but induces a higher particle sinking velocity. This is 
mainly because of the flocculation of the high-concentrated mixture. When without combining 
with SP, The cement paste only with VMA have similar particle flocculation state as those 
without admixtures. The flocculated particles with much bigger “effective” particle sizes show 
higher particle sinking velocities even within the liquid with VMA and higher viscosity. The 
addition of SP overshadows this negative effect from VMA on stability due to the particle 
dispersing effect as presented previously. Therefore, VMA stabilizes cement paste only when 
activated by the addition of SP. The combined effect of increased viscosity by VMA and the 
dispersing effect from SP contribute to stabilize the cement paste more.  
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Fig. 5: The pressure vs time curves of cement pastes and limestone slurries (constant volume 
fraction Φ=0.459) with or without superplasticizer [15]  
 

 
Fig. 6: The pressure vs time curves of cement pastes with or without admixtures including SP 
and VMA (the number after the admixture is the liquid dosage) [12] 
 
In addition to evaluation of the sedimentation and flocculation state of cement paste and filler 
modified paste [12, 16, 31], HYSPT was also applied to investigate bleeding of cement paste or 
matrix. The parallel measurements with HYSPT, in situ volume fraction measurements and 
bleeding tests shows that it is possible to use the HYSPT results to evaluate the bleeding rate 
based on proper assumptions [16]. As presented above, the addition of some additives such as 
SP improves the behaviour compared to the Richardson-Zaki Equation which described that the 
suspensions with higher solid volume fraction present lower particle sinking velocity. However, 
they also result in a softer bleeding front and opaque bleeding, which make many classic 
bleeding measurement methods inapplicable. The evaluation of this turbid bleeding layer could 
be a difficulty of stability evaluation for cement paste. More recently it was found [28] that the 
bleeding rate calculated from dp/dt at the position close below the bleeding front by HYSPT are 
in the same magnitude as the measured bleeding rate from some parallel bleeding 
measurements, as shown in Table 2. Table 2 compares 4 different values of bleeding: 1) 
calculated bleeding rate based on top pressure measurements by HYSPT and the assumed sharp 
front, 2) visual bleeding measurements, 3) Laser detection by TurbidScan for the clear liquid 
front [32], and 4) Kozeny-carman Equation [33] (see Eq. 2): 
 
   

      
                   

                                                                                                             (2) 
 
The hydrostatic pressures were measured at around 2cm below the bleeding front (4h) of cement 
pastes with w/c=0.50 or 0.60 and 0.3% sbwc LS plasticizer (solid dosage by the weight of 
cement, equal to 0.75% liquid dosage based on 40% concentration of this LS). The calculated 
bleeding rate from HYSPT results are based on an assumption of the presence of a clear 
bleeding front and a homogeneous suspension below the bleeding. For the same cement pastes, 
the bleeding was also measured by the TurbiScan test based on diffraction and penetration of 
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light and the visual bleeding test. It is also interesting that, based on above assumption, the 
calculated bleeding rate from dp/dt by the top pressure measurements by HYSPT were found to 
be closest to the magnitude of the visual bleeding measurements and the theoretical bleeding 
rate by the classical Kozeny-Carman Equation. The TurbidScan tests show the lowest bleeding 
value since only the clear bleeding water was considered while the turbid bleeding zone was 
included into this detection and calculation. Therefore, both the comparison between the parallel 
measurements and the theoretical calculation indicate the possibility of using HYSPT results to 
evaluate the bleeding of cement paste. 
 
Table 2: The comparison of the bleeding depths by different measurement methods [28] 

 

4.  CONCLUSION  

HYSPT was developed to evaluate particle sedimentation by observing the pressure change and 
thus the density variation from top to bottom of the suspension. The influences from reactions in 
the order of one hundred Pa seem to be negligible compared to thousands of Pa pressure drop 
mainly caused by particle movements. In this paper, by HYSPT measurements, it was found that 
SP stabilizes the cement paste mainly by dispersing the particles; VMA can also stabilize 
cement paste only when combined with SP although the viscosity of the fluid is increased. For 
the turbid bleeding phase of paste, traditional methods are not applicable, but HYSPT 
measurements seem to give a good indication on the bleeding rate. The calculated bleeding rate 
based on the top measurements of HYSPT at the level close to the bleeding front shows good 
correlation to the bleeding measurements and the theoretical bleeding rate calculated with 
Kozeny-Carman equation.  
 

5.  FURTHER RESEARCH 

Our previous research [12, 16, 28, 31] has verified that HYSPT can be applied to investigate the 
sedimentation process of both cement paste, powder suspensions and filler modified paste. 
HYSPT measurements for filler modified pastes with the same solid fraction show the various 
flocculation states of the mixtures and thus indicate the effect of different filler additions. The 
HYSPT results at the top position close to the bleeding front can be used to investigate the 
bleeding of cement paste.  
 
To understand the stability of SCC, the segregation of coarse aggregate need to be further 
studied. Some preliminary studies on coarse aggregate sinking within cement paste by HYSPT 
has been carried out and indicated that the aggregate sinking velocity was very sensitive to the 
w/c ratio and to the addition of admixtures, especially SP. The pilot tests by HYSPT on coarse 
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aggregate stability in paste showed a very sharp transition between “floating” and “fast sinking” 
aggregates. Therefore, the pressure monitoring process should be specially designed to detect 
the coarse aggregate movement. The other possibility for applying HYSPT to study the coarser 
particle sinking is to investigate the sedimentation rate of mortar and compare the results with 
the pressure detection on the corresponding paste. Generally, the study on a combined particle 
movement process by HYSPT including the coarser aggregate segregation and the fine particle 
sedimentation can be considered as our further research on this topic and the next step in the 
further development of HYSPT measurement method. Such investigations will contribute to a 
better understanding of both aggregate segregation and the impact of cement paste on concrete 
instability.  
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ABSTRACT 
 
In this paper, the interference of localised corrosion on adjacent 
reinforcement bars in a concrete beam in bending is quantified. 
The focus is on the influence on the bending ultimate limit state. 
The effect of four parameters was investigated using the response 
surface method (RSM) and non-linear finite element analysis. The 
parameters considered are amount of localised corrosion, ratio of 
pit distance on adjacent bars to rebar distance, concrete 
compressive strength, and rebar tensile strength. Based on the 
obtained results, a modified analytical design rule was proposed to 
calculate the ultimate limit state by taking into account the ratio of 
pit distance on adjacent bars to rebar distance.  
 
Key words: RSM, Concrete structure, localised corrosion, pitting 
corrosion, bending ultimate limit state, finite element analysis. 
 
 

1. INTRODUCTION AND BACKGROUND 
 
The corrosion process of reinforcing bars in Reinforced Concrete (RC) structures transforms 
steel into rust, leading to uniform and localised loss of rebar cross section, volume expansion 
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causing cracking and spalling of the concrete cover, bond deterioration, and impaired 
mechanical properties of corroded rebars [1]. Laboratory and field observations of deteriorated 
RC show that corrosion damage in structural elements exposed to chlorides is not homogenous, 
but spatially variable along and around the rebars [2, 3]. Localised corrosion of reinforcing bars 
of RC structures exposed to chloride environments can cause significant reductions in cross 
section areas for reinforcing bars, for example around 50% loss of cross section was observed 
for a 27-year-old naturally corroded beam [2]. Localised corrosion is of particular concern since 
the loss of cross sectional area can be quite high and may not necessarily be associated with 
visual damage (cracking). 
 
There are a number of experimental investigations quantifying the effects of the corrosion on the 
structural behaviour of RC beams or slabs [2-9]. For a review of some of these experimental 
results for yield load capacity, serviceability limit state and ductility, see Kallias et al. [10]. In 
the majority of the published experimental investigations, the effect of average corrosion levels 
on the structural performance is considered.  
 
A summary of available experimental results on the remaining yield capacity and ultimate limit 
state (ULS) for corroding under-reinforced beams and slabs are presented in Figure 1. In some 
of the references the average cross section reduction or mass loss were given, in others [2] more 
detailed data for the extent of corrosion along the rebar were provided from which the average 
corrosion was calculated. The yield capacity and ULS are presented normalized to the non-
corroded capacities and as a function of the average cross section reduction percentage. 
Substantial scatters in the results are observed: the R-squared statistics of linear regressions are 
as low as 0.1150 and 0.2175 for the residual ULS and the yield load capacity, respectively. In 
some of the investigations, for example results presented by Du et al. [6] and Torres et al. [3], 
beams with similar average cross section reductions did not show similar reduced capacity (see 
Figure 1a and b). This obstructs the ability of making reliable conclusions on the residual 
performance of corroding under-reinforced beams by using the average loss in cross sectional 
area of steel bar. The large scatter of data suggests that other parameters affect the structural 
performance; the value of maximum cross section reduction might correlate better with the 
remaining capacities.  
 

 
Figure 1 – Reduction factor of the ultimate limit state (ULS) and yield capacity as a function of 
the average cross section reduction of the rebars. Literature data [2-9]. 
 
Figure 2a and b again summarise available data on the normalised reduced ULS and yield 
capacity, but now, as a function of maximum cross section reduction in the bending zone. The 
maximum cross section reduction is the sum of average cross section and the localised cross 
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section loss, deducting the overlapping area (see principle in Figure 3d, which illustrates the 
calculation for the combination of uniform and localized corrosion). A model by Val and 
Melchers [11] was used to calculate the cross section reduction due to localised corrosion (    ) 
from the maximum pit depth. In Figure 2a and b an improved linear regression is obtained with 
substantially higher R-squared values. It indicates that the capacity losses are a function of 
maximum cross section loss of the reinforcing steel. Therefore, to assess the structural 
performance of corroded RC member in numerical analysis, amount and location of the pitting 
corrosion should be taken into account in addition to the extent of uniform corrosion.  
 

 
 Figure 2 – Reduction factor of the ultimate limit state (ULS) and yield capacity as a function of 
maximum cross section reduction of rebars. Literature data [2, 3, 7, 9]. 
 

 
Figure 3 – Cross section reduction due to corrosion, a) uniform cross section reduction, b) pit 
area loss, c) pit area loss without overlapping uniform corrosion and d) maximum cross section 
reduction. 
 
Experimental tests reported by Francois et al. [2] (Figure 4) show that in naturally corroded 
beams not only loss of cross section varies along the tensile rebars, but also loss of cross section 
differs between rebars. It can be attributed to a variety of reasons, such as heterogeneous quality 
of concrete, especially at the concrete-steel interface, potential cracks, variation in cover 
thickness, and the stochastic nature of the corrosion process in the presence of chloride [2]. 
 
The dissimilarities of the cross section profiles of adjacent bars, raises the question on how to 
assess this mechanically. The ratio of the localised cross section reduction (see Figure 3c) to the 
original area of the rebar (       ) and the ratio of the longitudinal pit distances to the rebar 
distance (       (see Figure 5) are considered as explanatory parameters both are varying along 
the corroded RC element.  
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Figure 4 – Loss of cross section due to corrosion along the back tensile rebar and the front 
tensile rebar [2]. 
 
An idealized case introduced in an earlier study of the authors [12] was selected to quantify the 
interference of localised corrosion on adjacent rebars in an under-reinforced beam subjected to 
bending. In the idealized case two adjacent rebars each have one corrosion pit and the influence 
of       with one size of the pit (              on the bending ULS was quantified for a 
fixed rebar distance (   = 80 mm). Depending on the longitudinal distance of the two pits,   , the 
interaction of localised corrosion in adjacent bars is analysed. This leads to a gradual reduction 
of the bending ULS for decreasing distances between the pits, starting at a critical distance. 
 

  
Figure 5 – Pit distance (  ) and rebar distance (  ) in an idealized case.  
 
Apart from         and      , there are other variables which could have an influence on the 
performance of the corroded structures such as concrete properties and steel properties. It is 
difficult to design and perform a set of experimental tests to quantify and isolate the effect of 
each of the variables. Numerical studies are seen as an option to overcome these limitations. 
Although numerical modelling can achieve reliable results, due to the number of variables and 
their possible interaction a systematic statistical model is required to analyse the results. Among 
the many statistical models in literature, the response surface methodology (RSM) has been 
commonly used in recent years [10, 13, 14]. It allows assessing the (quadratic) interaction of the 
variables. 
 
The present work adopts the idealized case with two adjacent bars, each having one corrosion 
pit. The effect of selected variables on the interference of localised corrosion on adjacent 
reinforcement bars in an under-reinforced concrete beam in bending is quantified. The RSM is 
used to study the interaction effects of four variables:        , the       ratio concrete 
compressive strength and rebar tensile strength. Based on the results, a modification of the 
analytical design rules to determine the bending ULS of a beam is proposed which takes into 
account the       ratio. In this paper, to avoid the repetition, “ULS” is used for “bending ULS”.  
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2. FINITE ELEMENT MODELLING OF CORRODED BEAMS 
 
2.1  Selected experimental case 
 
Since under-reinforced beams are most common in practice only this type of beam was 
considered. The beams for numerical simulations were selected from experimental tests by 
Rodriguez et al. [15]. A reference beam (no. 111), a slightly corroded beam (no. 115) and a 
severely corroded beam (no. 116) were selected. Rodriguez et al. tested the effect of 
reinforcement corrosion on RC beams loaded in a four-point bending test. Geometry dimensions 
and rebar detailing of the selected simply supported beams are shown in Figure 6. The amount 
of the average corrosion and maximum pit depth on the tensile reinforcement was 0.39 mm and 
1.0 mm (14% and 2% steel cross section loss) in beam no. 115 and 0.71 mm and 2.1 mm (26% 
and 8% steel cross section loss) in beam no.116. In the following it is assumed that uniform 
cross section reduction is equal to average cross section reduction. To calculate the loss of cross 
section due to localised corrosion (    ) the model which has been recommended by Val and 
Melchers [11] was used, which was also used in section 1 to evaluate literature date.  
 

 
Figure 6 – Geometry of under-reinforced beams investigated by Rodriguez et al. [15]. 
 
The reference beam (no. 111) showed flexural failure due to yielding of the reinforcement 
tensile bars. For increasing level of corrosion, the ULS is reduced and the behaviour became less 
ductile. The corroded beams (no.115 and 116) failed by failure of the tensile bars at pit 
locations. 
 
 
2.2 FE model  
 
Full 3D non-linear finite element (FE) analyses were carried out. The concrete was modelled 
using eight-node solid elements. The reinforcements were modelled as two-node straight truss 
elements. Interaction between the reinforcement and the concrete was modelled with 2+2 node 
line interface elements. Only one half of the beams were modelled to take advantage of the 
symmetry in geometry and loading conditions, implicitly assuming that also the corrosion 
damage was symmetric. Vertical displacement increments were applied at the loading point in 
the model, with step sizes of 1 mm (see Figure 7). The Newton-Raphson iterative approach was 
selected to solve the non-linear problem.  
 
In all 3D FE models, the corroded reinforcement bars were discretised into a series of small 
sections with length L=100 mm containing elements with 20 mm length. Pit cross section 
reduction was applied for each tensile reinforcing steel rebar in the middle element of the 
assigned section. Furthermore, reduction in yield and ultimate strength of the rebar due to 
localised corrosion were applied along the section containing the pit. 
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Figure 7 – Mesh size and finite element model of one half of the beam. 
 
 
2.3  Material properties 
  
For the concrete behaviour a smeared rotating crack model with Hordijk tension softening and 
an elastic-ideally plastic model in compression were used [16]. The ultimate tensile strain in the 
Hordijk model is given by: 
 

                 
 

   
 (1) 

 
where,     is the Mode-I fracture energy,    is the tensile strength of concrete and   is the crack 
bandwidth taken as the cubic root of the element volume [16]. The concrete had a uniaxial 
compressive strength of 50 MPa in the reference beam (no. 111) and 34 MPa in the corrosion 
damaged beams (no. 115 and no. 116). The remaining concrete properties were derived from the 
compressive strengths using the fib model code 2010 [17]. 
 
For the constitutive behaviour of the rebars a standard elastic-plastic model with linear 
hardening was used. The yield strength   , the ultimate strength    and the elastic modulus    
for the steel reinforcement are given in Table 1. The ultimate deflection of beam no. 115 is 
available from the experiment and equals 34.6 mm. In the FE analysis of beam no. 115, a 
maximum strain in the tensile bars at the ultimate deflection, i.e. 34.6 mm, was recorded. This 
strain is considered as the ultimate strain of the tensile rebar:         . The same value was 
used in the analyses of the other beams. The corresponding load at the ultimate deflection of the 
beam is considered as the ULS. Note that in the FE model the resulting ductility of a bar is the 
result of both the ultimate strain and the locally reduced cross section of the bar. As a result of 
the local reduction of the cross section, due to strain localization at the pit locations, the bars of 
the severely corroded beams will behave less ductile, even when the ultimate strain of the 
material is the same. This relatively simple way of taking into account the reduced ductility was 
selected in absence of experimental data of the ductility of the bars. 
 
Table 1 – material properties of steel for corroded and non-corroded models 

Steel Properties Type of bar Reference beam 
(no. 111) 

Corroded beam  
(no. 115) 

Corroded beam  
(no. 116) 

Yield / Ultimate 
strength (MPa)  

Stirrups (ф6) 626 / 760  506 / 610  451 / 550  
Compressive bar  (ф8) 615 / 673  615 / 673  615 / 673  

Tensile bar (ф10) 575 / 655  569 / 648  552 / 626 
Young’s modulus (GPa) All 206  206  206  
 
The presence of localised corrosion may cause significant degradation of the mechanical 
properties of the rebar due to local stress concentrations [18-20]. In the present study these are 
taken into account by using reduced yield and ultimate strength properties [20]: 
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                          (2) 
 
                          (3) 

 
where    and    denote residual and initial strengths respectively,      is the pit area,    is the 
cross sectional area of the non-corroded rebar,          , and          [20]. As a result of 
uniform corrosion, the rebar diameter is reduced. The sum of localised (    ) and uniform 
corrosion area (    ) was subtracted from the original steel cross section (  ). Since the rebars 
are modelled as truss elements the shape of residual area is not relevant. As it mentioned before, 
it was assumed that uniform cross section reduction is equal to uniform cross section reduction. 
 
 
2.4 Bond-slip model 
 
An interface layer was modelled along the tensile rebars, using line-to-solid interface elements, 
to consider the effect of bond-slip. For corroded and non-corroded beams, bond-slip behaviour 
based on the fib 2010 model code [21] for beams confined with steel stirrups was adopted. In 
this study, the bond slip behaviour was modified based on the amount of the uniform corrosion 
and kept constant along the tensile rebar. In addition, the bond strength was calculated using Eq. 
(4), which describes the effect of concrete and stirrup confinement on bond strength [22].  
 

                                  
      
    

  (4) 
 
where,       is the reduced bond strength,   is the thickness of concrete cover,    is the 
diameter of the anchored rebar,    is the concrete compressive strength,     and     are the 
stirrups cross section and the stirrup yield strength respectively,    is the stirrup spacing and   is 
a factor which is a function of the amount of corrosion [22]. The value of the R for the corroded 
beams no. 115 and no. 116 is 0.76 and 0.48 respectively. Considering the limited amount of 
corrosion products generated by the pits, in this paper it is assumed that a pit has no effect on the 
local bond behaviour.  
 
 
2.5  Comparison FE analysis results with experimental data and analytical calculations 
 
Since rebar corrosion affects the ultimate capacity, the ULS of corroded and non-corroded 
beams were assessed. For the non-corroded (no. 111), less (no. 115) and highly (no. 116) 
corroded beams the load-displacement curves of the 3D FE analyses indicate good agreement 
for the ULS with experimental observations, as shown in Figure 8a to c.  
 
To further validate the FE models comparisons were made with analytical analyses. The ULS of 
the beams were calculated using the ACI code, where the material properties of corroded 
reinforcement were selected on the basis of the methodology described in Section 2.3. Figure 8 
also shows that the analytical calculations are in good agreement with the FE results and 
experimental data.  
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Figure 8 – Load-displacement curve for 3D FE simulation and experimental results of (a) non-
corroded beam no. 111, (b) corroded beam no. 115 (14% uniform plus 2% localised steel cross 
section loss) and (c) corroded beam no. 116 (26% uniform plus 8% localised steel cross section 
loss); experimental data from [15]. 
 
 
2.6  Variation studies with different pit distances 
 
Different FE analyses with the same ratio             and with varying distances between 
pits in longitudinal direction by were performed [12]. Figure 9 indicates that reducing the pit 
distance from 100 mm to 0 mm leads to around 17% reduction of the ULS of the corroded 
beam. This can be explained by the interference of the localised corrosion in multiple tensile 
rebars resulting in a different number and orientation of bending cracks. Figure 10 shows the 
crack pattern in terms of maximum principle strain for three different pit distances on adjacent 
bars in longitudinal direction, i.e. 0, 40 and 120 mm. When the distances between pits is zero, 
there is only one main bending crack crossing both pits (Figure 10 a). When the distances 
between pits increase to 40 mm, a skew crack between the pits appears, still crossing both pits 
(see Figure 10 b). In contrast, when the pit distance is 120 mm, there is no skew crack between 
the pits and each pit initiates a separate crack (see Figure 10 c).  

 

  

Figure 9 – Effect on ULS of varying pit distance on adjacent bars in longitudinal direction (  ), 
14% uniform plus 26% localised steel cross section loss along each bar [12]. 
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Figure 10 – Crack patterns in terms of maximum principle tensile strains from 3D numerical 
analyses, pit distance in longitudinal direction on adjacent bars a) 0 mm, b) 40 mm and c) 120 
mm [12]. 
 
In order to study the possible effect of the mesh alignment in relation to the crack formation and 
propagation, alternative models with different mesh alignments were explored in a separate 
study. A limited effect on the crack patterns was observed and the load deflection curve was not 
altered [23]. 
 
 
3. RESPONSE SURFACE METHOD (RSM)  
 
The Response Surface Method (RSM) is a collection of statistical and mathematical techniques 
useful for developing, improving, and optimizing processes. It also has important applications in 
the design, development, and formulation of new products, improvement of existing product 
designs [6], and more recently in reliability analysis [24, 25]. In this paper RSM is used to 
approximate and interpret the relationship between the ULS of the corroded beams, termed as 
“response” and the corrosion pit, concrete properties, and steel properties, termed as (design) 
“variables”. The approximation of this relationship or performance function is termed “response 
surface”.  
 
 
3.1  Design of response surface 
 
In this study the performance function is approximated with a second-order polynomial 
function, which for   random variables is expressed as: 
 

           
            

            
      (5) 

 
where,   is the predicted response,    is the coded level of a design variable  ,   is the total 
number of variables present in the problem, coefficient    is a constant and   ,     and     are 
the regression coefficients for the linear, quadratic and interaction effects, respectively. 
  
The most popular available design for fitting a second-order model is the central composite 
design (CCD). The total number of design points in CCD is 2k factorial points, 2k axial points 
and one centre point. This is illustrated in Figure 11 for k = 3. In case, using half fractional 
factorial points instead of complete factorial points the number of fractional point is reduced to 
2k-1. 
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Figure 11 – Experimental design for the fitting of a second-order model for k = 3, central 
composite design (CCD) 
 
In CCD the coded distance of the axial points from the centre point in order to make the design 
rotatable is given by [26] 
 

       (6) 
 

The specific choices for the variables and its coding are presented in the next section. 
 
 
3.2  Variables and levels  
 
The ULS of the corroded beams is the response of the RSM. Four basic variables are included in 
the RSM model: localised corrosion ratio (               (which in the following is 
approximated to (       )), pit distance to rebar distance ratio (     ), concrete compressive 
strength (  ) and rebar tensile strength (  ). (       ), In order to study the combined effects of 
these variables, FE analyses were conducted with different combinations of variables. The CCD 
uses five levels for each variable: the factorial zero level (   = 0), the one levels (   = ±1) and 
the axial points (   = ±   2 for four variables. The following upper and lower 
levels of each uncoded variable    are used. 
 
      : Relevant values for this variable are expected to be in the range of 0.0 to 1.25, see 

Figure 9. Since the selected RSM model is quadratic in its variables the range for this 
variable is confined to   

      0.0 to   
     1.0.  

        : For          , i.e. no pitting corrosion, the pitting distance       has no 
physical meaning and consequently the response should not be a function of the       ratio. 
Since the modelling of interacting variables in the RSM is relatively simple, by a single      
term, it is not favourable to include           in in the range. Relatively arbitrary, the 
range for this variable has been set from   

      0.05 to   
      0.45. In the FE analyses, 

the pitting corrosion cross section loss (      was added to the uniform cross section loss 
(    ).  

        : In the selected under-reinforced beam the actual values for    and    are 35 and 575 
MPa. Since the selected RC beams for this numerical study are supposed to be well-designed 
leading to a flexural failure mode, relatively small variations of these variables are 
considered. Changing of the failure mode of the beam will be avoided. For    a range from 
  
      25 to   

      45 MPa is considered, for    the range extends from   
     500 to 

  
      600 MPa  

 
Table 2 lists the variables, and the design of the considered levels. For statistical calculations, 
the variables    were coded linearly as: 
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     (7) 

 
where    is the coded value,    the uncoded value,   

    the value of    at the centre point. 
 

Table 2 – Uncoded and coded values of independent variables used for the experimental design 

No. Variable Unit Notation 
Levels 

Axial Factorial Axial 
(-α) Low (-1) Centre (0) High (1) (+α) 

1 Pit’s distance  -           0 0.25 0.5 0.75 1 
2 Pit depth/diameter -          0.05 0.15 0.25 0.35 0.45 
3 Concrete compressive strength  MPa           25 30 35 40 45 
4 Tensile rebar yield strength MPa          500 525 550 575 600 

1-4 Coded values (  ) - - -2 -1 0 1 2 
 
 
3.3  Overview of the central composite design (CCD)   
 
According to CCD, with four control factors, a total of 25 numerical experiments need to be 
performed as shown in the first six columns of Table 3. These are the sets of variables which 
distinguish the various FE analyses. It is assumed that the other concrete properties, i.e. modulus 
of elasticity (  ), tensile fracture energy (  ) and tensile strength (   ) are fully correlated to the 
concrete compressive strength.  
 
Table 3 – The used CCD for four variables, FE analysis results for the ULS and the response 
predicted by the RSM 

 Run 
order 

Uncoded variables ULS 
                  

(MPa) 
   

(MPa) 
FE anal. 
(MPa) 

Predicted 
(MPa)  

Fa
ct

or
ia

l 

1 0.25 0.15 30 525 24.71 24.77 
2 0.75 0.15 30 525 25.93 25.95 
3 0.25 0.35 30 525 17.81 17.80 
4 0.75 0.35 30 525 19.07 19.14 
5 0.25 0.15 40 525 26.40 26.32 
6 0.75 0.15 40 525 27.45 27.49 
7 0.25 0.35 40 525 18.35 18.48 
8 0.75 0.35 40 525 19.80 19.82 
9 0.25 0.15 30 575 26.56 26.54 

10 0.75 0.15 30 575 27.76 27.74 
11 0.25 0.35 30 575 18.95 19.02 
12 0.75 0.35 30 575 20.31 20.38 
13 0.25 0.15 40 575 28.14 28.19 
14 0.75 0.15 40 575 29.38 29.38 
15 0.25 0.35 40 575 19.82 19.80 
16 0.75 0.35 40 575 21.11 21.16 

A
xi

al
 

17 0.00 0.25 35 550 22.70 22.66 
18 1.00 0.25 35 550 25.26 25.19 
19 0.50 0.05 35 550 30.78 30.81 
20 0.50 0.45 35 550 15.75 15.61 
21 0.50 0.25 25 550 21.59 21.52 
22 0.50 0.25 45 550 23.89 23.85 
23 0.50 0.25 35 500 21.69 21.62 
24 0.50 0.25 35 600 24.76 24.73 

Centre 25 0.50 0.25 35 550 23.16 23.16 
 



50 
 

4. RSM RESULTS AND INTERPRETATION 
 
This section presents the predicted responses from the RSM model and discusses the effects of 
the variables on the ULS of the beam. 
 
 
4.1 RSM result 
 
The resulting RSM regression model using coded variables is  
 

          
                                                                 
                         

                 
                           

                                                                     
                                                                  (8) 

 
For the definitions of the coded variables, the reader is referred to the previous section. The last 
two columns in Table 3 list the FE analyses results for the ULS and the predicted results 
according to Equation 8. The regression model coincides well with the test data with an adjusted 
         , within the defined ranges of the variables. Figure 12 indicates the normal 
probability distribution diagram of the residuals (the difference between FEA results and 
predicted responses by Eq. 8). According to the plot, the residuals are approximately normally 
distributed on both sides of 0.0. 
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Figure 12 – Normal probability plot of residuals for ultimate load 
 
In the next subsections Equation (8) is interpreted in terms of uncoded variables. The emphasis 
is on the       variable. The main question is whether the effect of the       variable, as shown 
in Figure 9, is influenced by the other variables. 
 
 
4.2  Effect of concrete compressive strength 
 
The influence of    on the residual ULS for different amount of localised corrosion is presented 
in Figure 13a. The graphs have been normalized at             . Figure 13a shows that: (i) 
there is a clear negative linear relationship between the ULS and         which upon 
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extrapolation to             will approach 0.0 and (ii) the    is not influencing this trend. 
Both observations are expected from the analytical design rules and are in agreement with 
previous RSM results [7].  
 

  
 Figure 13 – Effect of    on the normalised residual ultimate limit state (ULS) with different 
amount of localised corrosion and different pit distances. The hold values are a)        , 
       MPa and b)              ,        MPa. 
 
Figure 13b presents the effect of    on the residual ultimate load for different ratios      . The 
graphs have been normalized at       = 0.0. The rate of the reduction of the ULS, for decreasing 
distances between the pits, is hardly influenced by   . As it is noted before, the fracture energy, 
module of elasticity and tensile strength are recalculated using the corresponding values of   .  
 
 
4.3  Effect of rebar yield strength 
 
Figures 14a and 14b show similar graphs as Figures 13a and 13b but now for different    values 
instead of   . Also the interpretation of these results is similar as for   . Again the dependency of 
the normalised ULS on the         ratio is in line with the analytical design rules. The    
values have a limited influence on the trends. 
 

  
Figure 14 – Effect of    on the normalised residual ultimate limit state (ULS) with different 
amount of localised corrosion and different pit distances. The hold values are a)           , 
      MPa and b)              ,       MPa. 
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4.4  Interaction effect of         and       using RSM 
 
For this study, the         and       variables are the most interesting variables. Figures 15a 
and 15b illustrate the interaction effects of these variables on the normalised residual ULS. 
Figure 15b displays the decrease of the normalised residual ULS for decreasing       using 
three levels of        . The interpretation of these graphs is more complicated compared the 
corresponding graphs for    and   . Figure 15a again shows the linear decrease of the residual 
ULS as a function of        . It is now less obvious whether the influence of the       ratio can 
be considered as marginal. Figure 15b shows a different rate of the residual ULS for different 
values of        . Note that the trend is comparable with the findings of Figure 9. Compared to 
Figure 9, the considered range of       values is limited as motivated in Section 3.2. 
 

  
Figure 15 – Effect of         and       on the normalised residual ultimate limit state (ULS). 
The hold values are a) and b)       MPa and       MPa. 
 
A contour plot and a three-dimensional response surface plot of the ULS as a function of       
and         are presented in Figure 16a and b. Both plots suggest an approximate linear 
dependency of the ULS on         for a fixed value of      . 
 
 
 
 
 
 
 
 
 
 
 
 
                              (a)                                                                             (b) 

Figure 16 – Contour plot and 3D response surface plot of the ultimate limit state (ULS) 
versus         and      . The hold values are fc=35[MPa] and fy=575[MPa]. 
 
The next two sections will elaborate further on the interaction of the         and       ratios. 
First, in section 5, the range of the considered       ratios will be extended such that also 

(a) 

0 

0,2 

0,4 

0,6 

0,8 

1 

1,2 

0,05 0,15 0,25 0,35 0,45 

N
or

m
al

ise
d 

re
sid

ua
l U

LS
 

Apit/A0 

lp/lr 0 
lp/lr 0.5 
lp/lr 1 

(b) 

0 

0,2 

0,4 

0,6 

0,8 

1 

1,2 

0 0,2 0,4 0,6 0,8 1 

N
or

m
al

ise
d 

re
sid

ua
l U

LS
 

lp/lr 

Ap/A0 0.05 
Ap/A0 0.25 
Ap/A0 0.45 



53 
 

information on the critical       ratio will be obtained. This is, necessarily, done outside the 
RSM framework. Next, in section 6, a simplified relationship is derived which can be used in 
analytical formula. 
 
5.  CRITICAL RATIO OF PIT DISTANCE TO REBAR DISTANCE              
 
In order to quantify the influence of the varying pit sizes (       ) with larger ratios of pit 
distance to rebar distance (     ) on the reduction of the ULS of the corroded beam, series of FE 
models with 3 different         ratios (15%, 20% and 25%) were simulated with       ranging 
from 0 to 1.5.  
 
Figure 17 shows that decreasing the ratio of       causes a gradual reduction of the ULS of the 
beam. For all sizes of the pits, a similar critical ratio             can be observed, which is close 
to 1.25. For larger       ratios than the critical one, the crack planes starting at the pit locations 
do no longer coalesce [12]. It should be noted that the rebar distance (  ) in all models is equal 
to 80 mm.  
 

 
Figure 17 – Effect on the ultimate limit state (ULS) of varying ratios of pit distance to rebar 
distance on adjacent bar (     ) for different steel cross section losses due to pitting corrosion. 
In all cases a 14% uniform steel cross section loss was assumed apart from the localised 
corrosion loss. Results are based on numerical analyses. 
 
 
6.  MODIFICATION OF ANALYTICAL FORMULA 
 
Figure 18 indicates the normalised ULS based on analytical calculations for         and 
          .  They are based on using one, respectively two pits in an analytical strength 
evaluation of a cross section. The ULS reductions obtained from analytical evaluation are in 
good agreement with the numerical results, but it is clear that the current analytical design rules 
can not quantify the interaction effect of the ratio       and         for intermediate        
ratios. 
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Figure 18 – Effect on the ultimate limit state (ULS) of varying ratios of pit distance to rebar 
distance on adjacent bar (     ) for different steel cross section losses due to pitting corrosion. 
In all cases a 14% uniform steel cross section loss was assumed apart from the localised 
corrosion loss. Results are based on analytical analysis of the strength of the cross section. 
 
As it discussed in section 4, the essential variables to bridge the gap in Figure 18 are       and 
       . It is proposed to use a modified total residual area of corroded rebars in an analytical 
analysis of the strength of the cross section: 

 
                                  (11) 

 
where            is the modified total residual area of two rebars after uniform and localised 
corrosion,    is the area of one non-corroded rebar,      is the uniform area loss of one 
corroded rebar,      is the area of pit for one rebar. The interference is introduced by factor   
which is a function of the ratio of longitudinal pit distance to rebar distance,       and possibly 
also by the ratio of pit size,        . Obviously, if         then     and if         then 
   . 
 
Upon substitution of Eq. (11) in the analytical formula for the ULS factor   can be expressed as: 
 

                 
                       

                         
 (12) 

 
Substituting FE results presented in Figure 17 and approximating                             
leads to results of Figure 19. The influence of         on   is limited, which supports the 
applied approximation                =        . 
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Figure 19- Pit interference factor β as a function of the ratio of longitudinal pit distance to 
rebar distance,      , for different         ratios. 
 
The red line shows a proposed  , solely a function of      : 

 
                               (13) 

 
Eqs. (11) and (13) can be used to quantify the possible interference of localised corrosion in 
connection with reassessment of corroded reinforced concrete structures. For this, (probabilistic) 
information on localised corrosion and pit distances is necessary.  
 
 
7. CONCLUSION 
 
In this work, the finite element modelling technique along with the response surface 
methodology (RSM) is employed to study the effect of four different variables, i.e. localised 
corrosion ratio, pit distance to rebar distance ratio, concrete compressive strength, and rebar 
tensile strength, on the residual ULS. From the results of FE analyses, supported by the RSM 
modelling, for one configuration of an under-reinforced RC beam with rebar distance    80 
mm, the following conclusions can be drawn: 

 The (interaction) effects of the ratio of pit distance to rebar distance (     ) and the ratio 
of the localised cross section reduction to the original area of the rebar         were 
found significant. 
 

Earlier work showed that interaction of pits leads to a gradual reduction of the ULS for 
decreasing      , starting at a critical ratio. For the investigated beam with    80 mm, 
regardless of pits size, the critical ratio was 1.25. 

 For         and           , the residual ULS calculated by analytical methods is in 
good agreement with numerical calculations. However, for              current 
analytical rules are not able to calculate interference of pits on adjacent rebars. 

 A modified analytical design rule was suggested to calculate the residual ULS by taking 
into account the ratio of pit distance in longitudinal direction on adjacent bars to rebar 
distance (     ) when              (Eq. 11 and 13).  
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To generalize these results additional parametric studies should be made in order to evaluate the 
effect of the varying rebar distance on the remaining ULS. For practical applications 
(probabilistic) information on pit sizes and pit distances is required. 
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ABSTRACT 
This paper reports test results from two experimental programs on RC 
beams with small circular openings under the combined action of 
bending and shear. Simple design rules are proposed and compared to 
the test results. The presence of openings leads to a disturbed stress 
flow which may result in early cracking and sudden failure if additional 
reinforcement is not provided close to the openings. This reinforcement 
is often tedious to place. Hence, it was decided to check if the 
reinforcement layout could be simplified by the inclusion of short 
discrete steel fibres in the concrete. Two experimental programs were 
undertaken: one with single openings and one with double openings. 
The main test variables were the amount of steel fibres (0 or 1.0vol%) 
and the layout of the shear reinforcement. It was found that all shear 
reinforcement could be left out by the inclusion of 1.0vol% steel fibres 
in the concrete. This also led to a more ductile post-peak behaviour of 
the structural members. 
 
Key-words: Fibres, structural design, testing. 
 

  
1.  INTRODUCTION 
 
RC beams are often constructed with openings to pass through utility pipes and ducts. Passing 
these through rather than below or above the beam results in less dead space and thereby an 
overall saving in total building height, especially for multi-storey buildings [1]. However, the 
presence of openings leads to a disturbed stress flow, e.g. as illustrated in Figure 1, which may 
result in early cracking and sudden failure if additional reinforcement is not provided close to 
the openings. This reinforcement is often tedious to place. Hence, a more effective 
reinforcement scheme might be obtained by letting short discrete steel fibres take on the role of 
both the beam shear reinforcement and any potential secondary shear reinforcement in the 
region of the openings. To check the feasibility of this concept, two experimental studies were 
conducted: one with single openings and one with double openings. The main aim of the test 
programs was to check if the beams could be constructed without any steel bars except for the 
main flexural bars. Since this most likely is only practical for relatively lightly loaded beams, 
the short vertical stirrups in the chords above and below the opening and the diagonal steel bars 
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next to the openings, sometimes used in more heavily loaded members, was not a parameter in 
the test programs.  

 
Figure 1 –Stress trajectories from an elastic finite-element analysis. The specimen geometry and 
loading arrangement are those of the test specimens with double openings. 
 
Mansur has suggested that as long as beam theory applies, the opening may be termed as small 
[2]. Hence, if the section with the opening is subjected to pure bending, beam theory will cease 
to apply when the length of the compression chord above the opening becomes so large that 
instability failure occurs. Or, if the opening is subjected to combined bending and shear, beam 
behavior will transform into Vierendeel frame action as the size of the opening is increased.  For 
circular, square or nearly square openings, this may be assumed to occur when the depth of the 
opening do is larger than about 40% of the overall beam depth h [3].  
 
 
2.  DESIGN APPRAOCH  
 
The beams in the test programs were subjected to combined bending and shear. The ratio do/h 
was 0.47 for the single opening specimens and 0.40 for the single opening specimens, 
respectively. However, since no signs of Vierendeel frame action was observed in any of the 
tests, all openings are treated as small in this paper. Moreover, since the opening under the 
highest combination of bending and shear governed the failure (except for Beam A2 as seen in 
Figure 13), the shear resistance is assumed to depend solely on the opening closest to the applied 
load. 
 
At present there is no mention of how to treat RC beams with small openings in EN 1992-1-
1:2004 (hereafter EC2) [4].  However, Mansur has proposed a design method which is similar to 
the American Concrete Institute (ACI) Code approach for solid RC beams [5]. The approach 
used in this paper follows the line of Mansur, but it is based on the EC2 expressions rather than 
the ACI Code expressions. However, it should be noted that the variable strut-inclination 
method in EC2 is abandoned and the concrete term is reintroduced in the shear calculations. 
This is in agreement with the Level I Approximation to shear design as described in the new 
Model Code 10 [6]. The reason behind this choice is that it allows for the effect of the opening 
to be accounted for in a simple manner by modifying the effective depth of the critical concrete 
cross-section. The effect of fibres is calculated in a similar manner by modifying the fibre 
contribution expression given in COIN Project Report 29 [7]. This report contains the 
Norwegian design rule proposals for fibre-reinforced concrete. The final Norwegian design 
guideline for fibre-reinforced concrete is to be published as “Norsk Betongforening publikasjon 
nr. 38” in 2015.  
  
According to Mansur, two types of failures must be accounted for in the design of RC beams 
with small openings: beam-type failure and frame-type failure. Typical crack-patterns for the 
two failure types are depicted in Figure 2. Beam-type failure is similar to the shear failure in a 
solid beam except that the failure plane passes through the center of the opening; frame-type 
failure is different in that the compressive and tensile chord above or below the opening is 
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assumed to act as an independent entity similar to that in a framed structure. In the following, 
the shear formulas used in this paper is briefly explained. The method is completely analogous 
to the design methodology proposed by Mansur, except that it is based on the EC2 rather than 
the ACI Code expression and, in addition, includes the effect of fibres on the shear resistance 
 

 
Figure 2 – Two possible modes of shear failure for a RC beam with small openings [3]. 
 
2.1  Beam-type failure 
 
A 45 degree crack through the centre of the opening is assumed and the shear resistance is 
calculated by the expression 
 
       Vbeam = Vc + Vs + Vf         (1) 
 
where Vc is the shear resistance attributable to the concrete, Vs is the shear contribution from the 
stirrups crossing the crack, and Vf is the shear resistance provided by the fibres crossing the 
crack. The concrete term Vc is calculated according to EC2 clause 6.2.2(1) with the effective 
depth d replaced by (d-do). If we ignore the material factor the expression may be written as 
 
       Vc = [CRd,c  k (100 ρL fc)1/3] b(d-do)       (2) 
 
where CRd,c is an empirical factor 0.15 or 0.18 dependent on the size, amount or type of 
aggregate, k=1+√(200/d)<2.0 is the size factor, ρL=As/(bd)<0.02 is the flexural reinforcement 
ratio, and fc is the cylinder compressive strength of the concrete. Similarly, the fibre term Vf is 
calculated according to COIN Project Report 29 with h replaced by (h-do) such that 
 
       Vf = 0.6 fftres,2.5 b(h-do)         (3) 
 
where fftres,2.5 is the residual direct tensile strength at 2.5mm crack width as derived from three-
point bending tests on notched prisms according to EN 14651 [8]. Equation 3 is based on the 
idea that the fibres act as a diffuse inclined reinforcement over the crack as illustrated in Figure 
3. If present, the contribution from each bar or stirrup is given by 
 
       Vs = Av fyv sinα          (4) 
 
where Av is the reinforcement area, fyv is the yield strength of the reinforcement, and α is the 
inclination of the reinforcement to the beam axis. The steel bars or stirrups available to resist 
shear across the failure plane are those next to the opening within a distance (dv-do)/2 from 
either side, where dv is the distance between the top and bottom longitudinal bars. 
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Figure 3 –Model of the shear resisted by the stirrups and steel fibres crossing the crack. 
 
 
2.2 Frame-type failure 
 
The compressive and tensile chord members are treated as separate beams. Each beam will be 
subjected to a portion of the applied shear and the axial force which arises due to bending of the 
beam as shown in Figure 4.  
 

 
Figure 4 – Free-body diagram at beam opening. 
 
The shear resistance is calculated according to EC2 clause 6.2.2(1) with the axial force term 
k1σcp included. Or, if no flexural bars are provided in the chord members, the expression may be 
written as  
 
       Vc = [0.035 k3/2 fc

1/2 +k1σcp] bhf        (5) 
 
where hf is the depth of the compressive or tensile chord and σcp=N/Ac<0.2fc is the normal stress 
transmitted through it. The factor k1 is taken as +0.15 for compression and -0.30 for tension as 
suggested by the Norwegian Annex to EC2.  The numerical value of the axial force is given by 
 
        N = Fc = Ft =     =    

              (6) 
 
where a is the length of the shear span and x is the depth of the ultimate stress block (which 
obviously cannot be greater than the depth of the compressive chord). The overall shear 
resistance is calculated by adding together the various contributions to the shear resistance as 
follows 
 
       Vframe = Vt + Vb + Vf         (7) 
 
where Vt and Vb is the shear resistance attributable to the top and bottom chord member 
respectively, and Vf is the contribution from the fibres. The fibre contribution term Vf is 
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calculated as for beam-type failure, since the total crack length over which the fibres act is the 
same. However, it should be mentioned that the Danish guideline for structural fibre-reinforced 
concrete neglects the effect of the fibres on the shear resistance for cross-sections subject to a 
tensile normal force [9]. If short vertical stirrups are provided in the chord members as shown in 
Figure 5, their contribution Vs can be added to the shear resistance of the respective chord 
members as for an ordinary beam.  
 

 
Figure 5 – Typical detailing of reinforcement around opening in a heavily loaded member. The 
vertical component of the inclined reinforcement provides resistance for beam-type failure, but 
is mainly placed for crack control. 
 
 
3.  RC BEAMS WITH SINGLE OPENINGS UNDER SHEAR 
 
3.1  Details of specimens and loading arrangement 
 
Three shear-reinforced RC beams with single openings, and an equivalent solid beam 
unreinforced in shear, were tested as shown in Figure 6. The dimensions of the beams were 
bxhxl=200x300x2500 and the diameter of the openings was do=140m. For all specimens, the 
tensile and compressive reinforcement consisted of 2Ø20 and 1Ø12, respectively, with 30mm 
cover. The shear reinforcement varied as shown in Figure 7. For the fibre-reinforced specimens, 
the reinforcement layout was centred to promote a favourable flow of fibres during casting.  

 
Figure 6 – Test set-up for the four RC beams investigated in the test program.  
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Figure 7 – Reinforcement layout for the four RC beams tested. The text to the right lists the 
reinforcement relevant for the shear resistance of the critical cross-section. 
 
3.2        Materials 
 
Two beams were made of ordinary concrete and two of concrete with 1.0vol% hooked-end 
steel fibres of the type Dramix 80/60. The fine aggregate was 0-8mm natural sand and the 
coarse aggregate was 8-16mm natural gravel. The compressive strength of the concrete fc was 
established by multiplying the strength obtained from tests on 100mm cubes by a factor 0.8. 
The direct residual tensile strength fftres,2.5 was derived from bending tests on notched 
150x150x550 prisms by multiplying the measured residual flexural strength at 2.5mm crack 
width by the commonly used factor 0.37, as e.g. described in COIN Project Report 29. The 
yield strength of the steel bars fy was assumed to be 500MPa. 
 
3.3        Testing of specimens 
 
The specimens were loaded by a hydraulic jack through a 50x200mm steel plate. A piece of 
chipboard was inserted between the loading platens and the specimen to ensure full contact 
over the entire loading area. The specimens were supported by a 50mm steel plate rotating on 
top of a steel pipe at both ends. To obtain a simply-supported condition, the left pipe was fixed 
by welding, whereas the right pipe was allowed to roll. The displacement at mid-span was 
measured by a LVDT connected to the floor.  
 
 
3.4  Experimental results 
 
Figure 8 and Table 1 summarises the results from the test program. In the calculations of Vframe, 
the shear resistance attributable to the compressive frame member has been calculated by 
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combining Equation 5 and 6 and solving for the unknown shear force Vc, whereas the 
contribution from the tensile frame member was neglected. This is a conservative approach 
since the force transmitted through the compressive frame member will in reality be larger if 
shear reinforcement or fibres is provided. The tensile frame member might also contribute 
slightly to the shear resistance, but its contribution can only be small due to the adverse effect of 
the normal tensile force on the shear resistance. 
 

 
Figure 8 – Load-deflection behaviour of the single opening specimens.  
 
It can be seen that when either 2Ø8 vertical stirrups or 1.0vol% steel fibres is used as shear 
reinforcement adjacent to the opening, the behaviour of the RC beams with openings (Beam B 
and D) is restored to that of an equivalent solid RC beam unreinforced in shear (Beam A). The 
RC beam with both stirrups and fibres (Beam C) on the other hand is about 50% stronger. It is 
also interesting to note that the failure of the RC beams without fibres is brittle, whereas the 
fibre-reinforced specimens exhibit some residual strength after the peak load. 
 
Table 1 – Test parameters together with the estimated and experimental shear resistance.  
Beam fc fftres,2.5 a d  do Av Vframe Vbeam Vexp Vexp/Vcalc Failure type 

 Mpa Mpa mm mm mm mm2 kN kN kN  in tests 
A 41 - 750 260 - - - 64.5 89.4 1.39 Beam 
B 41 - 750 260 140 201 19.0 130 82.0 4.32 Frame 
C 52 3.4 750 260 140 201 86.7 198 121 1.40 Beam? 
D 52 3.4 750 260 140 - 86.7 97.5 100 1.15 Beam 

 
 
3.5  Discussion 
From Table 1 it can be seen that the shear resistance is predicted rather well for all specimens 
except Beam B. The reason is probably that the stirrup on the right side of the opening in Figure 
8 crosses the critical crack in the compressive chord and thereby contributes to the overall shear 
resistance of the member. In fact, if the contribution from 1Ø8 stirrup (i.e. 50kN) is added to the 
frame-type predictions for beam B, C and D, the shear resistance is well predicted for all 
specimens, although the strength of Beam C is slightly over-predicted. It also seems to lead to 
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the correct prediction of the type of failure for all specimens, except maybe for Beam C. 
However, it should be noted that the exact failure type of beam C is not easy to pinpoint since 
the crack pattern seems to be a combination of beam-type and frame-type failure. 

 
Figure 9 - Crack pattern after failure for the RC beams with single openings. 
 
 
4.  RC BEAMS WITH DOUBLE OPENINGS UNDER SHEAR 
 
4.1  Detail of test specimens 
 
Four RC beams with double openings were tested as shown in Figure 10. However, it should be 
noted that that for Beam C the left and right support had to be moved 200 and 140mm toward 
each other, respectively, to ensure that shear failure occurred before yield of the main flexural 
bars. The shear reinforcement varied as shown in Figure 11. The dimensions of the beams were 
bxhxl=200x400x4000mm and the diameter of the openings was do=160mm. The tensile and 
compressive reinforcement consisted of 2Ø25 and 2Ø12, respectively, and Ø8s180 stirrups were 
used as shear reinforcement. This corresponds to the maximum spacing 0.6hˈ given by EC2 
NA.9.2.2(6). Next to the openings the stirrups were moved 30mm in order to make room for the 
openings. This resulted in 210mm spacing adjacent to the holes and 150mm spacing in-between. 
In order to resist local bending moments, two 8mm bars with a length of 1000mm were placed 
in the chord members above and below the openings. These were removed in beam B, which 
served as reference for Beam C with fibres. In Beam D, only the tensile reinforcement was kept 
besides the fibres. 

 
Figure 10 – Test set-up for the four RC beams investigated in the test program.  Note that for 
Beam C the left and right support had to be moved 200 and 140mm toward each other, 
respectively, to ensure that shear failure occurred before yield of the main flexural bars. 
 
4.2  Materials 
Two beams were made of ordinary concrete and two of SFRC with 1.0vol% hooked-end steel 
fibres of the type Dramix 65/60. The fine aggregate was 0-8mm natural sand and the coarse 
aggregate was 7-14mm limestone gravel. The compressive strength of the concrete fc was 
established from tests on 100x200mm cylinders. The direct residual tensile strength fftres,2.5 was 
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derived from bending tests on notched 150x150x550 prisms by multiplying the measured 
residual flexural strength at 2.5mm crack width by the factor 0.37. The yield strength of the steel 
bars fy was assumed to be 500MPa.  
 

 
Figure 11 – Reinforcement layout for the four RC beams investigated in the test program. The 
text to the right lists the reinforcement relevant for the shear resistance of the critical cross-
section. 
 

4.3 Testing of specimens 
The specimens were loaded by a hydraulic jack through a 100x200mm steel plate. A piece of 
chipboard was inserted between the loading platens and the specimen to ensure full contact over 
the entire loading area. The specimens were supported by a 180mm wide steel plate rotating on 
top of a steel pipe at both ends. To obtain a simply-supported condition, the left pipe was fixed by 
welding, whereas the right pipe was allowed to roll. The displacement of the loaded section was 
measured by a LVDT connected to the floor. Due to the asymmetric loading arrangement, the 
damage was mostly confined to the left region. Hence, after testing, the beam could be reverted 
and the test repeated for the other side.  
 
4.4 Experimental results 
Figure 12 and Table 2 summarises the results from the test program. The shear resistance was 
calculated in the same manner as for the specimens with single openings, but the factor 0.15 was 
used instead of 0.18, as dictated by the Norwegian Annex to EC2 for limestone aggregate. Note 
that contrary to the single opening specimens, two test results are obtained from each of the 
double opening specimens. However, for clarity of presentation, only the results from the second 
test (denoted A2, B2, C2 and D2) are shown in Figure 12. In Table 2, the strength results from the 
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first test (denoted A1, B1, C1 and D1) are also included.  Nonetheless, in the following discussion 
it is simply referred to Beam A, B, C and D, since the first test and the replication led to similar 
results. 
 

 
Figure 12 – Load-deflection behaviour of the specimens with double openings. For clarity of 
presentation, only the results from the second test on each specimen are shown. 
 
By comparing Beam A and B, it can be seen that there is no effect of removing the horizontal bars 
in the chord members. This indicates that they probably are not needed in beams with small 
openings (except as anchorage for short vertical stirrups if present). It is also interesting to note 
that, as for the single opening specimens, the beams with either 2Ø8 vertical stirrups or 1.0vol% 
steel fibres as shear reinforcement, exhibits a nearly identical pre-peak behaviour (B and D) 
although the post-peak response is more ductile for Beam D with fibres. Further, as for the single 
opening specimens, the RC beam with both stirrups and fibres (Beam C) is about 50% stronger 
than the other specimens. However, it should be remembered that the loading arrangement for 
Beam C had to be slightly altered in order to obtain a shear failure before yielding of the main 
flexural bars, i.e. the behaviour of Beam C is not directly comparable to the other specimens. This 
is also the reason for the stiffer behaviour of this specimen. 
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Table 2 – Test parameters together with the estimated and experimental shear resistance. 
Beam fc fftres,2.5 a  d do Av Vframe Vbeam Vexp Vexp/Vcalc Failure type 

in tests 
 Mpa Mpa mm mm mm mm2 kN kN kN   

A1 60 - 1000 355 160 201 33.5 145 166 4.96 Frame 
A2 60 - 1000 355 160 201 33.5 145 193 5.76 Frame 
B1 60 - 1000 355 160 201 33.5 145 178 5.31 Frame 
B2 60 - 1000 355 160 201 33.5 145 188 5.61 Frame 
C1 57 4.5 800 355 160 201 158 274 267 1.69 Beam? 
C2 57 4.5 800 355 160 201 158 274 266 1.68 Beam? 
D1 57 4.5 1000 355 160 - 163 173 172 1.06 Beam 
D2 57 4.5 1000 355 160 - 163 173 197 1.21 Beam 

 
4.5       Discussion 
From Table 2 it can be seen that, as for the single opening specimens, the predicted shear 
resistance for the beams with only stirrups (Beam A and B) is far off their experimental value. 
The reason is probably again that the full-length stirrups at the sides of the openings contribute to 
the frame-type shear resistance, due to the low inclination of the frame cracks. Since the shear 
crack-pattern in Figure 13 is distributed over the entire depth of both sides of the critical opening, 
it may seem like the stirrups on both sides of the opening contribute to the shear resistance. If this 
is the case, the contribution from 2Ø8 stirrups (i.e. 100kN) can be added to the frame-type shear 
resistance for Beam A, B and C. This leads to a better agreement with the tests results. It should 
also be noted that for Beam C, where the load application point is moved closer to the support, the 
main crack at failure nearly bypasses the opening and it also seems like the applied load flows 
more directly towards the support.  
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Figure 13 - Crack pattern after failure for the four RC beams with double openings. 
 
 
5. FINAL REMARKS 
It has been shown that both the beam shear reinforcement and the secondary shear 
reinforcement in the region of the openings can be left out by the inclusion of 1.0vol% hooked-
end steel fibres in the concrete. Moreover, simple shear design formulas for RC beams with 
openings have been proposed based on the EC2 expressions for solid beams. The only material 
parameter used to account for the effect of fibres is the residual direct tensile strength at 2.5mm 
crack width as derived from three-point bending tests on small notched prisms. This led to safe 
strength predictions for all specimens, although the estimated resistance of the specimens 
governed by frame-type failure was overly conservative. It should be emphasised that the design 
methodology proposed in this paper is of a tentative nature and more experimental data is 
needed to check on its validity. Moreover, any favourable or unfavourable orientation of the 
fibres in the structural members compared to that in the “material” test specimens used to derive 
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the residual direct tensile strength, has not been investigated. However, the factor 0.6 in 
Equation 3, as proposed in COIN Project report 29, has been reduced from its theoretically 
deduced value of 0.8 (see e.g. [10]) and thereby indirectly account for any unfavourable 
orientation of the fibres in the structure.  
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ABSTRACT 

 
In Sweden, the market share of cast-in-place Self-Compacting 
Concrete (SCC) is only around 10%. Uncertainty concerning 
formwork pressure is considered to be one of the most important 
factors explaining the slow progression. During construction of a 
400 m long, 6 m high and 0.27 m thick prison wall in northern 
Sweden, SCC alone was used. The formwork used consisted of 
steel-framed panels, instrumented with flush-mounted pressure 
sensors. Each concrete batch was tested for air content, slump-
flow, concrete and air temperature. Besides tests on torsional 
moment or torque, L-box, and V-funnel were carried out. 
Relations between concrete properties, casting rate and time 
versus formwork pressure were investigated. The results 
confirmed that structural build-up of SCC has to be taken into 
account for predicting formwork pressure. The torsional moment 
was measured at three consecutive times at each casting and the 
time-dependent development of the torsional moment was 
subsequently used as indirect input in two simple formwork 
pressure methods that have been developed recently. The 
comparison between computed and measured formwork pressure 
shows that both these methods would be possible to use for 
predicting formwork pressure generated by SCC. 
 
Key words: formwork pressure, fresh concrete properties, 
formwork pressure models, SCC. 
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1. INTRODUCTION 
 
Self-Compacting Concrete (SCC) is a construction material with a great potential in the 
construction industry. Despite all the benefits, such as improved working environment and 
increased degree of productivity, the material still remains underused. The market share of cast-
in-place SCC in Sweden is around 10%. The share in the precast concrete industry is 
substantially higher. The precast concrete production is carried out with the same trained and 
experienced working staff that is casting indoors without disturbances from weather, wind, rain, 
and snow. The precast concrete production is often run through long series enabling possibilities 
to take the advantages of repeatability into consideration. Consequently, the precast concrete 
production leads to concrete with constant properties and low scatter. Constant fresh concrete 
properties are beneficial for producing SCC. Contrary to precast concrete production, cast-in-
place concrete production is carried out outdoors under varying weather conditions. The fresh 
concrete is usually produced in a ready mix plant and the transport between the plant and the site 
may vary in length due to differences in traffic intensity. The difference in transportation time is 
in turn influencing the fresh concrete properties which is challenging for the SCC production. 
Another difference between precast concrete production and cast-in-place concrete is that walls 
mainly are cast horizontally in the precast industry but vertically on site. The vertical casting 
requires more complicated formwork and the formwork pressure has to be taken into account 
when designing the formwork. 
 
The difficulties in predicting formwork pressure when casting SCC in vertical formwork is 
considered to be one of the most important factors that have delayed the market share 
development of cast-in-place SCC. The fresh SCC has a lot of similarities with a liquid and 
when it was introduced in the 1990s, the formwork was designed for full hydrostatic pressure. 
However, more recent research has shown that this conservative design does not have to be used 
in all cases [1]. The structural build-up of SCC during rest means that a pressure that is 
substantially below the full hydrostatic pressure is developed, especially at low casting rates. 
Still, formwork pressure generated by SCC (and concrete in general) is difficult to predict and 
influenced by many factors. The most important ones are connected to the concrete properties 
(specific weight, rheological properties, and structural build-up), the formwork geometry (height 
and thickness) and other properties (friction and reinforcement), the casting rate (constant, step-
wise, or varying), and the surrounding weather conditions (mainly temperature). 
 
During 2008-2009, a unique SCC project was carried out in Sweden. A 400 m long, 6 m high 
and 0.27 m thick wall was constructed. It surrounds a new prison in Härnösand in the north of 
Sweden [2]. The first author measured the formwork pressure exerted in some of the casting 
sections as well as a number of fresh concrete properties. This paper contains efforts to compare 
measured fresh concrete properties and derived formwork pressure with measured formwork 
pressure.  
 
 
2. ESTIMATING FORMWORK PRESSURE 
 
2.1 Methods to estimate formwork pressure 
 
The old Swedish method to estimate formwork pressure was developed during the 1960s [3]. It 
took casting rate R, slump S, and concrete temperature T at placing into account and was valid 
for S < 150 mm: 
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For S > 150 mm, the design pressure was considered to equal full hydrostatic pressure cgh, 
where, c = density of concrete, g = gravity constant (g = 9.81 ms-2), and h = casting height. 
Usually, the product cg is replaced by c (often: c = 25 kN/m3). Other countries developed 
similar equations [4]. However, they have all the same shortcoming; they cannot be used for 
SCC.  
 
During recent decade, a number of new methods for estimating formwork pressure when using 
SCC have been developed. Some of them are described in [5]. Their main characteristics are 
summarized in Table 1 [6-13]. All models have one condition in common; they all include a 
factor taking the time-dependent structural build-up of the SCC into account. However, this is 
done in several different ways. Some of these ways are fairly complicated and can hardly be 
conducted by others than the researchers. The authors have identified the methods developed by 
DIN [11] and Gardner et al. [13] as the easiest to use. They will be described more in detail in 
the following subsections. 
 
Table 1 – Factors considered in some important formwork pressure models used for SCC. 
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How structural build-up 
is considered 

Ovarlez & Roussel [6] X X X X    1 Static yield stress 
increase per time unit 

Proske [7] X X  X X   2 Time to force = 50 N 
gives indentation = 1 
mm + further lab tests 

Lange et al. [8] X X      3 Time to zero pressure 
for control test in 
vertical pipe 

Perrot et al. [9] X X X X X   1 Settlement of control 
test 

Beitzel [10] X X X X    1 Static yield stress 
increase per time unit 

DIN [11] X X X     1 Time to force = 50 N 
gives indentation = 1 
mm 

Khayat & Omran [12] X X X X  X  2 Portable tixometer 
(Portable Vane) 

Gardner et al. [13] X X X    X 1 Time for max slump-
flow to drop to 400 mm 
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2.2 The DIN 18218 [11] method 
 
The German standard method DIN 18218 [11] was developed through a large German research 
program [14] containing both laboratory tests and field tests. In the German method, the 
following equation is used for determining the maximum formwork pressure pmax. 
 
 HptRp  chydrostatcEmax )16.08.0(   (2) 
 
where, R = casting rate (measured in m/h), tE = setting time (h), c = 25 kN/m3, phydrostat = 
hydrostatic pressure of concrete liquid (kPa), and H = concrete height (m). The setting time is 
estimated in an approximate way by pushing the thumb with a 50 N force on a bag containing a 
sample of the actual concrete. The setting time is given by the time when the indentation in 
consecutive measurements passes below 1 mm (in practice the measurement value from the 
thumb test, defined as tE,KB, is transferred to the setting time tE inserted in Eq. (2) through the 
transition tE = 1.25 tE,KB). In Eq. (2) mean values are used. DIN [11] contains also an equation 
using characteristic values but it has been omitted since it is always more straightforward to 
compare measured values with mean values. 
 
 
2.3 The Gardner [13] method 
 
Gardner et al. [13] base their method on a large number of field tests. They are focusing on the 
time needed for the slump-flow SF to equal zero. Since slump-flow is a simple and well-known 
test method for testing fresh SCC, Gardner’s method is simple to use. The following equation is 
used for determining the formwork pressure p: 
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where, the time t0 (h) corresponds to a hypothetical time for the slump-flow SF to reach zero 
slump-flow. The SF is considered to decrease linearly with time after casting (Figure 1). Based 
on simple geometrical relationships in Figure 1, this time is determined with the following 
equation: 
 

 










400i

i
4000 SF

SFtt  (4) 

 
where, t400 = time (h) required for the slump-flow to drop to 400 mm and SFi = initial slump-
flow (mm). The time limit th is equal to the time to reach a placement height h, i.e., th = h/R; 
where h = height between the measuring point and the top surface of the placement (that is the 
top of the last lift) and R = casting rate. 
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Figure 1 – Principle graph showing the relationship between slump-flow and time. In this 
example, SFi = 700 mm, t400 = 1.5 h, and t0 = 3.5 h. Please, note that Gardner et al. neglect the 
fact that in practice the SF cannot be lower than 200 mm = the diameter of Abram’s cone. (The 
authors have drawn the figure in order to illustrate the ideas of Gardner et al [13].) 
 
Gardner et al. [13] applied their method to three field castings (Figure 2). The correspondence 
between calculated and measured values is decent but not more. Most values are located below 
the line of complete correspondence indicating that the method is on the conservative side 
(calculation overestimates measurement). 
 

 
Figure 2 – Comparison of measured and predicted lateral pressures using Gardner’s 
method and measuring data [13]. 
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2.4 The Stockholm workshop 
 
As stated in Section 2.1, lot of research has been devoted to SCC and efforts to determine and 
anticipate formwork pressure. In order to compare different models, summarized in Table 1, an 
international workshop consisting of round-robin tests was organized by the Swedish Cement 
and Concrete Research Institute in Stockholm during May 2012 [5, 15]. The workshop 
participants were the developers of the models. The test program included measurements of 
pressures generated in full-scale concrete forms using pressure transducers as well as load cells 
mounted on tie bars. Test parameters included wall height (4.2 or 6.6 m) and thickness (0.2 or 
0.4 m), casting rate (2.7-6.4 m/h), and rate of structural build-up. The structural build-up was 
measured through a number of test methods (cf. Table 1) to suit the various researchers’ needs. 
A total of eight castings were carried out during four days. Highest measured relative formwork 
pressure was 90 %. Billberg’s conclusion is that all methods evaluated were comparable 
indicating that neither a “best” nor “worst” method could be identified [5]. 
 
 
3. AIM AND LIMITATIONS 
 
The original aim of current research project was to investigate the influence of SCC properties 
on formwork pressure. The research question dealt with investigating any possible relationship 
between fresh concrete properties and formwork pressure exerted in full-scale concrete castings. 
Each concrete batch was tested for air content, slump-flow, and concrete and air temperature. 
Measurements were also conducted on torsional moment or torque as well as L-box and V-
funnel tests. In addition, each slump-flow test was photographed. Torsional moment was 
measured at three different times after casting. Hence, it was also possible to evaluate the 
relationship between time-dependent changes of fresh concrete and formwork pressure. 
 
The full-scale tests were carried out on a real project, a 400 m long prison wall. Measurements 
on a real project implies a lot of advantages (e.g., real conditions, no “lab-crete”, experienced 
workers, and reduced costs) but also some disadvantages or limitations. The concrete mix design 
was made by the ready mix concrete plant in co-operation with the contractor and could not be 
varied which is desirable in any research project. Also the formwork height and thickness were 
constant. Furthermore, only twelve out of 33 castings could be instrumented and measured. All 
fresh concrete properties were not always measured at both plant and on site. The castings were 
conducted during winter which caused problems with some of the castings, measurements, and 
readings. Finally, the research project was planned and carried out already in 2007 and 2008-
2009, respectively. At that time, no practical design methods (like [11] or [13]) were published. 
If they had existed, the testing program could easily have been expanded to cover the simple 
fresh concrete tests that constitute indata to their models. 
 
 
4. DESCRIPTION OF THE PROJECT 
 
4.1 General information on the project 
 
The research project was carried out in connection to a new prison located in Härnösand, a city 
450 km north of Stockholm, Sweden. The planning of the new prison, replacing an existing one, 
was initiated in 2003. In August 2007, the contractor NCC Construction was commissioned by 
the client Specialfastigheter Sweden. The prison was finished in two years (Figure 3). In 
average, one hundred people have been involved in the project. Two walls are surrounding the 
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prison, one 1000 m long outer wall and one 400 m long inner wall. This research project was 
carried out on parts of the inner wall that was 6 m high and 0.27 m thick. 
 

 

 

Figure 3 – The new prison Saltvik was opened for use during the autumn 2010. It has room for 
134 prisoners. Photographs from Wikipedia. 
 
 
4.2 Castings 
 
The wall was cast in 12 m sections (occasionally 10.8 m), using approximately 20 m³ SCC per 
section. The ready-mixed concrete was delivered by Grus & Betong i Norrland, a company 
within the Skanska group. Each section was normally cast in four lifts (single cases in five, six 
or seven lifts) that each was averaging 1.5 m in height. The casting rate varied between 1.3 and 
3.5 m per hour and a concrete pump was used. The pump hose position was horizontally fixed 
during each casting. Concrete from the trucks were alternately pumped to the left and to the 
right (Figure 4). During each casting, pressure values were continuously monitored on the 
computer. Direct contact with staff at the ready-mix concrete plant and the pump truck driver 
made it possible to reduce the casting rate if the pressure values were too high.  
  

 
Figure 4 – Varying position of the pump hose. Measures in meter. *) Occasionally 1.2 m. 
 
Requirements on concrete durability was established from exposure classes XC4 and XF3 in SS 
EN 206-1 [16], maximum w/c = 0.55. The selected SCC mix was frost resistant and designed to 
meet the requirements on compression strength class C32/40. The w/c was 0.50 (lower than the 
requirements in SS EN 206-1), and w/p was 0.33 with a paste content of 446 l/m3.   
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The ready-mix concrete plant was located just 250 m from the building site. The general mix 
design of the used SCC is shown in Table 2. The amount of admixtures was varied somewhat in 
order to maintain uniform fresh concrete properties. 
 
Table 2 – Mix design of one cubic meter of the SCC. 
Constituent Weight (kg) 
CEM II (Portland-limestone) 400 
Limestone filler 200 
Aggregate 0-8 mm (natural sand) 1015 
Aggregate 8-16 mm (crushed) 485 
Water 200 
Plasticizer Approx. 2.5 
Air entraining agent Approx. 1.1 

 
The wall was built between August 2008 and May 2009. Measurements were made during 
twelve (of a total of 33) castings, see Table 3. Three different (but identical) form elements 
(Nos. 1-3) were used alternatively to enable an efficient production cycle. 
 
Table 3 – Disposition of the castings and corresponding temperature and casting rate. 
Date Element No. Outside air temp, 

mean value (°C) 
Casting 

rate (m/h) 
Note 

 1 2 3    
2008       

8 Oct  X  + 6 1.4  

10 Oct X   + 8 1.5  

15 Oct   X - 1.5  

22 Oct X   + 7 1.3  

7 Nov  X  + 3 1.5  

14 Nov   X + 2 1.5  

19 Nov  X  - 2 1.3  

2009       

14 Jan X   - 2 1.3 The concrete was too 
stiff. 

28 Jan  X  - 1 1.7 The concrete was too 
stiff. 

11 Feb  X  - 10 2.5  

25 Mar  X  - 4 3.5  

27 Apr  X  - 3.3  

Note. The casting rate is defined as the average casting rate computed as total casting height divided with 
total time from casting start to end of casting. The measurements on Jan. 14 and Jan. 28 were omitted in 
the analyses since the needed fresh concrete measurements could not be performed. 
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4.3 Formwork, instrumentation and measurements 
 

The formwork consisted of film faced 15 mm plywood panel mounted on steel frames. Each 
steel frame element was 2.4 m wide and 3.3 m high, consisting of two vertical KKR profiles 
(100×100×5 mm, KKR stands for the Swedish acronym for Cold Formed Rectangular Hollow 
Section, CFRHS) and horizontal VKR profiles (100×40×2.5 mm, VKR stands for the Swedish 
acronym for Hot Formed Rectangular Hollow Section, HFRHS). The formwork was supplied by 
the company PERIform Sverige. In average, two stages per week were cast. The walls were 
reinforced with a double mesh and 12 mm rebars. One of the elements was instrumented with 
pressure sensors and placed near the middle of the section, as shown in Figure 5. 
 
The pressure sensors used were Honeywell ABH100PSC1B model with pressure range 0 to 689 
kPa. The sensors were mounted in special made threaded steel plugs and sockets, with rubber 
wreaths around them to prevent leakage. They were flush-mounted, facing inwards, and placed 
in five different levels from the ground: 110, 530, 1130, 1730 and 2630 mm. In Figure 6, they 
are marked as red circles. The sensors were measuring deformation which then was transformed 
into voltage fluctuation (in mV). A logger (HBM Spider 8 with amplifiers SR 01) gathered the 
signals and transformed them for a connected computer using the software HBM Catman. The 
logger and the computer were stored inside a movable steel container, which was moved before 
each casting. 
 
 

 
Figure 5 – Location of the instrumented form element in the actual section. 
 
During the tests, also tension forces in the tie bars and strains in the formwork framing were 
measured. Comparisons between the three methods (pressure sensors, tie bar forces, and framing 
strains) show that the correspondence is fairly good [2], but in this paper only the pressure 
sensor measurements are used. 
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Pressure sensor 

Figure 6 – Instrumentation of the formwork element. 
 
Calibration of the pressure sensors and measurement uncertainty 
In the laboratory, a pressure transducer (HBM P11, pressure range -20 to 20 kPa) was calibrated 
with the pressure calibrator (Fluke 718 100G, pressure range -82 to 689 kPa). These two gauges 
were mounted on a steel cylinder, 1.5 m tall and with 0.20 m diameter, with pressurized air in it. 
As a second step, the five pressure sensors were calibrated with the pressure transducer on the 
same steel cylinder. The logger used during the calibration was a HBM MGC Plus ML55B.  The 
calibration provided conversion factors for the five pressure sensors as input for the used 
software. The total uncertainty of the pressure sensor measurements in the field consists of 
uncertainties in the following parts: (i) the pressure calibrator (0.05%), (ii) the pressure 
transducer (0.5%), (iii) the logger used for calibration (0.02%), (iv) the logger used in the field 
(0.2%), and (v) the pressure sensors (0.25%). 
 
 
4.4 Fresh concrete testing   
 
Each concrete batch was tested for air content, slump-flow, concrete and air temperature and 
torsional moment or torque as well as L-box and V-funnel tests. In addition, each slump-flow 
test was photographed. Slump-flow was measured according to SS-EN 12350-8 [17] (Figure 7, 
left).  
 
Structural build-up at rest of concrete is typically assessed using a coaxial concrete rheometer, 
see [18]. In this project, a Portable Vane (PV) test, similar to that used to evaluate  
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the un-drained shear stress of soil, was used. The test method for soil is described in ASTM 
D2573-72 [19]. In this case a special equipment developed at the Swedish Cement and Concrete 
Research Institute was used (Figure 7, right). It consists of a cubic container with the sides made 
of 12 mm plywood. The interior dimensions of the container measure 300×300×300 mm.  The 
four-bladed vane is attached through a ball bearing provided axle to a steel stand. The four 
blades are mounted in an orthogonal pattern. Each blade is 50×50 mm large and 2 mm thick. 
The gravity centre of the vane is placed 150 mm from the bottom of the container, i.e., at the 
centre of the fresh concrete. The measuring procedure is as follows: 
 

1. Fill up the container with fresh concrete up to a height that should not exceed the 
container’s height. 

2. Mount the steel stand centred on the top of the container and tighten the screws slightly 
against two opposite exterior sides of the container. 

3. Attach the torque meter, apply a torsional moment, and measure the torque that is needed 
to break down the structure of the fresh concrete. 

4. Register the maximum value. 
 
The torsional moment is registered as a value in Nm. The maximum value registered during the 
test is defined as the torsional moment T used in the analysis. There are expressions for 
converting the torsional moment to a shear stress but such a conversion has not been used since 
it is not needed for the aim of this paper. The torsional moment was measured at three different 
times; 0 (measured directly after pump), 20 and 40 minutes after casting. The measured increase 
of the torsional moment is a measure or at least substitute for the structural build-up of the SCC. 
 

  
Figure 7 – Slump-flow test (left) and the Portable Vane, equipment for measuring torque 
(right). 
 
The data from the L-box and V-funnel tests have not been used in the analysis for this paper. 
Descriptions on these test methods are therefore outside the scope of this paper. 
 
 
5. RESULTS AND ANALYSIS 
 
5.1 Introduction 
 
The measurements were carried out on twelve castings (Table 3). Formwork pressure 
measurements were carried out during all twelve castings. The pressure sensors were located on 
five different levels (Figure 6). Since the casting of the formwork was made in several lifts, 
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there was a stepwise increase of the formwork pressure. The minor steps that also can be 
identified in the figure depend on the intermittent process of pumping. Simultaneously, there 
was a decrease of the formwork pressure due to structural build-up. A typical curve describing 
the formwork pressure development with time is shown in Figure 8. 
 
All twelve castings were initially used for the entire analysis. However, the castings on 14 and 
28 January, 2009, were omitted in the analysis in Section 5.3 since the SCC was too stiff to 
enable torsion measurements.  
 

 
Figure 8 – Relationship between time (hour:min) and measured formwork pressure for casting 
on 15 Oct. 2008. The measurements at level 2, 0.53 m from bottom (indicated by “Tryck 2” in 
the legend), were used in the analysis. Casting started at 6.54 a.m. and maximum formwork 
pressure = 82.6 kPa was obtained at 10.50 a.m., i.e., 236 minutes after casting. 
 
 
5.2 Simple relationships 
 
In cases with all other parameters equal, it is anticipated that there should be an evident 
relationship between casting rate and formwork pressure. The concrete mix design was the same 
during the entire project but other conditions varied, especially the weather, cf., Table 3. Despite 
the non-consistent conditions, the relationship between casting rate and maximum measured 
formwork pressure was investigated (Figure 9). As anticipated, no correlation was obtained. The 
majority of the castings were conducted at a casting rate between 1.3 and 1.7 m/h and the graph 
shows that any value between 30 and 100 kPa could be obtained for the maximum formwork 
pressure. 
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Figure 9 – Maximum measured formwork pressure, measured at 0.53 m from bottom, 
versus casting rate. 
 
Figure 10 shows the relationship between measured slump-flow after pump and developed 
maximum formwork pressure at level 2, i.e., at 0.53 m from bottom. A decent correlation 
between the initial slump-flow and the measured pressure was obtained. The slump-flow 
corresponds to yield stress. Two concrete mixes with large difference in yield stress are likely to 
be different also in other respects, e.g., in structural build-up which current research has 
identified as one of the most important factors for obtaining formwork pressures below full 
hydrostatic pressure. 
 

 
Figure 10 – Maximum measured formwork pressure, measured at 0.53 m from bottom, 
versus initial slump-flow. 
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5.3 Procedure and assumptions for estimating formwork pressure in the Härnösand 
study 

 
Knowledge on consistency and casting rate is not sufficient to estimate formwork pressure. As 
stated above, we need to consider the behaviour of the self-compacting concrete at rest [5]. In 
current study in Härnösand, the measurement on torsional moment or torque T was the only test 
method used repeatedly during the casting procedure and is therefore the only possible indirect 
test method on structural build-up. It was measured at 0, 20, and 40 minutes after casting. In this 
section, the authors have tried to estimate the formwork pressure by combining the 
measurements on torsional moment with two simple methods from the literature; (i) DIN [11] 
and (ii) Gardner et al. [13]. The data from ten castings between 8 Oct., 2008, and 27 April, 2009, 
were used in the analysis. These castings were characterized by well-functioning measurements 
and gauges during the entire castings as well as by no signs of concrete segregation. In fact, 
these were the only castings that fulfilled these requirements. 
 
Assumptions for using the two methods in the analysis are described in Table 4. 
 
Table 4 – Assumptions in the analysis. 
No. DIN [11] Gardner et al. [13] 
1 The time-dependent structural build-up is 

assumed to be approximately linear and not 
only until 40 minutes (Figure 11) but even 
continuously until the setting time tE. 

The time-dependent structural build-up is 
assumed to be approximately linear and not 
only until 40 minutes (Figure 11) but even 
continuously until the setting time tE. 

2 A default value for the setting time used in the 
DIN test method is 10 h [11]. Slightly lower 
values (4-6 h) were obtained in the Swedish 
workshop (Section 2.4, [5]). 

Measurements in [13] indicate that t0 ≈ 3 h 
with a large variation. In the Swedish 
workshop, higher values (4-11 h) were 
obtained. 
 

3 Due to lack of measuring values and verified 
relationships, any influence of concrete mix 
and temperature is ignored. All other 
conditions equal, the low temperature in the 
Härnösand study ought to postpone the setting 
time. 

Due to lack of measuring values and verified 
relationships, any influence of concrete mix 
and temperature is ignored. All other 
conditions equal, the low temperature in the 
Härnösand study ought to postpone the setting 
time. 

4 The setting time is set to tE = 10 h. The zero slump-flow time is set to t0 = 4 h. 
 

5 Extrapolating and averaging the torsional 
measurements in Figure 11 indicates that tE = 
10 h corresponds to T ≈ 12 Nm. 

Extrapolating and averaging the torsional 
measurements in Figure 11 indicates that t0 = 4 
h corresponds to T ≈ 5 Nm. 

6 The evaluation has been conducted with 
individual measurements (every casting day is 
an individual measurement) using TDIN = 12 
Nm and tE = TDIN /(T/dt), where T/dt = the 
average measured torsional change rate 
(measured in Nm/h) between t = 0 and t = 40 
min, i.e., T/dt = (Tt= 40 min – Tt=0)/([2/3]h). 

The evaluation has been conducted with 
individual measurements using TGardner = 5 Nm 
and t0 = TGardner /(T/dt), where T/dt = the 
average measured torsional change rate 
(measured in Nm/h) between t = 0 and t = 40 
min, i.e., T/dt = (Tt= 40 min – Tt=0)/([2/3]h). 
 

7 The calculated pressure p is computed with Eq. 
(2) and compared with the measured formwork 
pressure at level 2 (0.53 m above formwork 
bottom) starting with the first lift. 

The calculated pressure p is computed with 
Eq. (3) and compared with the measured 
formwork pressure at level 2 (0.53 m above 
formwork bottom) starting with the first lift. 
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All assumptions may of course be discussed and criticized. Linear extrapolation (assumption 
No. 1) is an uncertain prediction method; however, this is the best one that can be used when 
evaluating this project afterwards. Please, note that the Härnösand case study was conducted one 
to three years prior to the publication of the two formwork pressure models. The use of the 
average time-dependent structural build-up for selecting the torsional moment corresponding to 
the setting time implies that the correspondence between measured and calculated formwork 
pressure will be fairly good. The interesting point is that this procedure makes it possible to 
compare individual test results with the corresponding calculated values. Faster (shorter setting 
time) and slower structural build-up (longer setting time) than the average will be reflected in 
lower and higher calculated formwork pressure, respectively, in cases with constant casting rate. 
Consequently, the comparisons between the ten castings and corresponding calculated values 
are interesting. 
 

 
 

 
Figure 11 – The time development of torsional moment for selected concrete castings. 
The lowest graph contains an extrapolation of the measuring values up to t = 300 min = 
5 h. This graph has been included to help the reader to obtain values of the torsional 
moment at times t >> 40 min. In Table 4, item 4, values after t = 240 and t = 600 min 
are used. 
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5.4 Comparison between calculated and measured formwork pressure in the 

Härnösand study 
 
The comparison between calculated values using the DIN method [11] and measured values is 
shown in Figure 12. Most of the values are rather close to the diagonal line that represents 
complete correspondence. There seems to be one outlier (from Oct. 8) and two groups (one 
above the line of complete correspondence between measurement and calculation and one 
below). However, no common denominator has been identified for the two groups, neither 
similar temperature, nor similar casting rate. Since the estimation procedure contains a series of 
assumptions, a better correspondence was hardly expected. 
 

 
Figure 12 – The relationship between measured and calculated formwork pressure using 
the DIN method [11]. 
 
The comparison between calculated values using Gardner’s method [13] and measured values is 
shown in Figure 13. The diagram points show a similar pattern as in Figure 12, however, all 
values are placed slightly lower, i.e., the calculated values are slightly smaller. This means that 
Gardner’s method is less conservative than the DIN method. Still the obtained comparison is 
hardly worse than the correspondence obtained by the authors proposing Gardner’s method, cf., 
Figure 2. 
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Figure 13 – The relationship between measured and calculated formwork pressure using 
Gardner’s method [13]. 
 
 
6. CONCLUDING REMARKS 
 
The construction of a new prison wall in the north of Sweden provided a unique possibility to 
carry out field tests on formwork pressure of SCC. A total of twelve castings were instrumented 
and measured during the winter 2008-2009. The formwork used consisted of steel-framed 
panels, instrumented with flush-mounted pressure sensors. Tests on fresh concrete properties as 
well as formwork pressure measurements were carried out for all twelve castings. 
 
The tests show that previous formwork pressure methods, developed for vibrated concrete, 
cannot be used for determining formwork pressure of SCC. No clear correlations could be found 
between neither initial slump-flow nor casting rate and formwork pressure generated. This 
finding supports conclusions from previous research on formwork pressure generated by SCC. 
  
In order to estimate the formwork pressure development, knowledge on the structural build-up 
of the SCC at rest has to be known or be possible to anticipate. In the Härnösand study, the 
structural build-up was measured through repeated tests on torsional moment. The torsional 
moment development with time has been used as an indirect measurement on the setting time tE 
and zero slump-flow time t0 used in the DIN method [11] and Gardner’s method [13] to 
compute formwork pressure, respectively. Comparison between calculations and measurements 
show that both methods seem to be possible to use. 
 
There is an urgent need of further research both in laboratory and in field to validate DIN 
method and Gardner’s method for the large variety of conditions that are possible in the field. 
However, so far they seem to be promising for predicting formwork pressure generated by SCC. 
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ABSTRACT  
 
Due to a high degree of damages and undesirable final results of 
bonded overlays, research has been conducted to develop 
recommendations on design and execution. Laboratory and half 
scale tests as well as theoretical analyses have been carried out 
including e. g. base and end restraint tests on overlays with various 
reinforcement, concrete qualities, substrate preparing and curing. 
Also, analytical and numerical calculations have been performed. 
Results reveal that the bond between overlay and substrate is the 
most critical parameter for a successful final result. Other key 
parameters are shrinkage and curing, while fibre and bar 
reinforcement generally proved to be less significant. Theoretical 
models work well on this case and will be further developed.  
     
Keywords: Overlay, Shrinkage, Cracks, Curing, Bond, Steel fibres, 
Restraint stresses, Self Compacting Concrete 

 
 
1. INTRODUCTION 
 
1.1  Basic 
Bonded overlays on concrete substrates are applied in a wide range of applications such as 
bridge deck overlays on structural concrete, finishing layers on prefabricated elements, repairs 
or strengthening of deteriorated bridge, parking decks and damaged industrial floors. In order to 
ensure that the overlayed system maintains durable and fully functioning during the intended 
service life it is essential to limit crack widths and to prevent delamination.  
 
However, despite the fact that concrete is utilised on a regular basis for this application area, 
established practice regarding design and execution is lacking. A consequence is that misapplied 
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execution methods and wrong design are common, resulting in a far too high degree of 
undesirable final results. Cracking, debonding and edge lifting are among the most frequent 
problems, resulting from the differential shrinkage and thermal strain between the newly placed 
layer and the old sub-base material, see Figure 1.   
 
To develop relevant guidance on how to design and execute overlays avoiding the problems  
above, research projects have been and are carried out at LTU in cooperation with 
Betongindustri AB, Strängbetong AB and Betongteknik AB with funding from Trafikverket, 
SBUF and also the university [1] – [3]. The work presented here summarises studies in Sweden 
mainly conducted within the doctoral thesis of first author [1] and on-going research. Focus is 
on test results and analysis. Some examples of theoretical calculations will however be given. 
 
 

Cracks

Edge lifting

Concrete overlay

Concrete Substrate

Humidity gradient

Bond between overlay
and substrate

Debonding

Edge lifting

 
Figure 1.  Cracking and edge lifting of overlay due to differential shrinkage [1].  
 
1.2 Influencing factors  
Many researchers and building clients have pointed out that the most important factor 
determining the service life of an overlayed structure is shrinkage of the newly cast overlay that 
is restrained by the underlying substrate [4-7]. On the other hand, as observed in recent studies, 
also temperature induced strains may have an influence on this matter. Nevertheless, the 
damages according to Fig. 1 are typical consequences of rather the difference in shrinkage and 
temperature strain between the overlay and substructure. In this paper, however, main focus is 
on the shrinkage induced effects.  
 
Two measures may be undertaken to minimise the negative effects of restrained shrinkage: (1) 
reduce the shrinkage of the overlay concrete and/or (2) provide reinforcement to distribute and 
control cracks. Shrinkage reduction may be accomplished for example by adding Shrinkage 
Reducing Admixture (SRA) to the mix or by a proper mix design with as low cement paste and 
cement content as possible. The effect of SRA has been studied quite extensively over the last 
15-20 years, leading up to 30 % reduction both in short and long term (> 200 days in own tests), 
see e. g. [8-10], and the technique may now be regarded as an accepted method to control 
concrete shrinkage.  
 
Reinforcement is provided either by welded mesh or steel bars or by mixing fibres into the 
concrete matrix. An attractive feature of fibre reinforced concrete (FRC) is of course that the 
demanding handling of traditional reinforcement is eliminated. The improvement in working 
environment, and possibility to reduce labour intensity, is even more accentuated when fibres 
are combined with self compacting concrete (SCC). Experience from real overlay castings has 
further demonstrated that the use of SCC leads to improved surface finish with regard to flatness 
demands, thus reducing the need for expensive levelling screeds. These factors certainly give the 
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contractor incentives to select FRSCC, both from a productivity perspective as well as from a 
working environment and economical point of view.  
 
Despite the fact that fibres, mainly steel, are used on a regular basis to control cracking there is 
no method available to design overlays. This means that the steel fibre addition is often 
selected/designed based on recommendations relying on experience. Several experience based 
design proposals are available according to [12]. Although such methods occasionally may 
prove to result in “crack-free” overlays it is obvious that more reliable approaches need to be 
developed for the future use of SFRC and SFRSCC in overlays. Thus, main incentives in 
present and future research as well as development are: (1) to experimentally verify the effect of 
steel fibres on widths and distribution of shrinkage cracks in thin overlays (2) to establish a 
theoretical model for the estimation of crack risk due to restrained shrinkage and to assess the 
contribution of steel fibres on crack widths and, last but not least, (3) to study the effect of the 
driving force on this phenomenon; the shrinkage.   
 
2. OVERLAY TESTS 
 
2.1  General  
Various types of tests may be utilized for calibration of the models above; end-restrained test 
(1), base restraint tests (2) and ring tests (3), see Figure 2. Category (2) tests are clearly the most 
suitable from the viewpoint that the restraint condition represents the real overlay conditions. A 
drawback is that it is difficult to control the bond conditions, which means that the cracking 
response will rely on the particular restraint situation (bond quality) obtained in each test.   
 
The ring test is certainly the most popular test method. Favourable features are the simplicity of 
the setup and that the degree of restraint is well defined. However, a review of results reported 
indicates that the ring test may overestimate influence of crack distribution [1], [11]. Multiple 
cracking is regularly obtained already at low steel fibre dosages and in fact also for plain 
concrete. As crack distribution would clearly not take place in unreinforced concrete this leads 
to speculations regarding the validity of the method assessing the effect of reinforcement.    
 
Instead, end-restrained and base restrained tests have been used to assess the effect of steel 
fibres, restrained shrinkage and bond on cracking potential of SCC. 
 

(2) Base restraint

(3) Restraint from inner
steel ring

(1) End restraint

(2) Base restraint

(3) Restraint from inner
steel ring

(1) End restraint

 
 
Figure 2.  Common types of test methods used to study the effect of restrained shrinkage.  
 

2.2  End-restrained test series 
The test setup consisted of an HEA steel beam with a polished upper flange, giving a smooth 
and slippery surface to ensure that restraint would only develop at the ends of the specimen, see 
Fig. 3. L-shaped supports of steel 80x45 mm with 20 mm thick goods were bolted to the flange 
at a distance of 1 m.  
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Figure 3.  End-restrained shrinkage cracking test setup  
 
A 10 mm thick steel plate (l = 800 mm) with oiled and smooth surface was placed at the upper 
flange to decrease the concrete thickness in midsection (100 mm from the ends), see the figure. 
The plate was divided in three parts separated by a wedge at midsection to allow for easy 
removal after casting the concrete. End-restraint was achieved through three 10 mm threaded 
bars at each L-support extending approximately 75 mm into the concrete.  
 
Plastic foil was applied to the concrete surface immediately after casting to allow for a curing 
period of 24 hours. Testing was initiated by removing the foil, the form along the sides and the 
wedge in the steel plate underneath the concrete. An air proof tape was put along the concrete 
sides to prevent drying through the side faces and to ensure one-sided drying. Testing was 
performed in laboratory environment (T ≈ 22 °C and RH ≈ 50 %).  
 
Target points for deformation measurements were glued to the concrete surface at an individual 
distance of 200 mm starting 100 mm from each support. Measuring was conducted using a 
mechanical device of the type Staeger. 
  
An experimental program was conducted including reference specimens (plain SCC) and steel 
fibre reinforced SCC (fibre contents of 20, 30 and 40 kg/m3, i. e. 0.25, 0.375 and 0.5 vol%). Mix 
proportions are given in Table 1, corresponding to SCC class C28/35, 8 mm. Limestone filler 
was added to enhance the stability and Sikament 56, was used to obtain the target slump flow of 
700 mm. The fibre type was Dramix RC 65/35 BN (l = 35 mm, aspect ratio = 65).  
Two test rigs were carried out simultaneously for each type of concrete to improve the statistical 
result basis. The rigs were stored in a climate chamber with temperature and relative humidity of 
25°C and 50 % respectively. Additional unrestrained specimens were used for free shrinkage 
 
Table 1 – Basic concrete mix composition used in end- and base-restrained test series. 
Materials Cement 

CEM II/A-
L 42,5 R 
kg/m3  

Sand 
0/8 
natural 
kg/m3  

Filler 
Limestone 
Limus 40 
kg/m3  

Sikament 
56 
 
kg/m3  

Water 
 
 
kg/m3  

w/c 

mix proportions 370  1613  100  4.1  215  0.58 
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measurement, see Fig. 6, with the same cross section but slightly shorter, however still 
representative as a dummy specimen (still same drying and shrinkage conditions). Target points 
for measuring deformation were glued to the surface immediately after demoulding at 24 hours. 
Shortly after this, a zero-reading was recorded on both restrained and unrestrained specimens.   

2.3  Base restrained test series in laboratory 
The base restrained tests consisted of narrow overlay strips (50x150x2500 mm) cast on large 
concrete bottom slabs, see Fig. 4 (a). Four slabs were produced approximately a year in advance 
to minimise the remaining shrinkage to maximise the differential shrinkage between overlays 
and slab. Different substrate preparations were applied in order to achieve a variation in bond 
quality for the slabs (grinded and dry at the time of overlaying, grinded and wet, milled and wet 
and milled and primed with MD 16 (Maxit). The grinding procedure gave a rather smooth 
texture while milling resulted in a rough texture, see Fig. 4 (b).  
 
The ends of the overlay strips were fastened to the slabs by means of vertical expansion bolts in 
order to avoid complete delamination due to the well-known vertical tensile stresses, breaking 
off the overlay at the end. Ten overlay strips were cast on each slab; two strips of plain SCC, 
two steel bar reinforced strips SBRSCC (a centrally placed 10 mm steel bar i. e. 1 %), two strips 
with shrinkage reduced SCC (SRASCC with 1.5 % SRA type Sika Control 40) and four 
SFRSCC strips (two with 30 kg/m3 of fibres and two with 60 kg/m3 of the type Dramix RC-
65/35-BN). The same basic concrete recipe and materials as for the end-restrained test series 
were used for all mixes (Table 1).  
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Smooth texture (grinded)

 
 (a) (b) 
Figure 4. (a) Overlay strips on one of the slabs directly after casting. (b) Smooth and rough 
texture of substrate obtained by grinding and milling.   
 
The overlays were cured underneath plastic coverage for five days before exposed to a rather 
harsh laboratory environment of 15-20 % relative humidity and 20°C giving a rapid drying 
shrinkage development and associated overlay cracking within a rather short period of time 
(prior to 30 days which is not so common in reality – i. e. cracking often occur later as the 
humidity often is higher). Cracking and debonding were followed for a period of about 3 months 
where more than 70 % of the total shrinkage has been reached. 
 
Free unrestrained shrinkage was obtained in the same way as for the end-restrained test series 
under identical drying conditions, see Fig 9, despite a much shorter specimen as earlier 
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explained. A thickness of 50 mm was adopted in order to simulate the overlay strips and 
deformations were recorded at the bottom and upper faces of the specimens, using a handheld 
mechanical measuring device, to capture the shrinkage gradient.  
 
2.4  Base restrained tests on large specimens 
A series of “full or half scale” overlay tests was conducted on prestressed hollow core slabs 
(completely hardened, strength C45/55) of the type HD/F 120/27 at one prefabrication plant 
(Strängbetong AB). In total six slabs were used, each divided into four separate areas, in which 
different substrate preparations were applied in order to obtain a variation in the bond quality, 
see Figure 5 [3]. 
 
Preparations adopted (on thoroughly cleaned slabs) were pre-moistening, primer and none (dry). 
Pre-moistening was conducted approximately 1 hour prior to overlaying, which resulted in a 
film of free water on the substrate. Priming (Maxit Floor 4716) was conducted in two ways, the 
day before (primer 1d) and just before overlaying (primer 1h). Slabs 1, 3, 4 and 6 were 
overlayed at the same time with a 50 mm layer of Self Compacting Concrete (SCC). Slabs 1 and 
4 were un-reinforced while slabs 3 and 6 were reinforced with steel bar mesh 8s100. Steel 
fibres (30 kg/m3, Sika Fiber CHO 65/35 NB) were then mixed into the SCC before the last two 
slabs were overlayed (slabs 2 and 5).  
 
Two of the areas on each slab were air-cured while the remaining parts were covered by plastic 
foil, see Fig 5, which was removed 6 days later. However, the covering was not done until the 
morning the day after casting, which means that the surfaces were uncovered for approximately 
17 hours. The mix design is given in Table 2. The cement was of the type CEM II/A-LL 42.5R 
(Byggcement, Cementa). The aggregates were of a natural occurring type (Riksten). 
 

Curing with PE-foil

Air curing

DryPrimer 1dDryPrimer 1d Pre-
moist 1hPrimer 1d

Pre-
moist 1hPrimer 1h

DryPrimer 1dDryPrimer 1d

Slab 1 – Unreinforced SCC

DryPrimer 1dDryPrimer 1d

Slab 3 – Mesh reinforcement

Pre-
moist 1hPrimer 1d

Pre-
moist 1hPrimer 1h

Pre-
moist 1hPrimer 1d

Pre-
moist 1hPrimer 1h

Test series II

Slab 6 – Mesh reinforcement

Slab 2 – Fibre reinforced SCC Slab 5 – Fibre reinforced SCC

Slab 4 – Unreinforced SCC

~6-7 m

~1
.2

m

 
 
Figure 5. Full scale testing on hollow core slabs divided in four areas each with separate 
substrate preparation. Other parameters varied: type reinforcement and type of curing [3].   
 
 
Table 2 - SCC mix composition. (Filler and superplasticiser, see Table 1) 
Concrete grade Cement 

kg/m3 
Sand 0/8 
kg/m3 

Gravel 5/8 
kg/m3 

Filler 
kg/m3 

Superplast 
kg/m3 

w/c 

C35/45  445 1580 - 124 0.7% 0.47 
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3. RESULTS AND ANALYSIS 
 
3.1  End-restrained test series 
 
Material properties  
– Some material properties measured in the test program are given in Table 3. The compressive 
strength was determined at an age of 28 days while flexural beam tests were conducted at times 
after 28 days. Flexural testing was performed in accordance with [16]. The procedure has been 
rather common in Sweden despite the fact that it was withdrawn in 2006 as a standard test 
method. Results obtained from the beam tests are the crack strength (ffl,cr) and residual strength 
factors (R10,x) as shown in the table. Residual strength is obtained by multiplying the crack 
strength with the residual factor. Thus, area of load deflection curve of four point bending tests 
is calculated for a certain deflection and compared with the area at first crack (when ffl,cr is 
reached), e.  g. R10,20 is residual factor for deflections 5,5 and 10,5 times the deflection at first 
crack respectively, see [16]. Logically, it is seen that the residual factor increases with the fibre 
content up to 60 % for 40 kg/m3 which means that the ductility is 60 % of the one at perfect 
plastic behaviour. Furthermore, it is observed that unreinforced concrete display almost no 
ductility after the cracking, as expected. 
 
Table 3 – Cylinder compressive strength at 28 days and flexural strength and residual strength 
factors obtained from four point bending tests in accordance with [16]. 
Concrete type fcm

1) 

 
Flexural and residual strength  

ffl,cr R10,20 R10,30 R10,40 
MPa  MPa % % % 

SCC 30.5  4.2  4 2 1 
SFRSCC 20  36.5  4.4  26 26 26 
SFRSCC 30  39.0  4.2  37 38 38 
SFRSCC 40  36.5  4.7  59 60 60 
1) Mean cylinder strength.  
 
Free shrinkage 
As the bottom face of free shrinkage specimens were covered with air proof material, a 
nonlinear shrinkage distribution developed over the depth initially, which explains the 
difference in deformation that can be observed in Fig. 6. It can be seen that the response of the 
unrestrained specimens varied somewhat. In particular it may be observed that SFRSCC 40 had 
a somewhat slower shrinkage development. The variation is most likely related to a slight 
change in the relative humidity in the climate chamber during this test rather than to effects of 
the fibre addition.  It may be noted that despite the rather small size of the free shrinkage 
specimen, the exact free shrinkage is not obtained due to noneven humidity and eigenstresses 
within the specimen. These effects, indeed influencing documented strains, are studied in a 
larger Scandinavian research project (Crack Free Con).  
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Figure 6. Free shrinkage test specimen and test results of the mixes within the test program. 
Recordings on the bottom face was conducted for mix SFRSCC 20 and 30 (kg/m3) [1]. 
 
Restrained shrinkage 
Strains obtained at the upper face of restrained specimens of SCC, SFRSCC 20, 30 and 40 
(kg/m3) are shown in Fig. 7 (a)-(d). It should be pointed out that only one crack developed, i. e. 
crack distribution due to the fibre additions was not observed. Thus, crack strain is the strain 
measured in the zone where the crack developed while strain in uncracked parts corresponds to 
the mean strain obtained in uncracked parts.  
 
Even though steel fibres did not distribute cracks it is clear when comparing the results in Fig. 7 
(a) with Figs. (b)-(d) that a positive contribution was obtained, resulting in a decreased crack 
strain and also in lower strain in uncracked parts. It can further be seen that the difference 
between the free shrinkage strain and the strain in uncracked parts was more significant for fibre 
reinforced mixes as compared to plain SCC. The reason is that the initially restrained specimens 
are completely relieved in case of unreinforced SCC, Fig. 7 (a), while some restraint remained 
after cracking in fibre reinforced specimens, Fig. 7 (b)-(d), due to fibres bridging the crack.   
 
Although it is difficult to directly compare SCC and SFRSCC mixes as the final shrinkage was 
not reached at the end of testing it is quite clear that addition of 0.25 vol% (20 kg/m3) of steel 
fibres (b) did not alter the response very much in comparison to plain SCC. Cracks developed at 
approximately the same time (≈ 5 days) and the crack strains were similar in magnitude. 
 
From Fig. 7 (c) and (d) it may be seen that increased fibre amounts resulted in a more significant 
influence on the crack widths. A particularly good response was obtained for SFRSCC 40 (0.5 
vol%) where only one of the specimens cracked. A rather good response was also obtained for 
one of the specimens of SFRSCC 30 in Fig. 7 (c). The reason for the poorer performance of the 
second specimen of the same mix is believed to be due to a lower number of fibres crossing the 
crack.  
 
It can further be seen that the time to cracking seems to have been prolonged by increased fibre 
volume, compare i. e. the two specimens of SFRSCC 30. Note that a prolonged time to cracking 
for high fibre volume fractions has been reported in several previous studies [17, 18, 19]. This is 
usually believed to be due to fibres bridging and hindering cracks already at the micro stage.  
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Figure 7. Strain development in cracked zone and uncracked parts compared to free shrinkage 
of unrestrained specimens. (a) Plain SCC. (b) SFRSCC 20, (c) SFRSCC 30, (d) SFRSCC 40.  
 
The fact that the free shrinkage response differed somewhat between the tests (Fig. 6) makes it 
difficult to assess the effect of steel fibres on crack widths. Thus, for a reasonably fair 
comparison it was decided to select the measured crack width at the time when a similar free 
shrinkage value was recorded (0.6 ‰). Crack width results for this situation are given in Fig. 8. 
As the actual number of fibres crossing the crack did not always correspond with the amount of 
fibres added to the mix, the actual volume fraction in the crack zone was determined based on 
the counted number and by using fibre orientation theory [20, 21].  
 
With one exception (one of the specimens of SFRSCC 30) it can be seen in Fig. 8 that crack 
widths decreased with increasing fibre volume fraction. Addition of 0.4-0.5 vol% of steel fibres 
reduced the crack width by approximately 50 %.  
 
In the figure also an interesting comparison with the ring test is given. Two studies of ring tests 
[19], [22] which evaluated the effect of steel fibres on cracks were included. End-hooked fibres 
with length 50 mm and an aspect ratio of 50 were used in the first study while a crimped fibre 
with length 25 mm was used in the other study [22]. Noticeable is the substantial effect of fibres  
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Figure 8. End-restrained test:  effect of steel fibre addition on relative crack width = crack 
width of SFRSCC (wsfrscc) divided by the crack width of plain SCC (wscc). Comparison with 
results from two studies of ring shaped test-setup specimens [19, 22] see Fig. 2)  
 
that was achieved already at dosages as low as 0.25 vol%. This implies that the ring shape gives 
a more favourable stress situation as compared to linear specimens as stated earlier in the paper. 
A thorough discussion of possible reasons for the difference can be found in [1].  
 
3.2  Base restrained test series in laboratory 
 
Free shrinkage 
Measured free shrinkage development is shown in Fig. 9. Noticeable is the extensive difference 
in strain between the top and bottom faces of the specimens, resulting from the one sided drying 
conditions. It can further be seen that the addition of SRA reduced the average shrinkage by 
approximately 25 %. There were no differences between fibre reinforced and plain SCC, which 
verifies that the addition of fibres did not influence the shrinkage.  
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Figure 9. Free shrinkage test method and measured shrinkage at the upper and lower faces as 
well as the mean shrinkage of the mixes of base restrained test series.   
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Cracking and debonding 
 The first visible cracks were observed between 1 and 3 weeks after start of drying in most of the 
overlay strips and new cracks were then established until the end of the test period 3-4 months 
later. From the crack width summary given in Fig. 10 it can be seen that most of the cracks had 
a width of only between 0.05 and 0.25 mm while a few cracks with more significant widths 
developed in overlay strips of slabs 2, 3 and 4.  
 
The reason why none of the cracks observed in overlays on slab 1 had a width that exceeded 
0.15 mm is that the bond strength obtained was sufficiently high and evenly distributed to 
prevent debonding. The result was somewhat unexpected as a smooth and dry substrate is 
generally believed to be unfavourable from a bond perspective. For slabs 2-4 the bond situation 
was found to be considerably more varying, ranging from nonexistent to adequately high bond 
to prevent debonding. The result was quite surprising as the preparations of the substrates of 
these slabs were intended to provide better bond compared with slab 1. It is not fully clarified as 
to why the opposite situation occurred.  
 
Major cracks always coincided with the development of a major, internal debonded zone, see 
example of crack mapping of overlays on slab 3, Fig. 11. For overlays with a major internal 
debonded zone (shaded area), a single crack developed for SCC, SRASCC and SFRSCC 30 and 
60 (see SCC II, SRASCC II, SFRSCC 30 II and SFRSCC 60 II). This indicates that distribution 
of cracks, and corresponding crack control, was not achieved for the SFRSCC applied in the 
tests. It can however be seen that the crack in strip SFRSCC 60 II was only 0.2 mm and did not 
extend all the way through the width, implying that a 0.75 vol% steel fibre addition was 
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Figure 10. Measured crack widths at the end of the measuring period approximately 4 months 
after initiation of drying. (Smooth = grinded, rough = milled).  
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effective. For SBRSCC II an additional crack developed within the major debonded zone, 
proving that the centrally placed steel bar (10 mm) did give some crack distribution. The 
reason as to why sufficient bond strength seems to have been obtained for half of the strips 
(strips denoted I) while the remaining 5 strips (denoted II) seem to have been poorly bonded is 
unknown. Exactly the same preparation was applied and the strips were cast at the same 
occasion and cured in the same way. Furthermore, concrete from the same batch was used for 
the two strips of the same mix, for example SCC I and II. This clearly gives an indication of the 
sensitivity of the bond mechanism. The result also clarifies the difficulty in securing high and 
even bond in real overlay situations.  
 
Effect of steel fibres on cracks 
Based on the results presented above it can be concluded that steel fibres, or conventional steel 
bar reinforcement, are not required in cases when the bond strength is adequate to prevent 
debonding. In order to validate a possible effect of fibres it is necessary to consider the case 
where a major debonded area developed.  
 
A summary of crack widths obtained for SCC and SFRSCC overlays in which a major 
debonded zone was established can be seen in Fig. 12. Observe that the crack widths have been 
normalised with respect to the debonded length recorded in the tests in order to enable 
comparisons. It should also be mentioned that the actual fibre contents were calculated based on 
the counted number of fibres crossing the crack by using fibre orientation theory [20, 21]. An 
interesting observation is that the actual fibre content was lower (3 cases) or equal (1 case) to the 
expected amount. This shows that the fibre content varied in the SFRSCC overlays and that a 
major crack is more likely to form in a section with low fibre content. 
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Figure 11. Example of cracks in overlays on slab 3. Shaded areas indicate that the overlays 
have debonded. More examples of test results can be found in [1]. (Rings at the ends are the 
bolts attached avoiding debonding due to vertical end tensile stresses) 
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From the results in Fig. 12 it is quite clear that increased fibre content resulted in a decreased 
crack width. Based on the trend line it can be seen that a content of 0.5 vol% reduced the crack 
width by approximately 50 % while 0.75 vol% reduced the crack width to approximately one 
fourth of the width of cracks in plain SCC. This correlates rather well with the results of the end-
restrained tests. The reason for this is believed to be that the restraint situations were similar as 
the overlay strips were restrained only at the ends of the debonded zones.  
 
Important to recognise is however that as long as only a single crack develops (which was the 
case for SCC and SFRSCC overlays) the actual crack width will be proportional to the size of 
the debonded zone, and based on the present investigation it is thus not possible to determine a 
certain content of steel fibres required to limit crack widths in general cases. A distributed crack 
pattern would be required in order to enable crack limitation within a debonded zone.  
 
3.3  Base restrained tests on large specimens 
For the half scale/full scale tests (Section 2.3) the development of cracks was followed over a 
period of approximately 3 months from the time of overlaying [2], [3]. At the end of the period 
the crack widths were measured and the bond strength between overlay and substrates was 
determined by standard pull-out testing. Results from the bond strength measurements are given 
in Figure 13 (a) while crack widths are given in Figure 14 (a).  
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Figure 12. Crack width divided by debonded length as a function of steel fibre amount. Only the 
cracks that developed within major debonded areas have been considered [2], [3].  
 
Regarding the effect of the substrate preparation on bond strength it is evident from the results 
in Figure13 (a) that primer 1d was the best alternative irrespective of curing conditions. Dry 
substrate also gave reasonable bond strength in the areas that were cured under PE-foil (0,2 mm) 
while air curing resulted in zero bond strength for the same substrate condition. Curing thus 
seems to be extremely important if the overlay is cast on a dry substrate.  
 
It can further be concluded from the results in Figure 13 (a) that late primer addition (primer 1h) 
and pre-moistening (premoist 1h) should be avoided considering that these preparation methods 
resulted in zero bond in most areas. The only exceptions were the primed areas (primer 1h) that 
were overlayed by fibre reinforced SCC. This implies that steel fibres may have a positive  
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 (a) (b) 
Figure 13. (a) Measured pull-out bond strength. (b) Overlays on slabs 4, 5 and 6 could easily be 
lifted off by means an iron-bar lever.  
 
influence on the bond strength. The poor bond situation is illustrated by the photoshown in 
Figure 13 (b), where parts of the overlay on slab 4 are lifted off using an iron-bar lever. 
 
It was expected that the poor bond of the areas with late priming and pre-moistening would give 
rise to large crack widths. However, this relation cannot be clearly discerned in the results given 
in Figure 14 (a), although the two largest cracks developed in low bond strength areas. A 
possible reason is that crack width growth was limited by the fact that most of the overlays on 
the slabs with late priming and pre-moistening debonded (see Figure 13 (b)). Regarding the 
effect of reinforcement the results imply that mesh may be favourable as none of the cracks in 
mesh reinforced areas exceeded 0.5 mm. However, it is not really possible to draw any clear 
conclusions except that reinforcement is clearly needed in case the bond strength is low (see 
crack in Figure 14 (b)).  
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 (a) (b) 
Figure 14 (a) Maximum crack widths measured at the end of the test period. (b) Photo showing 
the largest crack on slab 4 (ref).    
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4.  THEORETICAL MODELS 
 
4.1  General 
An analytical model to determine the risk of cracking and the crack width of concrete overlays 
exposed to shrinkage has been proposed where the analysis is divided into two stages; (1) an 
analysis in the uncracked stage, and (2) crack width analysis,  Fig. 15 [1][11]. In the uncracked 
stage tensile stresses are calculated based on composite beam theory. The analysis, see also [23], 
includes the rate of shrinkage and creep, the development of stiffness and tensile strength and 
the restraint situation. Two different situations are considered in the cracked stage, reached 
when the tensile stress exceeds the overlay strength: a) an internal debonded area developed and 
b) a still bonded overlay. In case of debonding, one single crack occurs in the unbonded region 
while a distributed crack pattern is the case for a bonded overlay. Further information is given in 
the references.   
 

1) Uncracked stage

h/2
h/2

z

x h

ho = ah

hb

ecs(t) sx(z,t)
+ +

+

-

Ec(t)

Eb

Overlay

Old concrete base

2) Calculation of crack widths

Partially bonded after crackingPerfect bond after cracking

Ldeb

 
 
Figure 15. Proposed modelling: (1) initial stress analysis in uncracked stage and (2) crack 
width analysis [1], [11], [23].  
 
4.2  Example of theoretical calculations of base restraint test situation 
A comparison of measured and calculated strains at mid section at the upper face of some of the 
overlay strips of base restrained tests is given in Fig. 16 (a). The response of the overlay strips 
that were more or less completely debonded (see overlay strips denoted with II in Fig. 11) have 
been left out as the basic condition for the model is that the overlay is fully bonded to the base.  
 
From the results shown in Fig. 16 (a) it can be concluded that the restraint was not 100 % even 
though the base slabs had a rather significant depth (300 mm) in relation to the overlay strips (50 
mm), as such situation would have resulted in a zero strain reading. It can also be seen that the 
actual strain development was reasonably well captured by the theoretical calculation within the 
first 25-30 days. At this age however, some major cracks developed in mid section of at least 
two of the strips (SCC I and SFRSCC 30 I), which resulted in sudden strain changes. 
 
Calculated stress development in reference overlays (SCC) and shrinkage reduced overlays 
(SRASCC) is shown in Fig. 16 (b). It can be seen that crack initiation (time at which the stress 
exceeds the strength) was estimated to approximately 20 days for the reference mix SCC and 30 
days for the shrinkage reduced mix (SRASCC).  
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For the situation that the bond strength is insufficient to prevent debonding (case 2 in Fig 15) 
and assuming that the length of the debonded zone is known it can be shown that the theory 
gives reasonable results. This is seen in Fig 17(a)  where a comparison of predicted and 
measured cracks widths within debonded areas of the overlay strips in the base restrained test 
series are shown.  
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 (a) (b) 
Figure 16. Base restraint tests; (a) Example of measured strain development at upper face of 
overlay strips (mid-section) compared to calculations using proposed theoretical model. (b) 
Calculated stress development in overlays of two concrete types [11].  
 
The effect of steel fibres is shown in Fig. 17 (b), where relative crack width (w/Ldeb), see [11] is 
given as a function of the fibre residual strength factor R10,20 for overlay strips with a major 
debonded zone (> 1 m). The R10,20 values in Fig. 17 (b) were estimated based on the actual 
volume fraction of fibres found in the crack zones, see [1] for details. It may be seen that 
calculated and measured crack widths correlated rather well. It is further evident that increasing 
R10,20 resulted in decreased crack widths. A rather high R10,20 value was however required in 
order to provide a substantial reduction in crack width. For an R10,20 value of 80 %, 
corresponding to SCC with 0.75 vol% of steel fibres, the crack width was found to be reduced to 
approximately 0,1 mm/m. In case of a crack width demand of 0.2 mm, which is rather common, 
the debonded length may thus not exceed 2 m.  
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 (a) (b) 
Figure 17 (a) Measured versus calculated cracks widths that developed within debonded zones 
of the base restrained overlay strips. (b) Measured and calculated relative crack width (crack 
width divided by debonded length) as a function of residual strength factor R10,20 for cracks that 
developed in major debonded zones (> 1 m) in SCC and SFRSCC overlays of the base 
restrained test series.  
 
5. DISCUSSION AND CONCLUSIONS 
Results from the overlay test series, both in laboratory and at full scale, revealed that the choice 
of preparation of the substrate prior to overlaying is an extremely important parameter. Another 
parameter that was shown to influence the bond strength was the curing method. It was e.g. 
indicated that curing is particularly important if the substrate is dry at the time of overlaying.   
 
Results from the end-restrained setup showed that increasing steel fibre contents resulted in a 
prolonged time to cracking and decreasing crack widths. At a volume fraction of 0,5 vol%, the 
crack width was approximately 50 % of that observed in unreinforced SCC. However, for the 
certain type of fibre and volume fractions considered in the study (≤ 0.5 vol%) only one crack 
developed, in other words crack distribution was not achieved. This implies that it is not 
possible to draw any conclusions based on test results regarding the volume fraction of fibres 
required for crack control in a real case of end-restraint.  
 
The results were verified in the base restrained test series. In cases when a major internal 
debonded zone developed, giving a similar restraint situation as for the end-restrained test, only 
one crack occurred in SFRSCC. Although it was observed that increasing fibre contents did give 
smaller crack widths, the results still imply that the size of the debonded zone will be decisive 
for the crack width. In overlay strips with approximately equal debonded length the crack width 
for a steel fibre volume fraction of 0.75 vol% was found to be approximately equal to that 
obtained in steel bar reinforced SCC. This indicates that rather high amounts of steel fibres are 
required in order to control cracks.  
 
It was further observed in the base restrained test series that, if high and even bond to the 
substrate is obtained, reinforcement is not required to distribute cracks in thin overlays (~50 
mm). Test results revealed that a distributed pattern of fine cracks (0.05-0.1 mm) developed for 
this situation both for unreinforced and fibre reinforced SCC. A main conclusion from the base 
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restrained test series is, thus, that in order to ensure crack control for thin SCC overlays it is 
essential that sufficient bond strength is achieved.  
 
The theoretical model to predict overlay cracking and crack widths showed a good correlation 
with the test. For the situation that the overlay is not sufficiently bonded to the substrate it is 
however difficult to predict potential crack widths of SFRSCC as the extent of debonding will 
be quite influential.   
 
In the continued studies (PhD programmes at LTU) the theoretical models will be further 
developed, especially for the uncracked stage. 
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ABSTRACT  
 
There is a need to retrofit existing concrete structures. There are 
many different ways to increase the performance of a concrete 
structure, FRP (Fiber Reinforced Polymer) strengthening being 
one. This method is commonly used across the world to improve 
the load-carrying capacity of concrete structures. In this paper, an 
overview of a Swedish guideline for the FRP strengthening of 
concrete structures is presented. The guideline covers designing 
for bending and shear as well as for confinement, and there is also 
a discussion of the need for proper workmanship and the choice of 
the right material for strengthening. 

  
 Key words: Concrete, Retrofitting, Strengthening, Upgrading, 

FRP, Composite Material 
 

 

 

 
1.  INTRODUCTION 
 
1.1  General 
 
Over the last few decades, there has been an increase in the need to maintain, repair and 
upgrade our existing civil structures and buildings, as the performance of the concrete used in 
them has deteriorated. Performance here relates to load-carrying capacity, technical function, 
durability or aesthetics. 
 
There are at least two strong arguments why an existing concrete structure should be repaired 
or upgraded, instead of being replaced with a new one. First, there are the financial reasons – 
it is almost as economical or even more economical to repair or upgrade a structure as it is to 
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demolish and rebuild it. Second, there are the environmental reasons – by extending the life 
of the structure, the demand for natural resources is reduced. 
 
There may also be a third reason. In general, the time to upgrade an existing structure is 
considerably shorter than building a new one. In addition, it is often possible to keep using 
the structure during the repair/upgrade. If the focus is placed on insufficient load-carrying 
capacity, then the reason for this can be split into two main areas: 
 

1. Change in use: the structure has to withstand loads other than those for which it was 
originally designed. 

2. Degradation of building material: the structure has deteriorated to a level where it can 
no longer carry the loads for which it was designed. 

 
1.2 Change in use 
 
Normally, building structures have a long life, for example a civil engineering structure, such 
as a bridge, is estimated or designed to have a lifespan of around 100 years. It is 
understandable that the demands on such structures or even their usage might change over 
time. Structures have not always been designed with contingencies to handle these changes so 
mitigating work, such as strengthening, might be needed. The underlying causes of such 
issues are often related to the following: 

 Mistakes made in the planning or execution phase 
 Demands related to increased load-carrying capacity or safety 
 Change of function of the structure e.g. in relation to reconstruction 

 
In all these cases, FRPs can generally be used for strengthening. 
 
1.3 Degradation of material 
 
Degradation of concrete structures can be caused by many different physical and chemical 
processes. Commonly, deterioration is due to chlorides from de-icing salts or sea water, or 
through carbonatisation of the concrete cover. Both these mechanisms cause steel corrosion. 
Other factors that might negatively affect the load-carrying capacity of concrete structures are 
freeze-thaw damage and lime leakage, that impair the strength of the concrete and, in some 
cases, lead to considerably reduced structural safety. The solution may be to demolish then 
build a new structure or repair and upgrade the existing one. The choice of which solution to 
use has to be analyzed on a case-by-case basis. In situations where the deterioration has not 
reached critical levels, and if the future deterioration can be halted, often FRPs can be used as 
a repair or strengthening measure. The suitability of using FRPs has to be decided by a 
specialist in each case.  
 
1.4 Strengthening of concrete structures 
 
Before a decision is taken regarding the strengthening of concrete structures, a proper 
assessment is recommended to clarify the reason for strengthening. Some commonly used 
methods to strengthen concrete elements are to increase the cross-sectional area, external 
prestressing, shotcrete, change of static system etc. Normally, these methods work well and 
have been used successfully for a long time. In the mid 1970s, a strengthening method using 
externally bonded steel plates was developed. During the 1970s and 1980s, the method was 
quite commonly used in central Europe, US and Japan [1]. At the beginning of the 1980s, the 
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use of FRP for strengthening concrete structures was researched [2]. The primary aims were 
to find methods and systems to improve the dynamic response of structures in relation to 
earthquakes. The results were very positive and continued research in the area led to the 
development of unidirectional FRP laminates for external strengthening [3]. Currently, 
external strengthening often uses FRPs and this method is fully accepted around the world. A 
common denominator for the strengthening systems has been carbon fiber, since this material 
has excellent mechanical properties for strengthening purposes. In Sweden, research in this 
area started at the end of the 1980s at Luleå University of Technology, first with bonded steel 
plates and, at the beginning of the 1990s, with composites [1]. This research is continuing at 
the university. 
 
FRP strengthening has existed for approximately 30 – 35 years and steel plate bonding for 
more than 50 years. Early research in the field of strengthening was pragmatic, with the focus 
on understanding methods of strengthening and how much a structure could be strengthened. 
Later in the research, more refined design models were developed, evaluated and 
implemented. At present, there is, therefore, a good understanding of how to appropriately 
strengthen a structure, and how to design that strengthening. 
 
In this paper, a brief summary of how to design for an increase in flexure, shear and 
confinement capacity will be presented. 
 
 
2. MATERIALS AND STRENGTHENING TECHNIQUES 
 
2.1 General 
 
In contrast to traditional industries, such as space and aircraft manufacturers where 
composites have been used for a long time, composites in the construction industry must 
provide for longer lifespan. A structural lifespan of 50 years or more is a common 
requirement in the construction industry. Only those systems that have been extensively 
tested and used in full-scale concrete structures are possible candidates for external 
strengthening using FRPs. It is important to treat a proven system as a whole where its 
function has been verified through tests and applications. 
 
Systems for FRP strengthening can be subdivided into prefabricated systems and in-situ 
systems. Prefabricated systems usually refer to pultruded flat profiles or rods, and in-situ 
systems refer to fabrics or sheets that are bonded together, using a resin, to form a composite 
on-site. Here, the systems are described in general terms and for design and strengthening 
works, the supplier’s recommendations should be followed. There are three general steps that 
should be taken: pre-treatment, strengthening and post-treatment. 
 

 Pre-treatment involves uncovering of aggregates, as well as leveling and cleaning the 
surfaces to be bonded. There must not be any dust, grease or water on the surfaces 
when bonding takes place. 

 The strengthening process depends on the system chosen, but the bonding temperature 
must exceed 10°C to allow the adhesive to harden. For temperatures below 10°C, an 
external heat source or a heating device can be used. 

 Post-treatment can involve fire protection, application of plaster, paint or other 
protection systems that are deemed necessary. 
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Different methods of strengthening building structures are shown in figure 1. FRP 
strengthening is suitable for concrete beams, walls, slabs and columns, but can also 
strengthen openings in slabs or walls. Another application is to strengthen structural elements 
by bonding FRP rods in the concrete cover, so-called NSM (Near-Surface Mounted) 
Reinforcement. 
 

 
 
Figure 1 – Strengthening using laminates, sheets and NSM. 
 
2.2 Laminates 
 
The first applications using the CFRP laminate system were seen in Switzerland during the 
early 1990s [3], where a concrete bridge was strengthened after an accident that broke pre-
stressing cables. Since then, a large number of objects have been strengthened worldwide. A 
laminate system consists of flat laminates with a typical size of 1.2 – 1.4 x 50 – 150 mm, but 
other dimensions are also available. The laminates can be obtained in different material 
grades, but normally the Young´s modulus varies between 150 – 250 GPa, with a strain to 
failure between 0.4% up to 1.9%. Theoretically, the length of the laminate can be unlimited 
but, for practical purposes, the length is limited to 20 – 30 meters. Other components in the 
strengthening systems are primer and adhesive. The function of the primer is to improve the 
bond between the adhesive and the concrete. The adhesive used is a high viscosity filled paste 
such as epoxy adhesive. Typical bond layer thickness is 1 – 3 mm. 
 
Laminates are most suitable for flat surfaces such as beams, walls and slabs. After the 
concrete has been pre-treated, the adhesive layer is placed onto the laminate and, in some 
cases, also onto the concrete surface. The two adherents are then mounted together and a light 
pressure is applied on the laminate. The system is then allowed to harden. 
 
2.3 Sheets 
 
Sheet systems are usually based on dry unidirectional fabrics, but bi-directional weaves are 
also used. These systems are more sensitive to the irregularities in the concrete surface and, 
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often, more pre-treatment is needed. However, the sheet systems are flexible and can be 
adapted to most surfaces. Sheet systems have been used for seismic retrofitting and the 
strengthening of curved structures, such as silos. These types of systems are also suitable in 
cases where openings in walls or slabs need to be strengthened. A typical sheet system 
consists of an epoxy primer, putty, dry or pre-impregnated fibre and a resin system. 
Often the post-treatment consists of painting, but also plaster or a thin layer of polymer 
concrete has been used. The sheets normally used have a width of 200 – 400 mm with a 
weight of 200 – 400 g/m2. The strengthening process for sheet systems takes a little longer 
than for the laminate system. First, the concrete surface is pre-treated. A primer is then 
applied and, in cases where there is significant unevenness, putty is used to level out these 
irregularities. The next step is to apply a thin layer of low viscosity epoxy adhesive to the 
concrete surface and then roll the carbon fibre sheet out over this surface. The fibres are 
stretched, and a roller is used to press out possible air voids; then a new layer of adhesive is 
applied. This process can be repeated such that there are 10 to 15 layers, depending on the 
strengthening system used. 
 
2.4 Near-Surface Mounted Reinforcement 
 
Near-Surface Mounted Strengthening (NSM) systems are used in cases where the 
strengthening system needs to be protected, for example where there may be possible 
physical impact. NSM systems are also suitable where the concrete surface is very uneven. 
Most NSM systems consist of circular or rectangular rods that are bonded in slots in the 
concrete cover of a structure. It is important to control the thickness of the concrete cover 
before this method is chosen; a typical concrete cover depth of at least 25 mm is normally 
needed. The pre-treatment for this method consists of sawing slots in the concrete cover. The 
rods are then bonded in these slots with an epoxy adhesive or a high quality cement grout. 
 
It is of utmost importance that the slots are cleaned immediately after sawing; all concrete 
dust, wet concrete or ashes concrete must be removed. In cases where epoxy is used, the slot 
must dry prior to bonding and if cement grout is used, the slot must be pre-wetted before the 
grout is applied. The most important factor when NSM is used is the distance to the original 
steel reinforcement. Otherwise, the pre-treatment is quite easy and the method is relatively 
insensitive to irregularities in the concrete surface. In general, the force transfer from the 
concrete to the strengthening component is superior for NSM systems compared to laminate 
and sheet systems.  
 
3. BENDING 
 
3.1 General 
 
FRP for strengthening is commonly used to increase the flexural capacity of concrete 
members. Strengthening can be achieved using laminates, sheets or NSM reinforcement. In 
general, laminates are most suitable for flat surfaces such as slabs, beams and walls. Sheets 
are used when greater flexibility is needed e.g. curved surfaces, columns etc. In this section, a 
brief description of design for bending is presented. 
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3.2 Design for increasing bending capacity 
 
Calculation in SLS 
Calculation in the Serviceability Limit State (SLS) involves assessing the stresses and strains 
due to service load. Here, a calculation is made to investigate whether the structure is cracked 
or not and there is also a calculation of the existing strain fields. Cross-sectional data are then 
needed when the strain field at the time of strengthening is calculated. For assessing the SLS, 
calculations regarding deflections and crack widths are carried out if necessary. 
 
Estimation of material consumption 
Before a detailed design calculation is carried out, it is recommended that an estimation be 
made of either the bending capacity based on the material to be used or the material needed to 
provide the desired bending capacity. The bending moment capacity can be calculated using: 

  d s y f f fM 0.9 A f d A E h     (1) 

and, alternatively, the sectional area can be calculated using: 

 



 d s y

f
f f

M 0.9 A f d
A

E h
    (2) 

From this, a relatively good idea of the cost of the strengthening system can be generated. 
However, in the final design, it is always recommended to carry out the calculations and steps 
for the Ultimate Limit State (ULS).  
 
Design for strengthening in the ULS 
In this paper, only the design for single reinforced cross-sections is described. The method for 
designing double-reinforced cross-sections can be found in [4]. Figure 2 shows a cross-
section of a rectangular strengthened concrete beam. In this figure, u0 is the actual strain in 
the bottom fiber, and c0 and s0 are the strains in the concrete and steel respectively, at the 
moment strengthening is carried out.f  is the strain on the FRP in the ULS (or at the level 
used in the calculation).  refers to the additional contribution related to the loading in the 
ULS. In agreement with normal concrete design (EC2), the compressive strain in concrete, c, 
should not exceed 3.5 ‰ in the ULS. In the analysis (to calculate the FRP area), use of 
equation (3) is suggested, where Af and As are the cross-sectional area of FRP and reinforcing 
steel respectively, Md is the moment capacity needed, fy is the yield stress of steel and Ef is 
Young´s modulus of FRP. Note that = 0.8 for fck ≤ 50 MPa. 

 
Figure 2 – Single reinforced cross-section 
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To avoid brittle compressive failures, the following must be fulfilled: 

bal       (4) 

where 
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In cases when  > bal , a more accurate procedure must be followed, see [4]. When 
designing strengthening in the ULS, different possible failure modes have to be considered. 
When strengthening for flexure, there are 7 modes that have been identified, see figure 3. 
These are: 

1. Concrete compressive failure 
2. Yielding in the tensile reinforcement (not necessarily a failure mode) 
3. Yielding in the compressive reinforcement (not necessarily a failure mode) 
4. Tensile failure in the FRP 
5. Intermediate crack debonding 
6. Peeling failure at the end of the laminate 
7. Anchorage failure 

 
Figure 3 – Possible failure modes when strengthening for flexure. 
 
In this paper, we will further describe intermediate crack debonding, peeling failure and 
anchorage failure. In the design often IC (Intermediate Crack) debonding is governed for 
laminates. For NSM often strain failure in the FRP or crushing of concrete is governed. The 
design guideline ACI-4402R-08 [5] forms the basis of the IC -debonding calculation, 
equation (7). However, also in this field considerably amount of research have been carried 
out, see [6] and [7]. 
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fd ic fu

f f

f
nE t

  , 0.41 0.9     (7) 

where fcd is the design compressive strength of concrete and n is the number of layers of FRP. 
 
A peeling failure at the end of a laminate is related to the fact that, normally, the laminate 
cannot be anchored beyond the zero moment point. For a simple supported beam, there will 
likely be some distance between the support and the plate end. At this cut-off, end shear and 
normal stresses occur; these stresses interact and try to “peel” off the laminate from the 
structure, see [1] for a detailed analysis and [8] for a design procedure. 
 
Anchoring the laminate properly is essential and, in general, the laminate should be anchored 
beyond a zero moment point if possible, otherwise it should be anchored outside a cracked 
area to avoid IC debonding. The anchor length is governed by the stiffness of the plate and 
the quality of the concrete. If debonding occurs, failure will most likely be in the concrete 
transfer zone. It is suggested that the anchor length is calculated using equation (8), where lef 
is the effective anchor length and fctm is the tensile strength of concrete defined by equation 
(9). However, it is also recommended that, when possible, an anchor length no shorter than 
250 mm should be chosen. 

 f f
ef

ctm

E t
l

2 f
     (8) 

where 
23

ctm ckf 0.3 f  ck cmf f 8  [MPa]   (9) 

The force that should be anchored in the laminate is split between the existing tensile steel 
reinforcement and the laminate, see [8]. The force in the laminate in the section to be 
anchored should not be allowed to exceed: 
 

f ,e f ,x f fF A E      (10) 

where 

f
f ,x
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2G
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       (11) 

and 

f b ck ctmG 0.03k f f      (12) 
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1 b / b
     (13) 

where kb is a form factor that describes the size of the strengthened surface in relation to the 
unstrengthen surface, bf is the width of the laminate and b the width of the structural member. 
Notice that the ratio bf/b ≥ 0.33 must be fulfilled (if bf/b < 0.33 then the value of kb should be 
kb=bf/b = 0.33). 
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4. SHEAR 
 
4.1 General 
 
The cause of shear failure is the result of a complex mechanism. A combination of the effect 
of shearing together with the influence of shear force creates a multi-axial stress state in the 
beam, where the maximum tensile stresses are generated at angles between 30 – 60 
(depending on reinforcement and loading) in relation to the construction’s longitudinal axis. 
This leads to the formation of inclined shear cracks and ultimately to failure, see figure 4. 

a) 

b) 
Figure 4 – a) Shear failure in an unstrengthened concrete beam, b) Possible failure modes in 
an FRP strengthened beam 
 
We must have a basic understanding of the behaviour and different types of shear failures to 
be able to strengthen concrete structures in shear. In normal situations, a concrete structure is 
designed to withstand large deformations before failure, which means that the failure is often 
a bending failure. For a concrete beam with conventional steel stirrups, the shear failure can 
be characterized as follows: 
 Web shear failure: this arises in those regions where the beam is not affected by bending 

cracks. The failure occurs when the principal tensile stress exceeds the concrete’s tensile 
strength in the web. The failure is often a result of a lack of, or insufficient, shear 
reinforcement. 

 Bending shear failure: the failure starts when bending cracks develop into inclined shear 
cracks. The crack grows from the structure’s tensile zone towards the compression zone. 
The final failure is a crushing or splitting of the compressed zone. Shear reinforcement and 
external strengthening that cross the cracked zone contribute to the shear force resistance. 
The shear and bending reinforcement act as tensile bars while the concrete in the beam’s 
compression zone and the inclined concrete struts between the shear cracks act as 
compressive bars in the truss model. 
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 Compressive failure in web: the failure is caused by compression failure in the inclined 
concrete struts in the truss. The failure can occur when the shear reinforcement is over-
dimensioned. In this case, the steel reinforcement does not reach the yield limit before the 
concrete’s compression strength is reached. 

 
When a concrete beam is also strengthened with external composites, another two failure 
modes can occur, see figure 4b: 
 Fiber failure in the composite: this occurs when the fibre's critical strain capacity is 

exceeded. The failure is often characterized by a propagating failure where the composite 
gradually fails, especially with sheets. The failure is usually brittle. However, the 
orientation of fibers in relation to the greatest principal strain affects the ductility. 

 Anchorage failure: this occurs when the concrete’s external strength is too low or the 
anchorage area is too small to transfer the shear forces between the reinforcement and the 
concrete. In many cases, this type of failure can be avoided by wrapping the beam with 
fabric to create closed FRP stirrups. 

 
When strengthening concrete structures for shear, it is essential to anchor the strengthening 
material properly. It is preferable to enclose, that is W-wrap, a structure with an FRP sheet 
system. However, this is not always possible e.g. for T-sections, which are common elements 
that are strengthened. Here, U-wrapped systems are recommended and if the end to the flange 
is mechanically anchored, or if sufficient anchor length can be provided, this is as effective as 
a W-wrap. Side-wrap, or S-Wrap, is not recommended. Most common FRP systems for shear 
strengthening are sheet systems, but laminates or NSM can, and have, also been used. 
 
4.2 Strengthening for shear 
 
In the design suggestion below, it is recommended that Eurocode is used [9]. By adding a 
component Vrd,f , the contribution from the FRP can be calculated. The total load-carrying 
capacity in shear is VRd, see chapter 6.2.2 in EC2 [9]. In the design model, see Figure 5, when 
strengthening for shear with FRP, there has to be a consideration of the contribution from the 
concrete and steel. The calculation of these contributions is defined in EC2. 

 
Figure 5 – Design model for FRP strengthening for shear 
 
For a beam without shear reinforcement, but with FRP strengthening, the capacity is: 

Rd Rd , fV V      (14) 

and for a beam with shear reinforcement and with FRP strengthening, the load-carrying 
capacity is calculated by: 

 Rd Rd ,s Rd , f Rd ,maxV min V V ;V      (15) 
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where VRd.s and VRd,max are determined using section 6.2.3 in EC2 [9]. The contribution to the 
shear capacity can be calculated using equation (16) where the strain level is limited, see [8]. 

   2
Rd , f f fd fd ef fV A E L sin cos     (16) 

where the anchor length lef, is calculated using equation (8). The effective length, Lef, is 
calculated as: 

    ef ef fL d cot cot     (17) 

and 

 
    

ef
f ef

z 0.9d forW wrap
d

min z;d l for U wrap
   (18) 

 
5. CONFINEMENT 
 
5.1 General 
 
If a column needs strengthening but its dimensions are to be maintained, then the most 
beneficial method to increase the load-bearing capacity of that column is to apply a 
confinement pressure. It has been proven by numerous researchers that a confinement 
pressure can enhance the load-bearing capacity of an axially-loaded member [10], [11].  In a 
traditional reinforced structural member, the confinement is achieved using lateral steel 
reinforcement. The lateral steel induces compressive confinement stresses on the concrete 
core, due to the elongation of the steel, which is caused by the expansion of the concrete, as 
described by the Poisson effect. When the axial strain increases, the confining pressure in the 
two transverse directions increases, and the strength of the concrete core in the axial direction 
is enhanced as well. The confinement of concrete columns is a well-established technique for 
improving both compressive behaviour and flexural response. Traditionally, for newly-built 
columns, this is handled in the design of the steel stirrups. However, for repair and 
strengthening of existing columns, this can be provided by wrapping with FRP. Depending 
on the purpose of the repair or strengthening scheme, the shear strength, axial strength and/or 
ductility can be enhanced. Using FRP for strengthening of columns has shown to be very 
efficient. The confinement effect is used in the calculation to create an increased compressive 
strength in the concrete. For uniaxially-loaded columns, this calculation is very 
straightforward and easy to carry out. However, in this guideline, the effect of a bending 
moment is also considered. The most common strengthening systems used for confinement 
are sheet systems, where FRP sheets are wrapped around a column. The system is most 
effective for circular columns but can also be used for rectangular columns with some 
reduction factors. The maximum increased compressive strength for a wrapped concrete 
column can be calculated as: 

, , .cd c cd f c a lf f f   3 3     (19) 

and 



2 f f fe

l

E nt
f

D
     (20) 

where a is an efficiency factor that takes into account the geometry of the cross-section 
(circular or not), f,c = 0.95 and is a safety factor. The effective strain is given by: 
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0.004fe fu         (21) 

wheree is an efficiency factor that takes into account possible premature failure as a result 
of the tri-axial stress states of wrapped sections. 
 
5.2 Strengthening of columns 
 
The design for confinement when a combined normal force and a bending moment act on an 
axial member is best explained by figures 6a) and 6b), see also [8]. Here, we calculate 
different stages for a rectangular member, A to D, before and after strengthening. Figure 6b 
shows the capacity before strengthening – the dashed curve, the need for strengthening, the X 
and the capacity after strengthening, the solid line. 

 
Figure 6 Strengthening for confinement a) General calculation, b) calculation for 
strengthening 
 
6. WORKMANSHIP AND QUALITY CONTROL 
 
The way in which the work is carried out is of tremendous importance if FRP strengthening is 
to be successful. To achieve this, the workmanship and quality controls during different 
stages in a project must be precisely followed. The strengthening work can be divided into 
three phases: 

1. Before strengthening 
2. During strengthening 
3. After strengthening 

 
All phases are important, but for different reasons. In the first phase, a detailed mapping of 
the structural component to be strengthened is carried out. The main purpose of this is to 
obtain a thorough understanding of the strengthening needs and the most suitable system. For 
example, where the steel reinforcement is placed in the concrete structures and what the 
quality of the concrete is, are two important considerations. In the second phase, during 
strengthening, handling regulations and conditions for strengthening should be rigorously 
followed, for example when an epoxy-based system is used, the temperature must exceed 10 
°C during the hardening process. In this second phase, most of the quality control is carried 
out and followed up. In the third, and last, phase, a final investigation of the bond is carried 
out. Sometimes during this phase, surface treatments such as painting, plaster or fiber 
protection, are applied to the strengthening systems. 
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For concrete substrates, it is essential that the surfaces to be bonded are pre-treated to remove 
grease, dust or other contaminants that might destroy the effect of the strengthening system. 
The concrete surface should be sandblasted or grinded prior to strengthening. For concrete 
structures, it is also important that larger irregularities in their surfaces are leveled out. Where 
there is corrosion in the existing steel reinforcement, this must be taken care of before the 
strengthening is carried out. The adhesive application technique used will depend on the 
strengthening system chosen. 
 
Quality control of the strengthening is also related to the three phases described above. In the 
first phase, an assessment of the structural component is made, for example, surface strength, 
irregularities, corrosion etc. In the second phase, the strengthening work itself is checked and 
in the third, and final, stage, possible voids in, for example, the bond line are handled. Voids 
can be detected simply by tapping on the composite with a coin or by using more advanced 
techniques that use active thermography or other non-destructive methods. 
 
For long-term monitoring, different methods can be used, such as traditional electrical strain 
gauges for strain measurement or more advanced systems using fiber optic sensors which, in 
their most developed form, can be integrated into the composite. 
 
It is suggested that recommendations from material suppliers are followed when carrying out 
strengthening work using FRPs. 
 
 
7. DISCUSSION AND CONCLUSION 
 
In this paper, a brief description of how to design the strengthening of concrete members 
using FRP has been presented along with the most important and most common applications 
of FRP strengthening in concrete structures. However, to produce a proper design for 
strengthening a structure, it is essential to have a solid understanding of concrete design and 
assessment of concrete structures. The experience of the authors regarding real cases where 
strengthening has been used shows that it is often the assessment of the existing structure that 
needs most focus. Without this understanding, it may sometimes be difficult to treat the 
“patient with the right medicine”. From experience, it has also been found that the execution 
of the strengthening work is of utmost importance – if this is not taken seriously e.g. through 
poor workmanship, the resultant strengthening may be inferior. 

To the existing handbook, the authors wish to add some more information to the topics 
covering a) strengthening to improve the fatigue life of concrete structures and b) 
strengthening of openings in walls and slabs. Currently, research in this area is on-going and 
preliminary results from our research, and that of others, are very promising.  
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ABSTRACT  
 
Avoiding thermal and moisture induced cracking in newly cast concrete 
structures implies large economical and technical benefits. Thus, it is of 
large interest to model one of the major influencing parameters correctly: 
the restraint. The present study deals with the correlation between 
numerical models and empirical observations regarding the restraint. The 
equivalent restraint method, ERM, is used which is established from 
calculations with the local restraint method, LRM. Casting of walls and 
roof in a tunnel construction is investigated. Correlation between models 
and empirical measurements is established in three steps: 1) the restraint 
situation is analyzed; 2) the calculated temperature developments are 
compared to empirical temperature measurements to calibrate the models; 
and 3) calculated strain ratios are compared with observed crack patterns. 
In general a good correlation is achieved. 
 
Key words: Thermal and moisture cracking, early age concrete. local 
restraint method, equivalent restraint method, modelling  
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1.     INTRODUCTION  
 
The movements within newly cast concrete are inherited from temperature and moisture states 
and may cause cracking during the construction, see e.g. [1], [2], [3], [4] and [5]. For complex 
structures, such as bridges, tunnels, foundations and piers, comprehensive pre-calculations need 
to be performed in order to analyze the risk of cracking during heating phase and cooling phase. 
If high strains/stresses are predicted for any part of the structure, measures are needed to avoid 
cracking. Examples of measures are cooling of the young concrete, preheating of the adjoining 
construction and/or optimized concrete mix (alternative binders, lower cement content etc.). 
Such measures are described among others in [6], [7] and [8]. In the case of casting a section 
against an adjoining structure or a restraining entity (such as rock, subgrade), the restraint 
influencing on the newly cast concrete increases, and with high restraint the risk of cracking 
becomes higher, [1] and [9]. 
 
It is understood that to design the measures in a cost-effective fashion reliable predictions of 
restraint are crucial. However, it is known that the restraint usually is difficult to estimate 
correctly and therefore is an uncertain factor [6]. It is also known that models achievable to 
estimate the restraint and risk of cracking have different benefits and withdrawals. Here, the 
model called Equivalent Restraint Method, ERM [10], is used. Benefits of this method involve a 
possibility to extract the restraint analyzed by elastic 3D calculations and implement it into a 
compensated plane method for young concrete. These calculations are efficient from a time 
saving point of view compared with the use of a 3D viscoelastic-viscoplastic simulation for 
young concrete. Furthermore, the ERM makes it possible to analyze arbitrary measures/actions 
onsite in an easier way, such as cooling and/or heating. 
 
This paper demonstrates the correlation between numerical models and empirical experiences 
specially regarding restraint modelling. By studying crack inventories and temperature 
measurements from a tunnel project and comparing to numerical models, conclusions regarding 
the correlation are made. The casting of wall and roof segments is investigated and to estimate 
the restraint situation Abaqus version 6.12 is used and the temperature and stress/strain ratio 
calculations are performed with ConTeSt version 5.0 [11]. 
 
 
2.     AIMS AND OBJECTIVES 
 
Besides evaluating the numerical model ERM (Equivalent Restraint Method) by correlating 
estimated crack risk to empirical observations of the resulting crack pattern the following aims 
and purposes of the present research are defined: 
 

 To investigate the effect on the restraint when casting walls using a different casting 
order. The order of casting in a segmented wall is either as a series (Case 1 ) or casting a 
wall in between two completed walls (Case 2). 

 To investigate the effect on the restraint when casting roof segments using different 
casting order. The order of casting the roof segments is either as a series (Case 3) or 
casting one segment in between two completed segments (Case 4). 
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3.   THEORY 
 
The Equivalent Restrain Method, ERM, is a method to analyze the risk of through cracking. 
ERM is a further development from the Local Restraint Method [10] and is an improved method 
to which arbitrary measures/actions against cracking can be applied. To the LRM only cooling is 
possible to model. Where the LRM is based on semi 2D analysis as a point wise calculation 
method the ERM is a semi 2D method where the restraint situation at every LRM step is 
combined into one ERM model by regression analysis. Since both LRM and ERM are based on 
linear line analysis they are denoted as semi 2D analysis methods. The establishment of the 
ERM is made in three steps; 
 
The first step: Estimation of the restraint situation. By normalizing the restraint within young 
concrete according to: 
 
                              (1) 
 
an elastic analysis shows the restraint situation for the young concrete. In Eq (1) α is the heat 
expansion coefficient; ΔT is the temperature change within the young concrete; Ec is the 
Youngs modulus for the mature, adjacent concrete; and 0.93 is a factor to convert the Youngs 
modulus from mature to young concrete. The system is set to be statically determined in order to 
simulate a self-balancing system. The maximum restraint for the axis of interest is searched and 
a 2D (position and restraint magnitude) restraint profile is exported into the second step. 
 
The second step: Calculation point wise stress/strain ratios with LRM. The restraint profile 
given in the first step is used as input to the translation restraint parameter. Several files are 
created where the stress/strain ratio is calculated at different heights (or positions). 

The third step: Obtaining ERM by regression analysis with LRMs as a base. A model is created 
where the translation and rotation restraint, resilience behaviour, construction length and 
restraining block design are varied to obtain a similar stress/strain ratio profile within the 
interesting span from the LRMs. 
 
Using the same conditions (e. g. temperatures, measures/actions, material parameters) as for an 
empirical case into the model, post-calculations for the onsite crack risk can be made. 
Comparisons to observed crack patterns then tell whether or not the model gives reasonable 
results.  

 
4.     CALCULATIONS AND RESULTS 
 
4.1   Geometries studied 
 
Four different cases have been investigated. Two cases are dealing with casting wall segments in 
a tunnel construction (Case 1 and 2), and two cases with roof segment casting (Case 3 and 4). In 
Case 1 the end wall in a cast series is studied, see Figure 1. Case 2 handles the situation where 
the intermediate (second wall) is cast between two existing walls. The wall segments in Case 1 
and 2 are parts of wall 1 in Figure 3. In Case 3 the end roof segment in a cast series is studied, 
see Figure 2, and in Case 4 the intermediate roof segment (second roof) is studied. Later in this 
paper the strain situation in the roof is compared to observed crack patterns.  Since crack 
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patterns are only documented for the part of the roof between wall 1 and 2, see Figure 3, only 
this area is analyzed with the LRM and ERM. 

 

      
 
 
 
 
 

   
 
 

 
Figure 3 – Cross-section of studied tunnel geometries. Segments are 17.5 m long. 
 
 
4.2   The first step, restraint estimation  
 
General parameters 
The restraint in the young concrete has been estimated in the 3D FEM calculations by use of an 
elastic modulus in young and existing (old) concrete of 27.9 GPa and 30 GPA respectively and a 
poisons ratio 0.2 in both young and old concrete.  
 
The restraint, defined as the degree of hindrance of movements in the concrete, is obtained by 
modelling the geometry with the Abaqus 6.12 software. The normalization according to Eq (1) 
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Figure 1 – Three casting sequences of 
typical case wall-on-slab. In Case 1, one 
of the end walls is the last casting, and 
in Case 2 the intermediate wall is the 
last casting. 

 

Figure 2 – Three casting sequences of roof 
segment. In Case 3, one of the end roof 
segments is the last casting, and in Case 4 the 
intermediate roof segment is the last casting. 
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implies that elastic Abaqus calculations show the restraint situation for the young concrete, 
formally represented by the calculated stresses. 
 
An area is searched for where a representative restraint situation occurring. Only looking for the 
maximum restraint could be misleading since it often occurs at beginning (“the ends”) of casting 
joints. At these positions the restraint profile along the axis of interest is another than the profile 
at other locations in the construction. A 2D (position and strain ratio magnitude) restraint profile 
is exported to be used in the second step as earlier described. 
 
The boundary condition, which provides the system in a static state in space, can be set in 
several ways. The current boundary conditions for the wall castings are set by four points as 
shown in Figure 4 (here for Case 2). For Case 1 the same boundary conditions are used and the 
same principle is used for the Cases 3 and 4. 

 

The restraint given by the calculations is the total restraint in all directions. In the result analysis 
of Abaqus it is possible to differentiate the restraint in any arbitrary direction. 

  
Restraint conditions for the walls 
The wall segments investigated in this paper are the segments in wall no 1 (Figure 1). For the 
wall the direction of interest regarding restraint is along the longitudinal direction (along the 
joint between the base slab and wall). The corresponding restraint for Cases 1 and 2 for elastic 
calculations when the newly cast concrete is contracting homogeneously is shown in Figures 5 
and 6.  
 

Figure 4 – Location of the four boundary condition points 
and the axis along which the translation movement is 
locked to make the system statically determined. 



132 
 

 
 
Figure 5 –Restraint values for Case 1 along the longitudinal direction of the tunnel. Maximum 
restrain is 0.76 and minimum is -0.64. 
 

 
 
Figure 6 –Restraint values for Case 2 along the longitudinal direction of the tunnel. Maximum 
restraint is 0.76 and minimum is -0.64.  

From the restraint analysis presented in Figures 5 and 6, it is seen that that the maximum value 
in the two cases are similar; 0.76. The main difference is that the distribution of the restraint in 
Case 2 displays a more extensive distribution of high restraint.  
 
Restraint conditions for the roof segments 
For the roof segments the directions of interest at restraint evaluation is along the axis parallel 
the joint to the wall and the casting joint to adjoining roof segment. The most significant 
restraint given by the walls origins from wall number 2 and the results are presented here. The 
corresponding restraints for Case 3 and 4 at elastic calculations are shown in Figures 7 - 9 where 
the newly cast concrete is contracting homogeneously. 

    
 
 
 
 
 
 
     

Figure 7 –Restraint values for Case 3 along 
the joints to the walls. Red square marks 
region studied. Maximum restraint is 1.00 
and minimum is -0.84. 

Figure 8 – Restraint values for Case 3 along 
the joint to the adjoining roof segment. Red 
square marks region studied. Maximum 
restrain is 1.00 and minimum is -0.58.  
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4.3   The second and third step: development of LRM and ERM  
 
General parameters 
The stress/strain ratio of the young concrete has been estimated in the 2D FEM calculations by 
use of the following parameters: 
  

 Concrete class: C35/45, w/C = 0.40 and C = 430 kg cement per m3. 
 Wooden form, 21 mm. Heat conductivity 0.14 W/Km. 
 Ambient air. Heat transfer coefficient 500 W/Km2. Wind speed 3 m/s. 
 Initial temperatures, see Table 1. 

 
The restraint conditions in the first step are imported into the LRM calculations by use of the 
correct restraint value point-by-point performing one calculation at each position. The calculated 
strain ratio for every LRM position is then plotted, see marks “X” in Figures 11 to 14. The strain 
ratio is defined by calculated strain divided by the strain at rapture. A regression analysis is 
performed to obtain the corresponding ERM by varying the translation and rotation restraint, 
resilience behaviour, construction length and restraining block dimension. For the LRM and 
ERM calculations the computer program ConTeSt 5.0 was used. 
  
 
The parameter settings for the LRM calculations and the resulting parameter settings for the 
ERM when performing the analysis of the wall are shown in Table 1. In Figures 11 - 14 the 
regression analyses are presented for Cases 1 to 4 as well as the restraint profiles imported from 
the first step.  
 
 

Figure 9 –Restraint values for Case 4 
along the joints to the walls. Red square 
marks region studied. Maximum restrain 
is 0.70 and minimum is -0.97.  

Figure 10 –Restraint values for Case 4 along 
the joint to the adjoining roof segment. Red 
square marks. Maximum restrain is 0.85 and 
minimum is -0.60. 

 

 

 



134 
 

    
 
 
 
 
Table 1 – Parameter settings for LRM and ERM, Cases 1- 4. Suffix after Case 3 and 4 refers to 
studied joint. Legend “Wall” determines the study of the joint between wall no 2 and the roof 
segment. “Roof” determines the study of the joint between mature roof and the newly cast roof 
segment. 

  Tconcrete Tair 
Rotation 
restraint 

Translation 
restraint Resilience   

Restraining 
block(s) 

     

Structure 
length 

Reduction of 
L/H-ratio   

  (˚C) (˚C) (%) (%) (m) (-) (# (m x m)) 

        Case 1 
       LRMs 15 0 1 varies - - - 

ERM 15 0 0.1 0.15 35 Yes 1 (3.5 x 1.2) 

        Case 2 
       LRMs 15 0 1 varies - - - 

ERM 15 0 0.3 0.17 40 Yes 1 (3.5 x 1.2) 

        Case 3 - 
Wall 

       LRMs 25 15 1 varies - - - 
ERM 25 15 1 0 53 Yes 1 (2.6 x 1.2) 

        Case 3 - 
Roof 

       LRMs 25 15 1 varies - - - 
ERM 25 15 1 0 53 Yes 1 (10.5 x 1.2) 

        Case 4 - 
Wall 

       LRMs 25 15 1 varies - - - 
ERM 25 15 0.8 0 - No 1 (6 x 1.2) 

        Case 4 - 
Roof 

       LRMs 25 15 1 varies - - - 
ERM 25 15 1 0 65 Yes 1 (10.5 x 1.2) 
                
 
                    

Figure 11 – Resulting ERM to resemble 
LRM strain ratios, Case 1.  

 

Figure 12 – Resulting ERM to resemble 
LRM strain ratios, Case 2. 
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Figure 13 – Resulting ERMs to resemble the LRM strain ratios along the joints to adjoining 
wall (left) and roof (right) segments for Case 3. 
 

       
 
Figure 14 – Resulting ERMs to resemble the LRM strain ratios along the joints to adjoining 
wall (left) and roof (right) segments for Case 4. 
 
4.4   Observed crack pattern and post-calculation 
 
Onsite temperature measurements were performed for most of the castings within the tunnel 
project. The measurements together with corresponding crack inventory were used to single out 
interesting parts of the construction to analyze. In the frame of this paper it is of interest to study 
the restraint situation in those parts of the construction which show one or just a few cracks. 
This is because it could be expected that the strain ratio is just around the threshold for the 
formation of cracks. With the aim of meeting the requirements of a crack free situation, cooling 
pipes in the walls were used onsite, see Figure 15. However, despite the cooling, cracks 
occurred in some cast sections. In the post-calculations, the same conditions (e. g. temperatures, 
measures, and material parameters) as for the specific empirical case was implied into the ERM.  
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Figure 15 – Positions of used cooling pipes. The upper figure shows the cooling pipes above the 
joint to walls while the lower figure shows the cooling pipes to adjoining roof segment. Pipes 
over wall 3 and 4 are not shown. 
 
 
Observed crack patterns  
For the construction parts investigated, observed cracks have been documented. The castings 
within the tunnel project have proceeded during more than 2 year’s time and only sporadic crack 
inventories have been made. Case 4 have been checked for cracks two times and the others one 
time each. Figure 16 shows the documented cracks and when they were observed. 
 
Post-calculations 
To perform the strain ratio post-calculations, simulations of the casting situation for the four 
cases are performed using the ERM with the existing cooling pipes and the registered 
environmental parameters. In Table 2 the following input parameters are listed: the initial 
concrete temperature, average ambient air temperature, form striking time, average cooling 
water temperature, and start and stop of cooling actions. The ambient air temperature and 
cooling water temperature are given as average values but indeed fluctuates over time. All 
parameters in Table 2 except form striking time are collected from onsite measurements. The 
form striking times are given by documentation since it could not be read from the 
measurements. To meet the measured temperature maximum in the cast concrete the heat 
parameters within the software have been adjusted. All given times are counted from start of 
casting.  
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The resulting strain ratio profile as a function of strain ratio versus distance from joint, and the 
strain ratio at the position of the maximum strain ratio as a function of time is shown in Figures 
17 - 20 for Cases 1 - 4 respectively. Start time of casting is set to 200 h in the calculations to 
make the system adjust itself before calculating the young concrete. Some figures show a slight 
discrepancy in maximum strain ratio between the two plotted graphs. This is due to the graph 
showing maximum strain ratio as a function of time is hand selected for a specific height. 
  

   
 
Figure 16 – Observed crack patterns and time of first observation for Cases 1 to 4. Crack 
widths are 0.1 mm or larger. 
 
It can sometimes be hard to localize the exact height giving the maximum strain ratio. When 
looking at the figures it is important to bear in mind that follow up calculations of cracked 
situations states [12] that cracks were observed for estimated strain ratios of about 0.80 to 1.05. 
 
In Figure 17 (Case 1) it is seen that the calculated strain ratio about 10 days (240 h) after time of 
casting reaches the maximum level of about 0.94, and that a high strain ratio remains for a rather 

CASE 2CASE 1

CASE 3 CASE 4

Cracks documented 40 days after casting. Cracks documented 70 days after casting.

Cracks documented 60 days after casting. No cracks documented 30 days after casting.
Cracks documented 180 days after casting.
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long period of time. The conclusion is that the numerical modelling gives a clear indication that 
the wall is in danger of cracking during the current parameter set. The observed status of the 
construction part (see Figure 16) shows a moderate crack pattern suggesting that the strain 
within the construction is just enough to create cracks. 
 
In Figure 18 (for Case 2) the maximal strain ratio is 0.91 that is reached about 12 days (288 h) 
after time of casting. As for Case 1 a high strain ratio remains for a significant time period after 
the strain ratio peak. The high strain ratio for an extended time period implies that the wall in 
Case 2 is in danger of getting cracked. By comparing the post-calculation to observed crack 
patterns, see Figure 16, it is plausible that the high strain inside the wall causes the construction 
to crack. Compared to the crack situation for Case 1 there is more cracks in Case 2. By looking 
at the restraint distribution in Figures 5 and 6 it is clear that Case 2 have a more extensive 
distribution of high restraint. This could be one explanation why more cracks were observed in 
Case 2 than in Case 1 for the studied tunnel construction. Another explanation is that the time of 
crack documentation, counted from start of casting, differs between the two cases. Whereas in 
Case 1 the crack inventory was done 40 days after casting but as late as 70 days for Case 2. This 
implies that the strain due to temperature gradients had a longer time to make effect. Hence, 
more cracks could appear. 
 
In Figure 19 (for Case 3) the strain has been analyzed along the joint between the newly cast 
roof segment and the walls. The strain presented is in the roof segment over wall number 2. 
Moreover, the strain along the joint between the newly cast roof segment and the adjoining 
mature roof segment is presented. At the casting joint to the wall the maximal strain ratio is 0.70 
and is reached about 14 days (336 h) after time of casting. At the joint between roof segments, 
the maximal strain ratio is 0.82 reached about 13 days (312 h) after time of casting. The strain 
ratio remains close to the maximum for an extended time period after it peaked. Even though the 
strain ratio is just around 0.80 for a short period of time cracks has been documented 60 days 
after casting, see Figure 16. A contributing factor when cracks are formed during a rather long 
period might be local changes in time of the environmental conditions like temperature, wind 
speed, and moisture states.  
 
In Figure 20 the strain has been analyzed along the joint between the newly cast roof segment 
and the walls (for Case 4). The strain presented is in the roof segment over wall no. 2. 
Furthermore, also the strain along the joint between the newly cast roof segment and the 
adjoining mature roof segment is presented. For the joint to wall the maximal strain ratio is 0.80 
which is reached about 15 days (360 h) after time of casting. The maximal strain ratio at the 
joint between roof segments is 0.84 which is reached about 15 days (360 h) after time of casting. 
For this casting the cooling failed; for some reason it started 30 h after start of casting and ended 
6 h later and the temperature of the cooling water was about 28˚C. In Figure 20 it is observed a 
significant region from the joint to the wall and outwards with high strain ratios, 0.75 – 0.80. 
Furthermore, it shows that 0.5 to 1 m away from the joint between roof segments the strain ratio 
exceeds 0.80. The maximum strain ratios more or less don’t decrease at all for both cases, even 
33 days (800 h) after casting. When looking at Figure 16 no cracks were visible 30 days after 
casting but had appeared 180 days after casting.  
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Table 2 – Environmental parameters for casting of Cases 1 to 4 

  Tconcrete Tair 
Form 
striking 

Cooling 
temp 

Cooling 
time   

  
average 

 
average Start  Stop 

 
(˚C) (˚C) (h) (˚C) (h) (h) 

              

       Case 1 18 1 168 12 0 46 

       Case 2 16,5 4 288 9 0 34 

       Case 3 25 17 96 18 0 68 

       Case 4  25 20 240 28 30 36 
              

 
 

     
 
Figure 17 – Strain ratio profile at design position, and strain ratio versus time at position of 
maximum strain ratio for Case 1. Start time of casting is 200 h. 
 

     
 
Figure 18 – Strain ratio profile at design position along the joints to adjoining wall (upper 
figure) and roof (lower figure) segments, and strain ratio versus time at position of maximum 
strain ratio for Case 2. Start time of casting is 200 h. 
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Figure 19 – Strain ratio profile at design position along the joints to adjoining wall (upper 
figure) and roof (lower figure) segments, and strain ratio versus time at position of maximum 
strain ratio for Case 3. Start time of casting is 200 h. 
 
 

   
 

   
 
Figure 20 – Strain ratio profile at design position along the joints to adjoining wall (upper 
figure) and roof (lower figure) segments, and strain ratio versus time at position of maximum 
strain ratio for Case 4. Start time of casting is 200 h. 
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5.     CONCLUSIONS 
 
In the scope of this paper four typical casting situations were analyzed, two cases for wall 
segment castings (Cases 1 and 2) and two cases for roof segment castings (Cases 3 and 4). First 
a study of the restraint situation was performed. Secondly, the development of Equivalent 
Restraint Method was performed by subsequent regression analysis using ERM to resemble the 
Local Restraint Method calculations of strain ratio values. And finally, the developed ERMs 
were used to perform post-calculations for parts of a tunnel project representing Cases 1 to 4. 
 
Regarding the objectives (Chapter 2) it can be concluded that analysis of the restraint in the wall 
segments (Cases1 and 2) most likely explains why more cracks were observed casting 
intermediate wall than casting end walls, even though an extra pair of cooling pipes was added 
(see Figure 15). The effect of a more extensive restraint distribution, given by Abaqus, for Case 
2, is not surprising. But that the magnitude is more or less the same as for Case 1 is interesting. 
When studying the observed crack patterns at these two cases, it is clear that for walls cast under 
the permissions of Case 2 more cracks are observed. An explanation could be that the total strain 
is larger than for Case 1. Added to this effect, there is slightly higher restraint above the point of 
maximum restraint in the construction for Case 2. Therefore a tendency of larger crack risk is 
present. For the studies of a cast end wall and a cast intermediate wall good correlations between 
the ERM and empirical observations were shown. 
  
Furthermore, analysis of the restraint situation of the roof segments (Cases 3 and 4) shows an 
extended region of high strain ratio along the joint to the wall (upper part of Figures 19 and 20). 
The maximum strain ratio decreases slowly and as for Case 4 barely at all. This gives that a 
significant volume of the concrete is exposed to high strains under a long time. Along the joint 
to the adjoining roof segment the maximum strain ratio is just above 0.80. As for the joint to the 
wall, the maximum strain ratio decreases slowly, which strains that region for a long time and 
could therefore cause cracks. In Case 4 the cooling was poorly performed and the main reason 
why the strain ratio is not higher, especially when compared to Case 3, is favourable ambient 
temperature conditions and a long form striking time. If the form was stripped just after 4 days, 
as in Case 3, the roof segment most surely would show severe cracking within a day or two. For 
the studies of the roof segments an acceptable correlation between the ERM and empirical 
observations was shown.  
 
The general conclusion from above is that a cast end wall experience a lower degree of total 
restraint compared to an intermediate cast wall.  The same conclusion holds for roof castings 
when comparing restraint along the joint to the walls. The restraint inherited from adjoining roof 
segments is of the same magnitude for a end roof casting and an intermediate roof casting. 
 
 
6.     DISCUSSION 
 
The work reported in this paper can be commented on as follows: 
 
The onsite measurements that form the base of this paper, when it comes to correlate the ERM 
to empirical observations, are not as rigorous as hoped for. For example, systematic crack 
inventories with a short time span in-between would be beneficial to get a better view of when 
and where the cracks first start to appear.   
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There are more reasons that make the concrete crack than just movements caused by 
temperature development in the young concrete. For example the change of moisture gradients 
during time is one important factor which is not studied in the present ConTeSt calculations. 
The superposition of temperature strains and strain inherited from moisture gradients can be one 
factor that made the investigated concrete to crack.  

 
To improve the comparison between the ERM model and empirical experience several 
parameters can be investigated further and calibrated. For example, the possible effect of self 
weight can be added to the Abaqus analysis on restraint. Furthermore, the temperature properties 
of the young concrete inside ConTeSt can be trimmed or updated.  
 
To compare the post-calculations for these cases to each other could be misleading since the 
environmental parameters differ from each case. General assumptions such as differences in 
strain distributions can be done, but going into details should not be done. Comparisons of 
maximum strain ratios for the cases are therefore not valid due to the different parameter 
settings.  
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ABSTRACT 

This paper describes a part of the work in the development of a 
“standard” test method for determining chloride threshold values 
required to initiate corrosion on reinforcement in concrete. The 
main objective of this study is to investigate the influence of 
corrosion monitoring techniques and the influence of increased 
concentration of the exposure salt solution on the measured 
chloride threshold values. Further, two different types of cement 
were studied. Two commonly used electrochemical techniques, 
that is, open circuit potential measurement and polarising current 
measurement under the potentiostatically controlled condition 
were used for monitoring the corrosion initiation. Both corrosion 
monitoring techniques were found to give reliable results in 
identifying corrosion initiation and no difference in the chloride 
threshold values could be observed between the monitoring 
methods. An increased concentration of salt solution from 6% to 
12% sodium chloride did not accelerate the corrosion initiation 
time. 

Key words: chloride-induced corrosion, chloride threshold values, 
surface condition 
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1. INTRODUCTION 

Chloride initiated reinforcement corrosion is one of the major causes of deterioration of concrete 
structures [1]. Steel in concrete is protected by the high alkaline nature of the pore solution in 
concrete [2-5]. Iron oxides will form a thin protective film on the surface of the reinforcing steel 
(a passive layer), and in this passive state the corrosion rate is insignificant [4, 5]. However, in 
practice reinforcement corrosion due to the ingress of chloride ions from de-icing salts or sea 
water may occur resulting in premature damage which may lead to early failure of reinforced 
concrete structures [1, 2]. 

When chloride ions reach a certain critical concentration at the depth of the embedded 
reinforcement steel the passive film is broken down and the corrosion rate becomes significant, 
the exact mechanism is not well understood [5-7]. A lot of research has been devoted to try to 
determine this critical chloride concentration, or the chloride threshold value (CTV) as it is often 
referred to in the literature. Comprehensive literature reviews on the subject of CTV have been 
published by Angst et al. [8] and Alonso et al. [9]. A large scatter in the reported CTVs was 
found and it was concluded that the testing methods used contribute largely to the variability 
found in the reported CTVs [8, 9]. The need of a practice-related test method under conditions 
as realistic as possible to evaluate the CTV for embedded reinforcement steel in concrete was 
identified by Page [10]. Recently, the RILEM TC 235-CTC “Corrosion Initiating Chloride 
Threshold Concentrations in Concrete” is working for the development of a practice-related test 
method. 

In the effort to develop a “standard” test method for determining chloride threshold values, 
under conditions reasonably comparable to those in service, with satisfactory reproducibility and 
as rapid as possible concerning the slow diffusion nature of the chloride ions in concrete, a 
series of studies intending to isolate parameters which can have a major influence on variability 
of the reported CTV-values were undertaken by the authors of this paper, as a pilot work of the 
RILEM TC 235-CTC. The starting point for the development of a “standard” test method is 
based on the work done by Nygaard and Geiker [11].  

The “standard” test method should in the first stage be used in comparative purposes, for 
decisions such as the suitability of binders, admixtures, and reinforcement steel quality in 
different environments. At a second stage the aim is, after verification with field structures, to 
use the results as input to service life models. 

The main objective of the study presented in this paper is to investigate the influence of 
corrosion monitoring techniques and the influence of increased concentration of the exposure 
salt solution on the measured CTV. Two commonly used electrochemical techniques, that is, 
open circuit potential (Ecorr) measurement and polarising current (Ipc) measurement under the 
potentiostatically controlled condition were used for monitoring the corrosion initiation. Two 
salt concentrations that is, 6% and 12% sodium chloride (by weight of solution), were used as 
the exposure solutions for accelerating the test procedure. Further, two different types of cement 
was studied.  
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2. MATERIALS AND METHODS 

2.1 Materials 

The mix designs of concrete used in this study are given in Table 1 (w/c 0.50). 

Table 1 - Concrete mix designs used in the experimental study 
Cement 

type 
Cement 
(kg/m3) 

Water 
(kg/ m3) 

Aggregate 
(kg/m3) 

Superplasticizer 
(% of cement 

weight) 

Slump 
(mm) 

Air 
(%) 

Cube 
compressive 

strength (28 d) 
(MPa) 

CEM I 380 190 1817 0.5 180 3 58 

CEM II 380 190 1815 0.6 160 2.8 58 

Two types of Swedish cement were used, a Portland cement for civil engineering (CEM I 42.5 
N MH/SR/LA) and a Portland-limestone cement (CEM II/A-LL 42.5R). Relevant properties of 
cements are given in Table 2 (according to the supplier). The maximum aggregate size was 
limited to 10 mm due to the small cover depths. 

Table 2 - Properties of the cements (according to supplier) 
Cement type CEM I CEM II 

Blaine fineness (m2/kg) 310 470 

C3A (%) 2 6 

Na2O-equivalent (%) 0.6 0.9 

Chloride content (%) 0.01 0.06 

Four concrete specimens containing 2 sets of 4 embedded steel bars (i.e. a total of 8 bars in each 
specimen) were cast with the dimensions given in Fig. 1. 

The eight plain reinforcement bars of cold-drawn carbon steel (SS260s) of diameter 10 mm 
were embedded in concrete with four different cover depths of 10, 15, 20 and 25 mm. The 
composition of the steel is given in Table 3 (according to the supplier). 
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Figure 1 - Concrete specimen with embedded steel bars, the dimensions are given in mm. 

Table 3 - Composition of the steel 

The surface condition of the embedded bars is shown in Fig. 2, presenting a photographic image 
(a) on the left hand side and a light microscopy optical image (b) on the right hand side. In Fig. 
2(b) the light area is the steel base material and the dark area is the moulded plastic used to 
mount the specimen. 

 

Figure 2 - Photo (a) and light microscopy image (b) of the steel bar surface condition. 

Residual elements (% by weight) 

C Si Mn P S Cr Mo Ni V Cu N 

0.11 0.29 1.26 0.008 0.014 0.039 0.001 0.04 0.007 0.035 0.0038 
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The reinforcing bars were delivered in three meters lengths wrapped in plastic for protection 
against corrosion during the transportation from the production plant to the laboratory. 

The bars had a bright metallic luster surface covered partially with strongly adherent mill-scale 
(Fig. 2(a)). Further, the microscopy image (Fig. 2(b)) shows localized cracks in the mill-scale 
and crevices between the steel surface and the mill-scale. In Fig. 2 (b) it can also be observed 
that in some locations in those crevices darker spots can be distinguished, probably some type of 
corrosion products. The delivered steel bars were cut into lengths of 210 mm and the ends were 
shaped to avoid sharp edges. 

Two prismatic concrete specimens for each mix design (Table 1) with mounted steel were cast. 
Compaction was performed on a vibrating table. The moulds were first filled to half followed by 
5 seconds of vibration and then the moulds were fully filled followed with additional vibration 
of approximately 5 seconds until air bubbles no longer appeared on the surface. 

The reinforced concrete specimens were demoulded one day after casting and cured in sealed 
plastic sheets until the age of 14 days. The specimens were then cut by sawing to the T-shape 
form as shown in Fig. 1. After cutting, the concrete cover thickness of the steel bars, on each 
side, amounted to 10, 15, 20 and 25 mm.  

Different concrete cover thicknesses were chosen for studying the effect of cover thickness and 
also eliminating the risk of undesired early corrosion of the bar at the smallest cover due to over-
drying under the accelerated preconditioning (to be mentioned later).. The shape of the specimen 
is similar to that proposed by Nygaard and Geiker [11]. The major benefit with this kind of T-
shape is to hinder sodium chloride crystals developing at the surface of the specimen. These salt 
crystals often ‘climb’ up to the top of the specimen and contaminate the protruding part of the 
steel bars causing crevice corrosion. Another advantage is that it is easier to detect defects such 
as air voids on a sawn surface, some air voids were observed in all specimens despite the 
compaction. After sawing, all the surfaces except the two sawn surfaces of each specimen were 
coated with epoxy resin for preventing the protruding bars to undergo crevice corrosion, and 
also for accomplishing a one dimensional chloride penetration. The coating was allowed to 
harden for one day and the specimens were then stored in tap water for six days. 

At the age of 21 days the specimens were preconditioned for two weeks at a temperature of 
20°C and a relative humidity of 50 %. This was for achieving some drying out and consequently 
an accelerated chloride penetration (resulting from a combination of capillary suction and 
diffusion) as it would have been very time consuming if saturated specimens had been exposed 
to the chloride solution for ingress simply by diffusion. After two weeks of preconditioning two 
of the specimens (one of each concrete mix) were exposed to a sodium chloride solution of 6% 
by weight (about 1 mole/l) and the other two were exposed to a sodium chloride solution of 12% 
by weight (about 2 moles/l). Different solution concentrations were used to see if the corrosion 
initiation time could be shortened without influencing the CTV. The exposure solution extended 
to a height of 130 mm from the bottom of the specimens (see Fig. 1).  

In the following, the specimen with CEM I cement as binder exposed to the 6% sodium chloride 
solution is designated A6% and the specimen with the same binder exposed to the 12% sodium 
chloride solution is designated A12%, the specimens with CEM II as binder are designated by 
B6% and B12%, respectively. 
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2.2 Methods 

Electrochemical measurements 
 
Two different electrochemical techniques for monitoring the corrosion process were used: open 
circuit (free corrosion) potential (Ecorr) and polarising current (Ipc) under a potentiostatically 
controlled condition. As have been pointed out in [8] the method for detecting active corrosion 
may influence the CTVs reported in the literature. 

For each concrete specimen (see Fig. 1) embedded bars 1-4 were monitored by the open circuit 
potential Ecorr, and embedded bars 5-8 were monitored by the Ipc under the potentiostatically 
controlled condition. In both cases a potentiostat developed by Arup and Sørensen [12] was 
used. The measurement principle is illustrated in Fig. 3. The Ecorr for bars 1 to 4 (W2 in Fig. 3) 
was measured against the reference electrode (R). For bar 5 to 8 (W1 in Fig. 3) the Ipc was 
measured through the voltage drop across a 100 Ω build-in resistor in the potentiostat. More 
about this technique can be found in references [12, 13]. 
In principle, when corrosion is initiated, the open circuit potential Ecorr will appear a sudden 
drop whilst the polarisation current Ipc will suddenly increase under the potentiostatically 
controlled condition.  

Commercially available manganese oxide reference electrodes (ERE 20, made by FORCE 
Technology in Denmark) placed in the saline solutions and a data-logger were employed for 
data acquisition. Typical potential values measured with the manganese oxide reference 
electrode in saturated calcium hydroxide solution at 23°C are around +200 mV vs. saturated 
calomel electrode (SCE) according to the producer. This type of reference electrode possesses 
individual but relatively constant potential. The MnO2 reference electrode used in the 6% 
solution measured +178 mV vs. SCE and in the 12% solution +190 mV vs. SCE. All the 
measured Ecorr in this study were converted to “vs. SCE” for conformity. For the 
potentiostatically controlled monitoring a mixed metal oxide titanium mesh placed in the 
exposure solution as shown in Fig. 3 was used as a counter electrode (C) and the potentiostat 
was employed for maintaining the potential at a predefined level (0 mV vs. SCE). 

 

Figure 3 - Measurement principle for Ecorr and Ip. 
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The Ecorr for passive steel in concrete depends on properties like the pH of the pore solution and 
oxygen availability (moisture content), and can vary over a wide range of potentials [14]. The 
Ecorr was recorded every two hours; a sudden drop of the Ecorr (>100 mV in a few hours) 
indicates depassivation.  

For potentiostatically controlled monitoring the level of the applied potential has previously 
been found to influence the chloride threshold values. Alonso et al. [15] found that the chloride 
threshold values were independent of the potential if the level was more positive than -200 ± 50 
mV vs. SCE and up to +250 mV. In this study the controlled potential was set at 0 mV vs. SCE, 
which is in the middle of the above range, as suggested by Nygaard and Geiker [11]. The current 
passed through each steel bar to maintain the steel bars at the fixed potential was recorded every 
two hours. This polarisation current was normally in a range of 0-5 μA for the passive steel bar. 
An abrupt increase of the current (>15 μA) indicates the initiation of corrosion [11, 12]. 

After the test period all of the steel bars were released from the specimens for visual 
examination of the corrosion status. The test period extended to 329 days for the bars cast in the 
A-specimens (CEM I) and 376 days for the bars cast in B-specimens (CEM II). Some of the 
steel bars were removed earlier, if corrosion initiation was indicated. 

 
2.3 Chloride exposure and chloride threshold value determinations 

All concrete specimens were continually submerged in the saline solution during the first 75 
days. Gradually decreasing potential was noted for some of the steel bars in specimen A6% and 
B6% that were under the open circuit potential, which can be an indication of oxygen depletion 
[7]. Oxygen availability is one of the key factors for the electrochemical mechanism of 
corrosion of steel in concrete. Therefore, after 75 days all the concrete specimens were 
cyclically exposed to air (T = 20 °C and RH = 50%) for three days and submerged for ten days. 
The aim of this procedure was firstly to try to make oxygen available, and secondly, this 
procedure can have an accelerating effect on the chloride ingress. After about two months cyclic 
exposure no corrosion initiation was found under this cyclic period.  . Hence this laborious 
procedure was terminated and the specimens were continually submerged from then on. It must 
be pointed out that no potential control could be achieved during the periods when the 
specimens were out of the saline solution. As can be seen in Fig. 4 after the cyclic exposure was 
started the trend of decreasing potentials stopped for the freely corroding bars in specimens 
A6% and B6%, and quite stable corrosion potentials (in the passive state) were maintained 
throughout the whole test period. 

Chloride profiles were also determined during the test period. For a chloride profile 
measurements a concrete prism with the dimensions of approximately 50 x 50 x 80 mm was cut 
out from the bottom end of each concrete specimen (see an example in Fig. 1). The prism was 
cut into small slices of 4 to 5 mm thickness in the penetration direction, and these small slices 
were then ground to powder. Four to six slices were cut for each profile. The acid-soluble 
chloride content in the powder (here assumed as total chloride content) was determined 
principally in accordance with AASHTO T260 [16]. An automatic potentiometric titrator 
(Metrohm 716 DMS Titrino) with chloride selective electrode and a 0.01 N silver nitrate 
solution was employed for the chloride analysis. After the chloride titration, the calcium content 
in the same solution was determined also using potentiometric titration with calcium selective 
electrode and a 0.1 N EDTA solution [17]. The cement content in each concrete sample could 
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then be estimated from the calcium content since the aggregates used did not contain any soluble 
calcium. 

Ideally, the chloride content at the steel depth should be measured when the corrosion is 
detected. In this study with multi-bars in a concrete specimen, the destructive sampling of 
individual corroding bar may interrupt the test of the remaining passive bars. Therefore, instead 
of destructive sampling immediately after the depassivation, chloride penetration profiles were 
measured at five different occasions; after 75 days (for specimens A6% and B12%), 138 days 
(for specimen A6%), 182 days (for specimens B6%, B12% and A12%), 329 days (for specimens 
A6% and A12%) and 376 days (for specimens B6% and B12%) of exposure in the salt solution. 
The first three occasions were determined after detection of corrosion initiation of steel bars 
while the last two occasions were at the end of the test periods. These chloride penetration 
profiles were used to evaluate the chloride threshold values as described in the following. 

A simple empirical model that considers the time dependence of both the surface chloride 
content and the apparent chloride diffusion coefficient, similar with that proposed by Nilsson 
[18] was used for predicting the chloride ingress. The principle of the model is to obtain the 
‘apparent diffusion coefficient’ Da(t) and the ‘apparent surface chloride content’ Csa(t) by curve 
fitting the measured profiles to the error function solution to Fick’s second law (Eq. 1), after 
different exposure times t1 and t2. 
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where Cini is the initial chloride content in the concrete, C(x, t) is the total chloride content 
(mass-% of cement) at depth x at time t. The time-dependent diffusivity Da(t) is given by Eq. 2, 
from which the age factor n can be calculated based on two measured chloride profiles. 
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The apparent diffusion coefficient Da(tcorr) at the time of corrosion initiation (tcorr) can then be 
estimated from the above equation. The time-dependency of Csa is assumed to be linear between 
the two curve-fitting occasions. The chloride content, i.e. the chloride threshold value, at the 
time of corrosion initiation (tcorr) is calculated using again Eq. 1, with constant parameters 
Da(tcorr) and Csa(tcorr). It must be emphasized that in the actual experiment both capillary suction 
and diffusion processes were involved and hence Eq. 1 is not the correct solution of Fick’s 
second law but just as a purely empirical regression for interpolation between the exposure 
periods or slight extrapolation out of the curve-fitted occasions. 

 
3 RESULTS 

3.1 Corrosion monitoring 

Figs. 4 and 5 show the measurements from the corrosion monitoring for the four concrete 
specimens containing a total amount of eight bars each. On the left hand side of Figs. 4 and 5 the 
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development of open circuit corrosion potential over time for the set of bars ‘freely corroding’ 
(Ecorr) is showed, and on the right hand side the development of polarising current (Ipc) over time 
for the set of bars under the potentostatic control.  

In Fig. 4 (left hand side) a sudden drop to more negative potentials can be observed for three of 
4 bars freely corroding for specimen A6%. For specimen B6% only the results for freely 
corroding bars 1 and 2 are shown, due to problems with the data acquisition. These results 
indicate corrosion initiation for bars 1 and 2 in specimen B6%. The visual examination showed 
corrosion initiation also for both bars 3 and 4 in the same specimen. In Fig. 4 (right hand side) 
the development of the polarising current with time shows that for both specimens A6% and 
B6% three of four bars indicate corrosion initiation. 

 

 
Figure 4 - Results for the specimens exposed to 6% sodium chloride solution. 

In Fig. 5 (left hand side) corrosion initiation causing a sudden drop to a more negative potential 
can be observed for three of 4 bars freely corroding for both specimen A12% and B12%. In Fig. 
5 (right hand side) the development of the polarising current with time shows that in specimen 
A12% three of four bars indicate corrosion initiation while only two bars in specimen B12% 
indicate corrosion initiation. 
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Figure 5 - Results for the specimens exposed to 12% sodium chloride solution. 

Some freely corroding bars in Figs. 4 and 5 (especially bar 1(A6%) and bar 3(A12%)) show 
signs of corrosion initiation followed by a period where the potential returns to the initial less 
negative value and then drops again. 

 
3.2 Visual examinations 

From the visual examinations corrosion could be confirmed on the steel bars that indicated 
corrosion initiation according to the electrochemical monitoring. Further, no sign of corrosion 
was found on the steel bars not indicating corrosion initiation by the electrochemical 
monitoring. The location of corrosion attacks was always initiated on the side facing the 
direction of chloride ingress. The general feature of the corrosion immediately after removing 
the concrete cover was one or a couple of dark blue-greenish localized corrosion attacks 
surrounded with reddish-coloured rust. The corroded locations coincided sometimes with 
macro-pores (air voids) of size of a few millimeters which were present at the steel-concrete 
interface. In no case did corrosion cause visible cracks or any other break down of the concrete 
cover. 
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3.3 Chloride profiles and chloride threshold values 

Fig. 6 shows some of the chloride profiles measured at different occasions during the exposure 
time. Left hand side chloride profiles measured for the specimens exposed to 6% sodium 
chloride solution (A6% and B6%) and right hand side chloride profiles measured for the 
specimens exposed to 12% sodium chloride solution (A12% and B12%). At least at two 
different occasions were chloride profiles measured for each concrete specimen. When two 
profiles were determined at the same occasion (as in the upper right hand side Fig. 6), a mean 
value of the regression parameters from the curve fitting procedure described in section 2.4 was 
used in the calculation of the chloride threshold values. 

 

 

Figure 6 - Chloride profiles measured for the specimens exposed to 6% (left) and 12% (right) 
sodium chloride solution. 

Fig.7 shows the corrosion initiation time and the CTV for all corroded bars. It is obvious that the 
corrosion initiation time is dependent on the concrete cover thickness and consequently the 
chloride content at the cover depth. 
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Figure 7 - Corrosion initiation time and the CTV for all corroded bars. 
 
Fig. 8 shows the mean CTV for the corroded bars in each concrete specimen, the standard 
deviations are also included. 

 
Figure 8 - Mean CTV for the corroded bars in each concrete specimen. 
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4 DISCUSSION 

4.1 Corrosion initiation 

In the passive state the Ecorr of the freely corroding bars was between -100 and -50 mV vs SCE. 
A sudden drop to more negative potential indicates corrosion initiation (Figs. 4 and 5). This was 
the case for all freely corroding bars at various times except for the bars with the thickest 
concrete cover (25 mm). Some bars (Bar 1(A6%) and Bar 3(A12%)) showed clearly corrosion 
initiation at an early stage but this indication was followed by a period where the potential 
returned to less negative values (Figs. 4 and 5). This phenomenon is called repassivation, 
although the mechanism by which actively corroding steel repassivates is not known with 
certainty. It has been suggested that in pitting corrosion a cap of porous corrosion products acts 
as a barrier and “seals off” the active local corrosion by limiting the exchange of local and bulk 
electrolytes [19].  

Similar to the freely corroding bars almost all bars with the pre-set potential 0 mV vs. SCE 
showed also corrosion initiation at various times, with exception also here for the bars with the 
thickest concrete cover (Figs. 4 and 5), as well as Bar 7(B12%) with 20 mm concrete cover, in 
which no corrosion was detected or observed. The detection of depassivation for the corroding 
bars in this case is straightforward by a rapid increase of the current required to keep the pre-set 
potential. In one case a sign to repassivation was observed for Bar 6(B12%) (Fig. 5). Otherwise, 
due to the imposed potential the increase of the polarising current stopped only when the 
corroding bar was disconnected. These bars were then allowed to corrode freely (up to a month) 
whereafter the Ecorr was recorded by the data logger and showed no repassivation. 

It appears from Figs. 4, 5 and 7 that the two different methods of monitoring yielded different 
times of corrosion initiation in the same specimen, but the variation of CTVs between these two 
methods is not significant, probably due to the fact that the chloride increase at a certain depth is 
related to the square root of time.  
 
As expected, when chlorides are introduced from an external source into concrete the most 
decisive parameter determining the time to corrosion initiation is the thickness of concrete cover 
(see Fig. 7). 
 
 
4.2 Chloride threshold values 
From the measured chloride profiles (Fig. 6) it appears that the chloride penetration rate was 
influenced by the concentration of the exposure solution and to some extent also by the binder 
type, being highest for specimen B12% followed by specimen A12%, and then by specimens 
B6% and A6%. However, the increased salt concentration did not accelerate the corrosion 
process or shorten the initiation time. 

The average chloride threshold values of each group of specimens are shown in Fig. 8. The 
mean value of the chloride threshold for the corroding rebars embedded in the specimens with 
CEM I (A6% and A12%) as binder was 1.2 % by weight of cement with a standard deviation of 
± 0.2 % for A6% and ± 0.3 % for A12%. For the rebars in the specimens with CEM II (B6% 
and B12%) as binder the mean value of the chloride threshold was 1.3 ± 0.3 % by weight of 
cement for the specimen B6% and 1.9 ± 0.3 % for the specimen B12%. 
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The mean CTV for the rebars embedded in specimen B12% is distinguished from the rest by 
being markedly higher. The CTVs for the rebars with the smallest cover depth represent the 
major contribution to this (see Fig. 7). This is difficult to explain as it would have been expected 
that the CTVs for the rebars in B12% and in B6% should be in the same range. Yonezawa et al. 
[20] showed that CTV can depend on the concentration of the exposure solution, but if so, in the 
present study that would have been the case also for the rebars in specimens A6% and A12%. 
Only one of the 20 corroded rebars showed a CTV lower than 1% by weight of cement. For the 
bars that did not corrode during the test period the chloride level at the cover depth (25 mm) was 
0.8% for A6% and for B6%, 1.0% for A12% and 1.3% for B12% by weight of cement. 

A large scatter of reported chloride threshold values is found in the literature [8, 9] and it is 
difficult to make a direct comparison between studies with different experimental setups due to 
the numerous parameters affecting chloride threshold values. However, the mean chloride 
threshold value for the bars in specimens A6%, B6% and A12% in this study is in line with the 
mean values reported in the statistical analysis of published chloride threshold values (1.24%) 
made by Alonzo and Sanchez [9], for what they referred to as “natural methods”. It can be 
pointed out that the mean value for the CTVs from potentiostatic methods were 0.82% by 
weight of cement, as reported by Alonzo and Sanchez [9].  

The binder type has been pointed out as one of the influencing parameters on the susceptibility 
for chloride-induced corrosion [8]. As several authors [2, 3, 5] have pointed out, the high pH of 
the concrete pore solution has an inhibiting effect on chloride-induced corrosion. The pH in the 
pore solution depends mainly on the alkali content of the cement [21], as presented in Table 2 
expressed as content of Na2O equivalent for the cements used here. The content of Na2O 
equivalent in CEM II is higher than in CEM I but it was only the bars in specimen B12% that 
showed a clearly increased CTV compared with the rest of the specimens which makes it 
difficult to directly attribute this to a higher pH in the pore solution. 
 
 
4.3 Corrosion monitoring methods 

Basically no difference in the CTVs could be observed between the monitoring methods (see 
Fig. 7) contrary to the data reported in [8, 9]. 

From the visual examinations it can be concluded that both corrosion monitoring methods gives 
reliable results in identifying corrosion initiation. In both cases the corrosion progress of all 
rebars was continuously monitored by using a data acquisition system, which has the benefits of 
a more precise registration of the corrosion initiation time, is less laborious, and hence, more 
cost-efficient than a manual registration method. 

The drawback by monitoring only the Ecorr is that the electrochemical potential can change 
because of other reasons than corrosion initiation, for instance oxygen depletion [14], or changes 
at the reference electrode and effects related to moisture or chloride ingress. A tendency of this 
decrease in potential can be seen in Fig. 4 during the first 75 days of immersion. If this tendency 
was kept longer, it might be difficult to distinguish the corrosion initiation time. 

The potentiostatic controlled method can very clearly and sharply detect the initiation of 
corrosion, but is criticized for being an artificial state and not related to reality. For example, a 
phenomenon like repassivation as noted in Fig. 4 and Fig. 5 would not appear in the 
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potentiostatic controlled method as once corrosion has been initiated the current will continue to 
increase until the bar in the specimen is disconnected. In their literature review both Angst et al. 
[8] and Alonso and Sanchez [9] showed that generally lower CT-values were reported from 
potentiostatic tests than natural open circuit potential tests. However, this was not the case in 
this study as can be seen in Figs. 7 and 8. It must be pointed out that in this study the CTVs for 
the open circuit potential tests (Ecorr) were determined at the first sign of depassivation and that 
repassivasion was not considered. This can be the cause that the CTVs are equivalent for both 
monitoring methods. From the experience in this study the potentiostatic controlled method 
requires more knowledge in electronics and data acquisition systems. One drawback of this 
method is that it is not suitable for monitoring corrosion when simulating wet and dry periods. 

The corrosion monitoring methods used in this study is not a critical parameter responsible for 
the scatter of the chloride threshold values reported in the literature. A much more decisive 
parameter influencing the CVT previously identified by the authors of this paper [22] and others 
[23, 24] is the rebar surface condition. 

Further, the following suggestions can be given based on the experiences from this study for the 
improvement of the test method: 

 Cast only one rebar per concrete specimen (for example 150x150 cube). This will make 
it easier to determine the exact chloride content at the corrosion initiation time without 
disturbing the corrosion monitoring of the rest of the rebars. 

 Modify the preconditioning (harsher drying) to attain deeper initial chloride penetration 
in order to achieve corrosion initiation faster. A cover depth of 10-15 mm can be 
considered as sufficient to attain reliable results. 

 Because studies of corrosion initiation always reveal a wide scatter of data [25], use at 
least 8 rebars with one cover depth to minimize the uncertainty in the results. 
 

5 CONCLUSIONS 

From this study, the following major conclusions can be drawn: 

 Both open circuit potential and potentiostatic control techniques for corrosion 
monitoring give reliable results in identifying corrosion initiation and no difference in 
the chloride threshold values could be observed between these two monitoring 
techniques for the chosen level of polarisation. 

 An increased concentration of salt solution from 6% to 12% by weight of sodium 
chloride did not accelerate the corrosion process or shorten the initiation time.  
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ABSTRACT

Concrete overlays on bridge decks are expected to be more durable compared
with the more common asphalt solution. Of interest is to evaluate the concrete 
overlay regarding traffic and shrinkage/temperature induced stresses. In a pilot 
study nondestructive test systems were evaluated in field observations with 
focus on detecting hidden defects that may have induced identified surface 
cracks. Studies using NonDestructive Test methods (NDT) and drill core 
analyses were performed as well as visual inspection. The methods were to 
some extent considered as time consuming obtaining data and unclear 
regarding analysis. However, interesting information regarding e.g. cracking 
has been achieved that will be a base for selection of methods in future field 
tests of a research project supporting future theoretical analyses and models.

Keywords: Concrete, Bridge deck overlay, Cracking, Modelling, Non-
destructive testing.

1. INTRODUCTION

Bridge decks are important elements of the infrastructure. A critical detail of the decks is the top 
layer which protects the structural concrete of the deck against environmental loads such as rain, 
snow, de-icing chlorides etc. The most common solution is to apply an impermeable layer on the 
structural concrete with a wearing course of asphalt, Figure 1a. However, frequently this 
solution suffers from damages e.g. formation of bubbles in the impermeable layer early at 
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service stage, causing leakage of water and chloride ion entrainment, thus leading to costly 
repair. The construction process includes many stages and is complex and time consuming. An

a)       b)   

Figure 1 – Typical and common solutions for protection of structural bridge decks by insulation 
mat etc. (a) and directly cast concrete overlay (b).

alternative is an overlay of concrete cast directly on the structural concrete, Figure 1b. 
Approximately 500 bridges of a total of more than 11 000 concrete bridges in the regime of 
Swedish Transport Administration have been provided with the latter solution having reinforced 
concrete overlays on their bridge decks [1]. However, still, the share of total concrete bridges,
using the second solution, is low - about 5%.

The system with directly cast overlays of concrete is environmental friendly; uses no epoxy 
primers, it is durable, has lower noise levels from traffic, is cost effective; leads to robust 
structure, has no drainage channels (avoidance of performance problems at construction and no 
expensive maintenance costs), gives light pavement (i.e. optical advantage) and includes few 
construction stages. Thus, concrete overlays are considered to be more wearing resistant and by 
that requiring lower maintenance in comparison to the solution with waterproofing layers and 
asphalt. Hence, fibre reinforced concrete might be preferred in regions where studded tires are 
necessary for long time periods or at places where the traffic intensity is high as well as for 
remote areas regarding recurring maintenance.

Important issues for concrete overlays are general performance with respect to external loads as 
well as cracking due to shrinkage and/or temperature strain and bond to substrate. The effects of 
these phenomenons are however not fully understood and there is a lack of knowledge regarding 
performance, design, analysis, construction etc., especially when new types of concrete are used. 
Thus, the objectives of the newly started Ph.D. project (with support from the Swedish transport 
administration, Trafikverket) is to secure the performance of concrete overlays for a sustainable 
structure, i.e. concrete overlays with high durability, low maintenance cost and optimization 
regarding material consumption and global environmental loads. The project includes laboratory 
tests, full scale observations and theoretical analysis. This article is focussed on an initial field 
study. 

Observations have been made on 23 bridges built in the 1990’s in the north of Sweden [2]. The 
bridges studied were provided with steel fibre reinforced concrete overlays, poured directly on 
the newly cast structural concrete. The purpose of the observations  were to determine if there 
was a need to worry about problems such as steel fibres at the surface, surface unevenness and
surface cracks. Systematical problems were observed related to production technique, among 
other things resulting in high density of steel fibres on the surface at the bridge ends [2]. It was 
concluded that the problems probably were due to the compacting equipment used and 
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especially the difficulties to manoeuvre it close to the bridge ends. Thus, the concrete was 
processed manually instead resulting in poor finish. 

Another problem reported in [2] are unevenness of the surface i.e. most of the bridges are not 
fulfilling the Swedish standard VÄG 94 [3]. A consequence might be that grinding the surface 
becomes necessary. In the context of grinding the surface, the author raise the problem of 
mechanical processing and risk of inducing undesirable micro-cracks in the overlay. Presence of 
surface cracks was also observed at some of the bridges.

To check whether the situation above is valid 15 years later and to explore if other types of 
documentation methods could be used than in the study above (mainly performed by visual 
inspection), on-site assessment of some of the bridges were initiated during autumn 2013. Thus, 
the article describes a field study of steel fibre reinforced concrete overlays on two bridge decks 
with the use of NonDestructive Test methods (NDT). The techniques and equipment used and 
discussed in this report are well known in Scandinavia and world-wide, see e. g [13] – [15] and 
the prevailing view is that they give accurate results and are fairly quick and easy to use, giving 
useful information. In the near future, based on the results of the two field studies, a new 
investigation will be performed on selected bridges of the ones included in the earlier 
examination.  

2. METHOD

The present study was carried out in August 2013 with the help of a NDT-specialist [4] with a 
long international experience [13] – [15], often hired as a consultant in Scandinavia. The 
methods used were an impulse test method - s’MASH, thermography imaging and ultrasonic 
testing with the Surfer instrument. Also, visual inspection and drilling core examination were 
performed. 

The bridges studied were one crossing the river Sangisälven, Långbacken, near Haparanda,
denoted as A, and one crossing the creek Pierujoki at Pieruvaara, denoted as B. Both bridges are 
located in Norrbotten, Sweden, approximately 100 km and 200 km north east of Luleå, 
respectively.

The chosen bridges are in a potential deteriorating state with visible surface cracks. These cracks 
have been detected and reported earlier in the Swedish Transport Administration maintenance 
management tool1 and have been categorized as an effect derived from the hardening process of 
the overlay for bridge A and due to traffic loading for bridge B. The crack pattern is similar for 
both the bridges, oriented approximately 40–50◦ relative its longitudinal direction i.e. the 
construction line. The purpose is now to evaluate if the NDT systems can detect hidden defects 
that may induce a crack initiation, resulting in delamination or debonding, as well as estimate 
the crack depths and widths. Furthermore, the study will give important input to future field 
studies within the Ph.D. research project. 

1Bridge and Tunnel Management, BaTMan
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3. TEST SYSTEMS

3.1 Impulse test method s’MASH

The impulse response test method is used for both inspections of steel and concrete structures. 
However, the application of the methods is more known within the area of steel structures and 
has not got the similar attention as the impact-echo method [5] for concrete structures. In 2010, 
ASTM International (American Society for Testing and Materials) published a standard on how 
to interpret the impulse response when evaluating the condition of concrete structures [6]. An 
impulse response examination should not be used as a stand-alone tool to evaluate a concrete or 
a road structure. Hence, the method should primarily be considered as a relative method and 
should always be supplemented and verified with additional examinations like drilling cores 
examination, breaking up the concrete with other refined tools and visual inspection.

The impulse response method is utilised as a fast screening technique covering large areas of a 
structure with the purpose of detecting integrity troubled areas and locating possible defects. 
Typical information collected on bridges is delaminated and debonded areas, voids in the bridge 
deck and honeycombed2 concrete. However, s’MASH does not give any depth indications of 
defects, hence only relative values of the various parameters can be evaluated for a structure. 
Thus s’MASH only caters for an indication of better or worse areas after calibrations has been 
done. The instrument may detect defects within a radius of approximately 300 mm from the test 
point and the maximum depths in which flaws can be detected are 250-300 mm, depending on 
the circumference of the flaws parallel to the surface tested [4].

The data collection starts with a sledgehammer, with a built in load cell, being struck against the 
surface creating the bridge deck to respond in a bending mode over a frequency range between 0 
and 800 Hz, sampled by a velocity transducer. The use of a velocity transducer, a geophone, is 
known to be stable at low frequencies and robust in practice and therefore preferred as sampling 
device [7]. The time record of the impact force and the surface velocity are then processed using 
a fast Fourier transform algorithm and stored in a lap top. From the spectrum obtained by the 
Fourier transform algorithm of the hammer force and the velocity, the surface mobility plot is 
computed as the ratio of the velocity spectrum and the force spectrum, see further details in [5]
and [7]. 

Interpretation of results by means of ASTM [6]:

Average Mobility - a parameter to compare differences in overall mobility among test points in 
the tested element. It can detect relative flexibility and is a function of plate thickness, concrete 
elastic modulus, support conditions and presence of internal defects. A higher mobility indicates 
that the element is relatively more flexible at that test point.

Mobility Slope - A high Mobility Slope has been found to correlate with locations of poorly 
consolidated (or honeycombed) concrete in plate-like structures.

Peak-Mean Mobility Ratio - A high ratio of the Peak Mobility to the Average Mobility has been 
found to correlate with poor support conditions or voids.

2 Area on a concrete surface or a void inside the concrete that is coarse and stony.



167

Dynamic Stiffness - An indicator of the relative quality of the concrete, of relative thickness of 
the member, of the relative quality of the support conditions for suspended structural slabs.

Interpretation of iso-plot colour key for Average Mobility, Peak-Mean Mobility Ratio, and 
Mobility slope [4]: White: No damage, Green: No damage Yellow: Weak indications of 
possible damage, Purple: Clear indications of damage, Red: Clear indications of damage.

3.2 Thermography camera

Thermography imaging has in general a broad range of application areas and has been used for a 
long time e. g. visualisation of transmitted energy of a house or from defects in electrical 
installations. In this case the technique is used for the study of a surface layer of concrete. Figure 
2 shows example of a concrete bridge deck being examined at its bottom surface aiming at 
localising delaminated areas. A schematic illustration of how the surface temperature of a bridge 
might vary for a sound and a damaged structure during a 24 hour cycle is shown in Figure 3.

Figure 2 – Example of damaged area around a drainpipe mapped with a thermography camera.

Figure 3 – Temperature variations measured with a thermography camera on the bottom 
surface of a bridge deck for a delaminated area (In principle) [8].

If the air temperature differs evidently during the day, a difference may be detected between 
delaminated or debonded areas and the bridge deck. If this temperature difference, is sufficiently 
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large it can be utilized as a result of estimating the loss of the structural integrity. If, however the 
daily temperature variations are small one may expect the two lines in Figure 3 to coincide and 
the risk of gaining zero information is imminent, even though the equipment used has a 
sensitivity of ±0.05 ◦C. It could be noted that this high sensitivity of the instrument might as well 
be diluted or consumed by the surface texture variation absorbing unequally amount of energy.

3.3 Sound velocity tester Surfer

The Surfer is an instrument measuring ultrasonic velocity and the time of longitudinal stress 
wave propagation in a solid material. In the present study, the main purpose using the instrument 
was to be able to measure the depth of vertical cracks close to the surface. However, the 
instrument might also have some other interesting features, for instance it caters for the 
possibility of estimating early-age strength development in concrete see [9]. In principle the 
instrument records the time it takes for the longitudinal stress wave to travel as a spherical wave 
front between the transducers located at a distance L = 150 mm. The depth d of a surface crack 
is given by the time delay of the signal when it is diffracted by the crack tip according to:

(1)

Where tp is the time of propagation between the transducers parallel to the crack and tc is the 
time of propagation between the transducers perpendicular to the crack. For this type of 
instrument the depth measurement range is approximately 10-50 mm.

Figure 4 – Surfer in practice (Displaying crack depth d = 110 mm) [9].

4. FULL SCALE OBSERVATIONS

4.1     Bridge data

As mentioned earlier two bridges were studied. The Bridge A is a two hinged slab frame bridge 
with  a free span and width of 16 m and 8 m, respectively, and the frame legs are approximately 
6.4 m high, Figure 5. The bridge surface is 141 m2 and the bridge has four wing walls, almost 
equal in size, connected to the frame legs at an angel of 45◦relative to the longitudinal direction. 
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Up till now the bridge (built 1994) has undergone some maintenance; however, no rehabilitation 
regarding the overlay has been carried out.

According to information from BaTMan the overlay on this bridge is a 50 mm thick steel fibre 
reinforced cement-based concrete overlay cast directly on the main structure without any 
additional binder or bituminous sealing layer according to present reference standard [10]. 

Bridge B is also a two hinged slab frame bridge with span and width of 12 m and 7 m, 
respectively, while the frame legs are approximately 5 m high, see Figure 6. The bridge surface 
is 98 m2 and the bridge has four wing walls, almost equal in size, connected to the frame legs at 
an angel of 0◦ relative to the longitudinal direction. Information found regarding maintenance 
and repair history since completion in 1952 reveals that also this bridge had undergone some 
adjustments during its lifetime and up to now including a major rehabilitation in 1995 with an 
overlay exchange. Before 1995 the bridge had a wearing layer consisting of oil-impregnated 
gravel lying on top of a thin bituminous waterproofing layer. A 50 mm thick steel fibre 
reinforced concrete overlay was cast directly on a repair-concrete 20-95 mm thick attached on a 
water jetted surface of the deck. The thickness of the overlay at the centre of the bridge, in 
longitudinal direction, is 95 mm and 20 mm close to the edge beams. The reference standard 
valid at the time of rehabilitation was according to [11].

Figure 5 – Plan view of bridge A, near Haparanda.

4.2     Estimation of concrete properties and crack dimensions

Before executing the testing a 1×1 m2 grid was created, covering the whole deck surface, see 
Figure 7. Test points were located at gridline intersections, corresponding to the grid used for 
the s’MASH results in Figure 8(a)-(d). A similar mapping approach was taken when collecting 
data from the crack dimension estimation. The crack depth and width were then collected with 
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the Surfer while the crack widths also were recorded by a measuring card3. The maximum crack 
depth and width were collected for each square meter. To be able to handle all the collected 
data, mean values were calculated based on the visible characteristics of the cracks. Based on 
crack width and depth the cracks were divided into three groups. These three groups are 
represented as grey areas visible in Figure 7. The size of the areas was determined by the shape 
of the crack pattern. The subdivision of the bridge surface also reflects the intensity of the 
dominating cracks. The cracks in the area on the left had a width in the range of 0.05-0.35 mm 
and depth of 29 mm. In the middle area the width was in the range of 0.20-0.80 mm and the 
depth was 30 mm. In the last area, the right part of Figure 7, the width was 0.15-0.60 mm and 
depth was 26 mm.    

Figure 6 – Plan view of bridge B, at Pieruvaara.

3 A plastic card with a set of lines, with different thickness, used to compare with a crack.
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Figure 7 – Mapping of dominating cracks at bridge A. Three areas of crack widths and depths 
are defined by intensity of grey colour, see the text. No. in circles: testing points.

The results of the s’MASH-test measurements for bridge A, in Haparanda are shown in Figure 8
and were evaluated based upon the condition of the cores that were drilled out for calibration, 
see Table 1. Four graphs are shown and three of them were used to evaluate the condition of the
bridge slab. Exact depths to flaws that might be detected are not catered for in these types of 
measurements, which only indicate of whether they are close to the surface or deeper in the 
deck. Core drilling for calibration of data was done at three locations.

a) Average Mobility, (m/s)/N. b) Mobility Slope, (m/s)/N/Hz.
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c) Peak-Mean Mobility Ratio, unit less.          d) Dynamic Stiffness, N/m.

Figure 8 – s’MASH output data (a)-(d) for bridge A. Interpretation of colours - see Section 3.1. 

When evaluating data and determining the extent of damage, the interpretation is based on a 
standard scale recommended by [4]. Considering the results for this particular bridge slab the 
scale has been adjusted with the purpose to increase the sensitivity, though the normal scale did 
not indicate any defects. Since the scale has been adjusted the interpretation of the colours above 
should be considered with caution. In Figure 8(a) Average Mobility graph is shown indicating 
that the bridge plate is in good condition and that there are no signs of shallow delamination. In 
Figure 8(b) Mobility Slope graph is shown and no signs of honeycombed concrete are present. 
In Figure 8(c) Peak-Mean Mobility Ratio is shown, indicating good support of the overlay, 
interpreted that the bridge plate is in good condition and the risk of deeper flaws are negligible. 
In Figure 8(d) the Dynamic Stiffness shows the resulting effect from a combination of 
parameters such as geometry, quality of concrete and support conditions. No interpretation on 
Dynamic Stiffness has been made but it will possibly serve as a complementary result in future 
studies.  The areas with the highest Peak-Mean Mobility Ratio selected for cores are located at 
test point 14;9 (K1) and 13;2 (K2). Core number K3 is located directly above a crack and is used 
as a calibration core of the depth measurements with the Surfer.

The same procedure was utilised at bridge B when categorising cracks and their characteristics. 
The size of the areas was determined by the shape of the crack pattern as for bridge A, see 
Figure 9. Cracks in the area on the left had a width of 0.05 mm and depth of 17 mm. In the
middle area the width was 0.40 mm and the depth 30 mm and on the right width was 0.10 mm 
and depth was 17 mm. Two main cracks are present at the overlay of bridge B, distinguished 
from the other dominating cracks. Their orientation is parallel to the longitudinal direction of the 
bridge and located at the centre in the transverse direction. The crack to the left goes from 1;4.5 
(33 mm) to 4;4.5 (0 mm) and one to the right from 12;4.5 (0 mm) to 14;4.5 (110 mm), see 
Figure 9.
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Figure 9 – Mapping of dominating cracks at bridge B. Three areas of crack widths and depths 
are defined by intensity of grey colour, see the text. No in circles: testing points. Two 
dominating cracks indicated by dashed lines.

The s’MASH-test measurements in Figure 10 were evaluated based upon the condition of the 
cores drilled out for calibration in the same manner as for bridge A, see K4 and K5 in Table 2.

Data on Average Mobility, Figure 10(a), shows that the bridge plate is in a possible deteriorating 
state, with fairly large indications of debonding or delamination at both bridge ends, as well as 
at one location in the middle denoted 7;2 (beneath K4). The effect from the longitudinal crack 
on the west side is clearly visible. However, the crack on the east side is not that clear due to the 
surrounding delaminated area. Core K4 is located directly above a crack and is used as a 
calibration core of the depth measurements with the Surfer. In Figure 10(b) the Mobility Slope 
graph shows no signs of honeycombed concrete. The Peak-Mean Mobility Ratio graph, Figure 
10(c), shows that the bridge plate is in good condition in general and the risk of voids is 
negligible. The Dynamic Stiffness of the structure shown in Figure 10(d) is influenced by a 
combination of parameters, such as geometry, quality of concrete and support conditions. 
Interpretation on the Dynamic Stiffness has not been made, but it will possibly serve as a 
complementing result in future studies.
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a) Average Mobility, (m/s)/N. b) Mobility Slope, (m/s)/N/Hz.

     

c)Peak-Mean Mobility Ratio, unit less. d) Dynamic Stiffness, N/m.

Figure 10 – s’MASH output data (a)-(d) for bridge B. Interpretation of colours - see Section 3.1. 

4.3     Detection of cracks and flaws with thermography

Due to poor weather conditions at the time of the testing the infrared camera did not perform 
very well. It had been raining just before the examination, of bridge A, and the temperature 
variation during the last 24 hours had been less than 10-15 ◦C, which was not enough to give a 
clear indication. Based on the resulting data from the s’MASH, the expectations of finding flaws 
was fairly small anyway. Due to some logistic related problems the cores were drilled on 20th

instead, now the weather was dry and the sun was shining at the location of the Haparanda 
bridge. The infrared camera was now tested once again, thus under new conditions. A selection 
from the result is shown Figure 11. No hidden defects were found, just surface related anomalies 
such as close to surface aggregate, missing aggregate in the surface and surface cracks you 
would be able to see anyway.
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Figure 11 – Thermography plots, south side of bridge A (left). Hot spots in cracks and where 
aggregates are missing, as well as cold spots due to coarse aggregate close to the 
surface are shown. Typical crack pattern (right).

The conditions for using the infrared camera were also poor when testing the bridge B at 20th of 
August 2013, with a daily variation of temperature of less than 10−15 ◦C. However in Figure 12
the thermography camera seems to be able to detect the debonded area and the reason for it is 
probably due to its relatively shallow location. Based on the resulting data from the s’MASH the 
expectation of finding flaws was fairly good due to the debonded areas. No hidden defects were 
found, just surface related anomalies like the ones reported at bridge A, with the exception of 
the locally debonded area under K4.

Figure 12 – Thermography plots, south side of bridge B (left). A smeared hot spot can be seen 
over a non-successful repaired area. Core K4 was taken here. A measuring tape was 
used to determine the position of the core and is visible as a yellow line. Typical 
crack pattern (right).

K4
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4.4     Core tests

The results from the drilling cores are shown in Table 1 and Table 2 with comments and 
analyses. Five core samples were taken, three at bridge A and two at bridge B.

Table 1 – Drilling cores (K1-K3) taken at bridge A
Id. Core Expectation

K1

Minor risk of small cracks deep in the concrete

Condition 
Core intact in general. Steel fibre visible to a depth of 
70 mm. A flat iron visible at bottom of the hole. A 
slightly high Peak-Mean Mobility Ratio indicates a void 
close to the flat iron or due to the flat iron itself, 
probably used for fixation of reinforcement bars.

Id. Core Expectation 

K2

Minor risk of small cracks deep in the concrete

Condition
Core intact. No signs of internal defects in the core. 
Steel fibre visible to a depth of 70 mm. A slightly high 
Peak-Mean Mobility Ratio might indicate a void close 
to the reinforcement bar at the bottom of the core. 
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Table 2 – Drilling cores (ctd)

Id. Core Expectation
Core taken above a crack to cater for the possibility of 
making a petrographical testing to evaluate the age of 
the crack

Condition 
Depth of crack approximately 50 mm and 0.25 mm 
wide. Steel fibre visible to a depth of 70 mm. Concrete 
below wearing layer was intact, i.e. no propagation of 
the crack.

5. DISCUSSION

In general both bridges seemed to be working as expected in terms of cleanliness, i.e. only some 
gravel along the edge beams, and drainage. Although frictional or roughness measurements not 
were made, an engineering judgment on the frictional characteristics was performed and the 
observers contention is that both bridge decks surfaces do not suffer from frictional problems 
when interacting with rubber tires. Some indication of rutting4 was visible in the sense of 
differential surface texture that might have some impact on the frictional characteristics, 
however, only visible during certain light conditions. More interesting is that the inspection 
showed a macroscopic crack pattern, with a spacing of 100 mm, mainly oriented 40-50◦ relative 
to the longitudinal direction for both bridges, however mirrored at the longitudinal centre line
for bridge A. The crack pattern was relatively distinct at bridge A, where the overall mean crack 
width was 0.36 mm with good bonding recorded, see Figure 13.

4 Groove in the wearing surface made by passage of vehicles.
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Table 3 – Drilling cores (K4-K5) taken at bridge B.
Id. Core Expectation 

K4

Core taken above a crack with the intention to verify the 
crack depth d measured with the SURFER.

Condition
Crack depth approximately 28-30 mm, equivalent to the 
thickness of the wearing layer at this point. Concrete 
below the wearing layer was intact i.e. no propagating 
crack. Bituminous material visible at both surfaces of 
the crack.

Id. Core Expectation 

K5

Risk of minor cracks of poor bonding between the 
substrate and the wearing layer. 

Condition
Core intact after coring, however, fairly easy to break. 
Bonding between wearing layer and substrate was 
weak. Thickness of wearing layer approximately 140 
mm. Presumably bituminous materials visible at the 
crack surfaces (small brown spots). Additional 
reinforcement visible 110 mm below surface. 

Figure 13 – North side of bridge A at mid-span. Macroscopic crack pattern mainly oriented 40-
50◦ relative to its longitudinal direction.
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A variation of crack widths were visible, however the depths were relatively constant. A 
constant crack depth was expected since the thickness of the overlay probably is more or less 
constant over the bridge deck surface, this based on structural drawings and the cores K1, K2 
and K3. The variation in crack widths might be explained by a poor distribution of steel fibres or 
by the irregular geometric conditions; i.e. the slab has different thickness, although this may be 
unlikely. At the bridge ends the crack pattern was a bit more randomised with visible steel fibres 
at the surface. 

Even though the cracks are randomised as well as diagonal the cause might be explained by 
plastic shrinkage in both cases. For roads and slabs associated with diagonal cracks the primary 
cause is rapid early drying, and the resulting effect is then plastic shrinkage, the same implies 
for the randomised cracks for reinforced concrete slabs according to [12].

In contrary to bridge A, the crack pattern on B was not that distinct, however, clearly visible for 
the naked eye. The dominating cracks at bridge B have approximately the same orientation, 
however, not mirrored at centre and they may be a bit more inclined for this bridge.

The variation in crack widths is slightly more distinct at this bridge. Steel fibres were also found 
at the bridge ends close to the surface. As mentioned before it might have something to do with 
a poor distribution of steel fibres or the irregular geometric conditions, i.e., the frame is
haunched approximately between 1 and 5 as well as for 10 and 14, see Figure 10. The greatest
difference in crack characteristics between the bridges are definitely the longitudinal cracks at 
the bridge ends at B and the non-mirrored pattern which might have been induced by traffic 
loading. To be able to consider the latter a petrographical test would be of interest to determine 
the age of the crack as a first approach.

6. CONCLUSION

The method used for mapping  crack widths and crack depth is rather time consuming in relation 
to the time needed for the overall inspection, including s’MASH, thermography and other 
documentation such as taking photos. The method is thus more suitable when measuring a 
couple of selected cracks and not for hundreds. In terms of accuracy of the results for the two 
techniques used, Surfer and traditional measuring card are assumed to be good enough for this 
type of inspection and provide fairly reliable results. 

In general, using s’MASH as a technique for detecting flaws like debonding, delamination or 
honeycombing in concrete structures is a rather rational approach. The results, however, are not 
straight forward to interpret without previous experience of testing such structures. One should 
be aware of the result scale since it is a relative measurement, and in general only valid for the 
specific structure or component investigated and should thereby always be verified via, at least, 
one core sample. As in most of the cases when operating on roads, time is of essence so to be 
able to determine where to take the cores you must be able to analyse the data on site. 

Due to the difficulties in predicting the weather the thermography camera is not well suited for 
this type of inspection with instant information sampling. The required temperature variations, 
10-15◦C in 24 hours as mentioned above, is not that easy to fulfil, especially for the upper part of 
the slab, and is therefore not an alternative in further surveys. Another way to use the 
thermography camera, despite poor temperature variation, might be to sample pictures over time 
rather than just instant pictures as in this survey. Having a larger set of data, in the format of 
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time-history, for a specific area one might have a greater rate of success when evaluating the 
thermography data. The idea is that the first picture would then represent reference data for the 
next picture, and so on. One could possibly argue stronger and be able to compare thermography 
data with the other types of measurements using this latter approach. 

All of the three test methods used in this article are to some extent subjective methods and 
should thereby be interpreted by the reader in the light of a strive to build a knowledgebase 
within the field of nondestructive testing.

The conclusions and experience above will serve as a base for selection of methods in future 
field tests of the Ph.D. research project e. g. supporting future theoretical analyses and model 
developments.
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ABSTRACT 

To facilitate the service life predictions regarding durability of 
nuclear waste repositories acceleration methods enhancing the 
decalcification process are needed. In this study an electro-
chemical migration method to accelerate leaching of calcium 
from cementitious specimens of sizes 50×100Ø and 75×50Ø mm 
is presented. The mineralogical, physical and chemical properties 
of degraded samples are characterized. The results demonstrate 
that up to 70% decrease in strength, 50 % decrease in E-modulus, 
90 % increase in gas permeability, at least 70% increase in 
chloride diffusion coefficient and 70 % increase in pore volume 
could be expected due to leaching of portlandite from concrete.   

 

Key words: Acceleration method, Calcium leaching, Service life,                        
Mineralogical properties, Diffusion, Adsorption, Mechanical 
Properties, Permeability 

1 INTRODUCTION 

Exchange of ions between cementitious materials and the surrounding environment due to 
concentration differences will result in dissolution or precipitation of minerals, and 
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consequently alteration in the microstructure and composition of the cementitious materials. 
One of the important factors in this process is the long-term contact between the concrete 
barrier and the surrounding groundwater [1, 2]. In concrete calcium hydrates are the major 
portion of hydrated cementitious material whilst the repositories are surrounded with low 
calcium content groundwater. As calcium leaching is a dissolution/diffusion governed 
transport process, decalcification will proceed, due to the calcium concentration gradients [3].  

In repositories of nuclear waste where concrete is used in the engineered barriers to prevent the 
release of radio nuclides, detailed understanding of how the properties of the material are 
developed over the entire operational life of the repository is required. Of particular 
importance are the mechanical, physical and diffusion/adsorption properties of the degraded 
materials.  

To account for the long term effect of degradation on properties of cementitious materials used 
in nuclear waste repositories several studies are reported in the literature regarding leaching of 
calcium from cementitious materials based on immersion of the solid cementitious specimens in 
water or enhancement of the decalcification process with acceleration methods [4-15]. However, 
although several conclusions can be drawn from these studies regarding the properties of aged 
cementitious materials these types of experiments are either very time consuming due to the 
slow kinetics of the decalcification process or small sample sizes should be implemented which 
limits further examination of the mechanical properties of the samples or their diffusivity. In 
addition it should be noted that there are not many studies reported in the literature with 
implication of concrete samples [16-19] of proper size rather paste specimens or powder 
samples have been used [4-7, 9, 10, 12-15, 20-22].  

Moreover, although the common feature for both natural and accelerated leaching scenarios will 
be a total dissolution of portlandite and a significant decalcification of the CSH phases, other 
effects of the aging processes may differ considerably between specimens aged by different 
acceleration methods and comparably natural leaching methods . This emphasizes on the 
importance of reproducing accelerating tests and characterizing the aged samples to account for 
the comparability of the ageing function of different methods in order to produce databases with 
low variability and less uncertainties demonstrating properties of degraded cementitious 
materials.  

It should be noted that in any acceleration method some involved processes may not be present 
in the natural situation. Characterization of the material after application of the accelerated 
method is of high importance in order to show the comparability as well as to build up a better 
base for further investigations.  

Furthermore, as the rate of diffusion through concrete not only depends on molecular diffusion 
in pore solution, but also on the porosity and sorption properties of the cementitious materials, 
within assessments of diffusion properties of degraded cementitious specimens the changes in 
pore structure and adsorption properties should also be considered. As presented by Ochs et al. 
[23] an increase in sorption properties of degraded cementitious materials is expected after 
degradation, specifically for Cs ions. However, in general the available information in the 
literature regarding the sorption properties of cementitious materials exhibit a large variation 
and uncertainty due to considerable differences in the composition of the cementitious 
specimens which emphasizes on the importance of adsorption tests in parallel with 
investigations regarding diffusion properties. In addition, although combined effect of porosity, 
adsorption and molecular diffusion is of high importance, but available literature data on 
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adsorption have mostly been obtained from studies on powdered hydrated cement paste 
excluding the effect of changes in porosity and molecular diffusion.  

All these implies that effective acceleration methods with comprehensible kinetic, simulating 
the calcium leaching process for specimens with a size suitable for further mechanical or 
physical tests are required. In this study a newly developed acceleration method simulating the 
leaching of calcium from cementitious materials is presented. The gradual changes of the 
physical, chemical and mineralogical properties of the samples are followed with the progress of 
the leaching process. Further, the diffusion properties of solid specimens of cement paste are 
investigated and the physical properties such as porosity, pore size distribution and specific 
surface area of decalcified samples are studied and compared with the untreated reference 
material. Moreover, the diffusive characteristics of Cs+, Na+ and Li+ ions are accounted for by 
means of a diffusion cell test and the adsorption characteristics for Cs+ ions, as exhibiting no 
solubility limitation and only weak retention by fresh hydrated cement paste [23], is considered 
for both fresh and aged cementitious materials. Finally, the changes in mechanical and physical 
properties of solid concrete specimens are presented and the following properties have been 
studied: tensile strength, elastic modulus, permeability and water adsorption. In addition, the 
chloride diffusion coefficient of concrete samples has been studied in order to give an indication 
of the transport properties of the specimens.  
  
 
2 MATERIAL AND METHODS 
 
2.1 Specimen Preparation  
 
In this study, all solid specimens were manufactured from pure cement paste and water in order 
to facilitate chemical and mineralogical analysis of the specimens. The paste specimens were 
casted from a mixture of Swedish structural Portland cement for civil engineering (CEM I 42.5N 
BV/SR/LA) and deionised water at a water-cement ratio of 0.5. The chemical composition of 
the cement is listed in Table 1. Fresh cement paste was cast in acrylic cylinders with an internal 
diameter of 50 mm and a length of 250 mm. The cylinder’s ends were sealed with silicone 
rubber stops. The cylinders containing fresh paste were rotated longitudinally at a rate of 12-14 
rpm for the first 18-24 hours of hydration to homogenize the paste, after which the rubber stops 
were removed and the ends of the cylinders were sealed with plastic tape in order to produce 
specimens with a homogeneous composition and structure. The specimens were stored for over 
6 months in a moist plastic box and then cut to cylinders with the size of Ø50×75 mm for use as 
specimens in the experiments.  In order to prevent carbonation, saturated lime water was used at 
the bottom of the plastic box. The initial calcium and silica contents in the cement paste 
specimens presented in Table 2 were calculated with the assumption that the composition of 
CSH corresponded to C3S2H3.  

Table 1. Chemical characteristics of Swedish CEM I 42.5N BV/SR/LA 

Chemical formulation  CaO SiO2 Al2O3 Fe2O3 MgO Na2O K2O SO3 Cl 

Weight Percentage 64 22.2 3.6 4.4 0.94 0.07 0.72 2.2 0.01 
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Table 2. Initial calcium and silica contents in a cement paste specimen (Considering C3S2H3 as 
the composition of CSH) 

Total  Component mole/gr paste mole/specimen* 

Calcium content 

CSH 0.0044 1.02 

CH 0.003 0.68 

Other hydrates 0.0018 0.41 

Total  0.0092 2.11 

 Silica content CSH 0.003 0.68 
*Approximately 230 g paste/specimen 

The Concrete specimens used in this study were cast using Swedish structural Portland cement 
for civil engineering (CEM I 42.5N BV/SR/LA) and crushed aggregates with maximum size of 
16 mm. The specimens were casted in cylinders in two different sizes of Ø100×200 mm and 
Ø50×250 mm with two different water cement ratios. The ratios are decided according to the 
properties of the concrete used in The Final Repository for  Short-lived Radioactive Waste, 
SFR, in Sweden [24, 25], Table 3. It should be noted that SFR consists of several parts with 
respect to the radioactivity level of the waste, the Silo (intermediate waste), BMA (intermediate 
waste), 1BTF and 2BTF (dewatered ion exchange resins) and BLA (low level waste) are the 
included parts. The observations from the slump test prior to casting was 25 mm slump for the 
concrete with W/C=0.48 and 35 mm for W/C=0.62. The specimens were cured in saturated lime 
water for more than 3 months after which they were stored for over 3 months in a moist plastic 
box and then cut to cylinders with the size of Ø50×75 and Ø100×50 mm to be used in 
electrochemical migration method. 

Table 3. Properties of concrete used in SFR repository located in Forsmark 

Properties Silo1) BMA2) 

Cement type  Swedish structural cement Swedish structural cement 

W/C 0.48 0.62 

Cement content kg/m3 350 300 
1) Based on Emborg et al. 2007 [26] but with symmetrical deviation of 48±5 MPa in compressive strength instead 
of 43-58 MPa with mean 48 Mpa. 
2) Estimated based on the previous Swedish concrete class K30. 

2.2  Materials and Methods 

The experimental set-up of the electrochemical migration method is inspired by the rapid 
chloride migration test developed by Tang, Figure 1 [27]. In this method, the specimen was 
placed between two electrolyte solutions providing a porous medium for ion migration. 
Specimens of size Ø50×75 and Ø100×50 were used. The curved surface of the specimen was 
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sealed using an asphalt tape which was extruded up to 2-3 times longer than specimen’s height 
providing an empty volume of about 200 ml as the anolyte container.  A plastic box with the 
capacity of 30 liters was used as the catholyte container. The anode was made of a titanium 
mesh which was equipped with a plastic support preventing direct contact with the specimen. 
The cathode was made of stainless steel which was mounted on a plastic support in a similar 
way as described in NT BUILD 492 [28]. The cells were connected to an external potential 
supplier with adjustable current and potential. In order to avoid a temperature-induced 
mechanical destruction of the specimen due to the Joule effect the current applied to the 
specimen was controlled. The choice of electrical current was based on the findings by 
Babaahmadi et al [29] showing that a constant current of 250 mA was suitable for a paste 
specimen of size Ø50×75 mm and also taking into consideration that the paste fraction of the 
concrete specimens used in this study and in which the leaching takes place was 30 percent of 
the total volume, Table 3. 

Ammonium nitrate solution was used as catholyte solution in order to dissolve the calcium 
hydroxides and Lithium hydroxide solution was selected as anolyte solution. This was motivated 
by the fact that the Li+ ions do not exist in the pore solution. Moreover, Li+ ions with a 
crystallographic radius of 0.07 nm, have a high surface charge density and therefore they are 
strongly hydrated in water and acquire a large size [30]. The thick water layer around Li+ in a 
solution will reduce the tendency for diffusion or migration and consequently will also reduce 
any competing potential in migration with calcium ions. Furthermore, with application of a 
hydroxide salt of lithium, the produced H+ ions at the anode were neutralized and localized 
acidic characteristics in the anolyte solution with corrosive effects on the specimen were 
prevented. 

 

Figure 1. Setup design of electrochemical migration test  

In order to maintain the pH level in the catholyte and anolyte solutions as well as to compensate 
for the consumed ions (OH- ions in the anolyte solution and H+ ions in the catholyte solution), 
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the solutions were frequently recharged. The quantities of the salts required for recharging were 
calculated according to the Faraday’s rule of electrolysis as given in Equation (1).  

)(
M
mzFtI                                                                                                                        (1)                                                                                                                                                       

where, I: Current (A), t: time (seconds), F: Faraday number = 96485 C/mol, M: Molecular mass 
of substance (g/mol), m: mass of substance (g) and z: the valance number of ions.  

With the application of a current of 250 mA, approximately 20 grams of ammonium nitrate and 
6 grams of lithium hydroxide per specimen were needed to recharge the catholyte and anolyte 
solutions, respectively, for every 24 hours. When the current was set to 80 mA the catholyte 
solution was instead recharged with same amount of chemicals every 3rd day. The experimental 
time was set to approximately 6 weeks in order to reach to complete leaching of portlandite 
content as concluded by Babaahmadi et al. [29]. It should be noted that for the specimens with 
W/C=0.62 the experiment was terminated faster than for the specimens with W/C=0.48 as the 
portlandite content differs.  

2.3 Instrumental analysis  

To quantify the content of charged substances in the catholyte solution, Ion Chromatography 
(IC) was utilized. An IONEX (ICS 900) Ion Chromatograph was used in this study. Using this 
instrument the ions of interest were detected typically by conductivity or UV/visible light 
absorbance. The samples were injected in to the instrument with an auto-sampler. Moreover, the 
gradual change in the calcium concentration in the catholyte solution was analyzed by 
potentiometric titration on Metrohm Titrator 702 SM Titrino, using a calcium selective electrode 
and 0.1 N EDTA-solution as titrant.  
Characterization of the crystalline phases in the solid samples was performed with X-Ray 
Diffraction (XRD) analysis. A Siemens D5000 (CuKα = 1.5418 Å) X-Ray diffractometer, 
equipped with Gobel mirror was used. The measurements were carried out by using 0.050˚ per 
step and at a time step of 2 s. The powder sample was prepared by crushing and grinding the 
solid sample in a mortar while immersed in ethanol and vacuum drying after grinding. For each 
analysis 0.5 grams of the powder placed on a thin-walled glass sample holder was used. The 
results were calibrated using 0.05%mass of Si powder as standard.  

Line scans quantifying the longitudinal changes in Ca/Si ratios of solid samples were performed 
by Laser Ablation- Inductive Coupled Plasma- Mass Spectrometry (LA-ICP-MS). Laser 
Ablation analysis was performed using a New Wave NWR213 laser ablation system coupled to 
an Agilent 7500a quadrupole ICP-MS (upgraded with shield torch and a second rotary vacuum 
pump). A 30 micron laser spot size, beam energy density of ca. 6 J/cm2 and repetition rate of 10 
Hz was used in line scan mode (scan speed 100 µm/sec).  

The surface topography and elemental composition of the solid samples were analyzed with 
Scanning Electron Microscopy (SEM). A FEI Quanta ESEM 200 equipped with field emission 
gun and Oxford Inca EDX system was used to perform the analysis.  Thin cubes of the solid 
sample of about 20×10 mm, thickness of 10 mm were used. The samples were vacuum dried 
prior to analysis. It should be noted that in order to prevent the samples from carbonation they 
were neither polished nor coated which may cause charging effects in the results as well as 
uncertainties due to uneven surface of the sample. The analyses were performed in high vacuum 
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mode and in 9-12 mm working distance. The reference sample and aged samples with different 
degrees of leaching were selected for the analysis. 
The pore size distribution was studied with Mercury Intrusion analysis, using Micrometrics, 
Auto pore 9500 with a 5 ml penetrometer. Also the Brunauer-Emmett-Teller (BET) specific 
surface area was measured by N2 adsorption with a Micrometrics, TriStar 3000.  

 
2.4 Diffusion/Adsorption tests  
 
The diffusion properties of the reference and the aged specimens were investigated for 0.5 M 
and 0.05 M solutions of LiCl, NaCl and CsCl respectively. 
Conventionally, diffusivity of ions in a porous material is measured using a natural diffusion cell 
test at a certain concentration gradient [31]. Typically, two solution containers (cells) are 
separated by a slice of the specimen. The cell filled with a solution containing the ions of 
interest is called the upstream cell and the other cell, which is usually filled with deionized 
water, is called the downstream cell. Due to the concentration gradient between the cells, 
diffusion of ions through the specimen is always from the upstream cell to the downstream cell.  
As shown in Figure 2, a paste specimen of Ø50×15 mm was assembled in the central part of the 
silicone rubber tube and kept in position with a clamp of stainless steel. Cells made of Plexiglas 
tube were attached to the ends of the silicone rubber tube using a clamp of stainless steel on 
each ends of the tube. The upstream cell was filled with 250 ml of a selected solution and the 
downstream cell was filled with 250 ml of deionised water. A rubber stop was used to close the 
cells in order to prevent evaporation and carbonation. 10 ml of sample was taken from the 
downstream solution approximately every 10 days (replaced with deionised water) and 
chemically analyzed with Ion Chromatography in order to account for accumulated ionic 
content (Qion), diffused through the specimen, against time (Qion–t curve). The experiment was 
terminated when a linear relationship observed from the Qion–t curve, which was an indication 
of the steady state flow. 

Moreover, in order to analyze the adsorption properties, reference and calcium leached paste 
specimens prepared according to the methods described in sections 2.1 and 2.2 respectively 
were hand crushed and powdered in a mortar. 3 grams of the powder was mixed with 30 ml of 
CsCl solutions with approximate concentrations of 0.3, and 5 ppm respectively in separate 
plastic tubes in a glove box filled with nitrogen gas in order to prevent any carbonation. The 
solutions were mixed by placing the tubes in a rotating chamber. The Cs concentration in the 
solutions was determined after 2 and 6 weeks with ion chromatography. 

2.5 Mechanical tests  

Splitting test  
The tensile strength of the leached and reference materials was measured using a Toni-Technik 
compression testing machine with a maximum capacity of 100 KN.  The concrete sample of size 
Ø100×50 mm was loaded across its vertical diameter. Plywood strips were inserted between the 
concrete cylinders and the top and bottom plates of the equipment to ensure homogeneous 
loading. 2 specimens representative for each W/C-ratio and each degradation state were tested to 
ensure reproducibility of the results.  
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Elastic Modulus  
Elastic modulus of the specimens was obtained as the slope of stress-strain curves recorded by 
means of an ALPHA compression testing machine, Figure 3.  The load cell had a maximum 
capacity of 50 KN and was loaded with a mechanical press at a constant rate of 0.01 
KN/millisecond. The vertical stress was measured utilizing a calibrated LVDT (Linear Variable 
Differential Transformers) sensor. The end surfaces of the specimens, perpendicular to the 
longitudinal axis of specimen, were cut with a diamond saw and polished in order to have a 
smooth surface. The concrete specimens of the size Ø50×75 mm were placed between two 
platens and positioned under the load cells. 4 LVDT sensors were used to measure the 
displacement of the bottom platen and 3 more sensors were employed to measure the 
displacement of the upper platen. The sensors were connected to a data-log system to record the 
gradient of strain as a function of stress. The calcium depleted samples were kept in 100% RH 
until being tested in order to avoid any internal cracks. 

 

 
Figure 2. Diffusion cell test setup 

2.6 Gas permeability and capillary water adsorption 

The gas permeability and capillary water adsorption tests were performed according to state of 
the art report of Rilem technical committee 189-NEC [32] and the recommendations by Kollek 
(1989)[33]. The measurements were performed on concrete specimen of the size Ø50×75 mm. 
The specimens were preconditioned for 2 weeks according to recommended procedures stated in 
Rilem technical committee 189-NEC [32] and the recommendations by Kollek (1989) [33] prior 
to the measurements. 2 specimens representative for each W/C-ratio and each degradation state 
were tested to ensure reproducibility of the results. 
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Figure 3. Instrumental setup concerning producing stress-strain curves 

2.7 Rapid chloride migration test  

The chloride diffusion coefficient of the pristine and leached specimens was studied by means 
of the rapid chloride migration test according to NT BUILD 492 and as described by Tang [27, 
28]. It should be noted that in the case of the calcium depleted specimens owing to a reduced 
ionic concentration in pore solution compared to normal concrete specimens, adjusted shorter 
experimental duration was applied to these specimens. Moreover, due to a considerable increase 
in porosity of the calcium depleted concrete it is not easy to predict the proper test duration. In 
this study the test duration was set to 15 hours instead of 24 hours. However, chloride ions 
penetrated through the whole thickness of the specimens in this time duration. As a result the 
minimum chloride diffusion coefficient was calculated for the calcium depleted concrete 
specimens. 

 

3 RESULTS AND DISSCUSSIONS 
 
3.1 Characterization of degraded specimens  
 
In Figure 4, the Ca:Si ratio is plotted as a function of axial and radial position in the specimen 
and the number of days of leaching. In this figure it can be seen that leaching starts from the 
cathodic side of the specimen and propagates towards the anodic side. Considering the gradual 
changes in Ca:Si profile, the leaching develops towards a homogenized leaching level 
throughout the specimen (leached portlandite content).   

The hypothesis regarding the preferential leaching of portlandite is investigated with XRD 
analysis. As shown in Figure 5. It is clearly shown that the portlandite peaks are dramatically 
reduced as compared to the pristine material. It should be noted that the ettringite peaks remain 
present in treated samples which, as discussed in part 2.2, should be due to low solubility of 
SO3

2- ions as well as higher mobility of NO3
- ions.  
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Figure 6 show SEM images of the pristine material and the leached specimens, respectively. As 
illustrated the aged samples show a higher porosity compared to the reference one. Moreover the 
detectable crystalline phases like portlandite, which are present in the reference sample, cannot 
be seen in the aged samples. The elemental composition of samples was analyzed and compared 
with the reference sample utilizing EDX method. The results are presented in Table 4, indicating 
a considerable lower Ca/Si in the aged sample compared to the reference sample. This is in good 
agreement with the LA-ICP-MS results.  

Mercury Intrusion analysis results are presented in Figure 7. As shown the total porosity 
(cumulative pore volume) increased considerably for the degraded samples. As shown total pore 
volume of pores with sizes between 100-1000 nm increased whereas the total pore volume of 
pores with sizes between 1-100 nm decreased after leaching. The decrease in pore volume for 
smaller pores should be due to recrystallizations taking place during the leaching which might 
further dissolve after longer leaching time.  

The changes in specific surface area of the aged samples as a function of pore distribution were 
studied by means of BET measurements. The results show that the pore area of the samples 
changes from 80 cm2/g to 160 cm2/g after degradation. As illustrated in Figure 8, the aged 
samples present a considerable higher N2-adsorption and consequently a higher surface area 
than the reference samples. These results are in very good agreement with the results from 
mercury intrusion analysis presented in Figure 7.  

Comparing the leaching depths in the specimens leached for 53 days (size  Ø 50×75 mm) as 
shown in Figure 5, with the values reported in literature for natural leaching rates [4, 34-37] 
(leaching depth equal to 5-10 mm can be expected after up to 100 years and in 1000 years it is 
expected to be up to 8-20 mm), a considerable acceleration rate is demonstrated for presented 
method in this study. Moreover, The results are in good agreement with the pore distribution 
data from naturally leached samples as reported by Haga et al. [6] or reported results by 
Adondet and Buil [4] stating that total dissolution of portlandite content followed by progressive 
decalcification of CSH gel is expected in natural leaching process which was demonstrated to be 
similar for degraded samples in this study. 

 
Figure 4. LA.ICP-MS analysis results  
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Figure 5. XRD analysis for degraded paste sample  
 
 

Figure 6. SEM analysis results  
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Table 4. EDX analysis results  
  Spectrum (% Atomic) Al Si Ca Fe 

R
ef

er
en

ce
 Mean 1.62 11.09 30.32 1.02 

Std. deviation 0.17 1.73 2.51 0.22 
Max. 1.8 13.14 33.08 1.37 
Min. 1.35 0.51 27.44 0.8 

    Ca/Si : 2.73   

A
ge

d 
 

Mean 2.34 15.03 22.97 1.74 
Std. deviation 0.22 0.52 0.58 0.42 

Max. 2.97 15.91 24.28 2.91 
Min. 2.08 13.4 21.55 1 

    Ca/Si : 1.52   

 

 

Figure 7. Mercury intrusion analysis results  

 

Figure 8. BET analysis results 

3.2 Diffusion/Adsorption properties  
As shown in Figure 9, the cement and CsCl mixtures reached equilibrium latest after 2 weeks. It 
is apparent from the figure that the free concentrations of cesium ions in the mixtures containing 
leached cement paste are considerably lower than the mixtures containing reference samples i.e., 
unleached specimens. This indicates a higher binding potential of aged cementitious materials, 
which has previously been reported by Ochs et.al [23]. 
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Figure 9. Adsorption test results  

 

Figure 10, illustrates accumulated concentration of diffused ions in diffusion cell test as a 
function of time. As shown the diffusion rate is higher for all elements in the case of aged 
samples compared to the reference. Considering that decalcification changes the bulk density 
and the pore structure of the degraded cementitious materials, higher porosity in aged specimens 
reasonably causes a higher diffusion rate in these specimens.  

Further, comparing plot (a) and (b) in Figure 10, it can be seen that the diffusion rate of Cs ions 
in the case of the aged sample is very close to diffusion rate of Na ions in plot (a), while it is 
considerably higher in plot (b). Considering higher mobility of Cs compared to Na ions, this can 
be due to adsorption/binding effect in the case of plot (a). However, a higher concentration 
gradient in the case of plot (b) overcomes this effect.  

3.3  Mechanical properties  

The results from the mechanical tests are presented in Table 5. As shown the average tensile 
strength (2 specimens for each W/C) for the specimens with a W/C ratio of 0.48 is reduced 
approximately up to 70 % due to calcium depletion whereas the reduction in tensile strength for 
the specimen with a W/C ratio of 0.62 is about 55%. Interestingly the residual tensile strength of 
the samples after degradation is similar in both water cement ratios, which indicates that 
although the different initial portlandite content in specimens would cause differences in 
strength properties, but similar residual strength can be predicted in specimens with different 
W/c ratios if leaching is propagated only up to leaching of portlandite content for all specimens. 
Moreover, the change in elastic modulus is also presented showing that the elastic modulus is 
reduced by 40% after leaching for both types of specimens. 
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Figure 10. Diffusion cell test results  
  

Table 5. Mechanical test results  

 Tensile strength (MPa) E-Modulus (GPa)  

 Ref Aged % Decrease Ref Aged %Decrease 

W/C=0.48 10 3 70 
~ 50 ~ 30 40 

W/C=0.62 5.5  2.5 55 

3.4 Physical properties  
Figure 11, illustrates the adsorbed water content as a function of time. As it can be seen up to 3-
4 times of higher water adsorption rate for the calcium leached specimens is shown compared to 
pristine materials. The result indicate that a higher pore volume in calcium depleted samples 
which results mainly from dissolution of portlandite content has a detrimental influence on 
strength properties of cementitious materials [6, 8, 22]. 

 
Figure 11. Capillary adsorption of water 
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Furthermore, the changes in gas permeability coefficient of the concrete due to degradation are 
presented in Figure 12, indicating up to 15 times of increase in gas permeability as a result of 
depletion in calcium.  

 

 
Figure 12. Gas permeability test results  

Finally, the changes in chloride diffusion coefficient of the concrete samples due to degradation 
are presented in Figure 12. As it can be seen up to at least 70% increase in chloride diffusion 
coefficient is expected after calcium depletion. It should be noted that the presented results 
regarding the calcium depleted specimens are the minimum chloride diffusion coefficient owing 
to the full penetration through the specimen thickness as it was pointed out previously. The 
results are in good agreement with the presented results by Choi et al. (2013) [16].  

Table 6. Rapid Chloride Migration test results  
 Average Chloride diffusion 

coefficient (×10-12) 

 Ref Aged  
W/C=0.48 ~28 >110 
W/C=0.62 ~51 >132 

4 CONCLUSIONS  

A newly developed acceleration method with the flexibility of producing decalcified 
cementitious specimens with different sizes suitable for further testing methods was presented. 
Electro-chemical migration method enhances ageing of cementitious materials with a rate far 
higher than natural leaching. The ageing function can be controlled and the sample size is 
flexible. Any acceleration method may involve some processes which may not be present in the 
natural situation. However, considering the changes in mineralogical, physical, chemical and 
mechanical properties of aged material is of high importance in order to show the comparability 
as well as to build up a better base for further numerical situations. One of the direct 
applications of this study is to provide experimental approaches to be able to supply databases in 
order to validate the risk assessment analyses regarding the functionality of engineered 
cementitious barriers. Based on the results presented in this study the following conclusions can 
be drawn:  

 Leaching of portlandite from concrete followed by gradual degradation in CSH gel can 
be demonstrated by utilizing electrochemical migration method.  
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 The aged samples exhibit a higher binding potential for Cs ions. It was found that the 
specific surface area of aged samples was increased by up to 50%, which might be the 
reason to the enhanced adsorption of Cs+ ions compared with the pristine material.  

 The pore volume was increased by up to 40-50% after decalcification, which cause 
considerable increase in ionic diffusion rate of aged samples compared with pristine 
materials.  

 Calcium depletion for sample with W/C=0.48 will lead to Up to 70% of increase in 
capillary water adsorption whilst 55% of increase is predicted for the case of W/C=0.62.  

 Decalcification decreases the tensile strength and this reduction is proportional to the 
change in pore volume: 70% for W/C=0.48 and 55% for W/C=0.62.   

 Up to at least 35% of decrease in E modulus is concluded whilst compressive strength at 
failure is shown to be reduced up to 50%.  

 The gas permeability is shown to be increased up to 90% and at least up to 10 times 
higher water permeability is expected.  

 The chloride diffusion coefficient is shown to increase at least up to 70%.   
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