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Preface

Nordic Concrete Research is since 1982 the leading scientific journal concerning concrete 
research in the five Nordic countries, e.g., Denmark, Finland, Iceland, Norway and Sweden. 
The content of Nordic Concrete Research reflects the major trends in the concrete research. 

Nordic Concrete Research is published by the Nordic Concrete Federation which also 
organizes the Nordic Concrete Research Symposia that have constituted a continuous series 
since 1953 in Stockholm. The XXII Symposium was held i August 2014 in Reykjavik. Most 
of the papers in this volume of NCR is full papers, where only 4 pages extended abstracts 
were presented in Reykjavik. 

The next symposium, no. XXIII, will be held Aalborg, Denmark in August 2017. We do look 
forward to welcome you there.

Since 1982, 423 papers have been published in the journal. Since 1994 the abstracts and from 
1998 both the abstracts and the full papers can be found on the Nordic Concrete Federation’s
homepage: www.nordicconcrete.net. The journal thus contributes to dissemination of Nordic 
concrete research, both within the Nordic countries and internationally. The abstracts and 
papers can be downloaded for free. Proceedings from miniseminars and the proceedings from 
the Research Symposia are about to be published on the homepage as well.

The high quality of the papers in NCR are ensured by the group of reviewers presented on the 
last page. All papers are reviewed by three of these, chosen according to their expert 
knowledge. 

Since 1975, 76 Nordic Miniseminars have been held – it is the experience of the Research 
Council of the Nordic Concrete Federation, that these Miniseminars have a marked influence 
on concrete research in the Nordic countries. In some cases, the information gathered during 
such Miniseminars has been used as Nordic input to CEN activities. The latest Miniseminar 
concerning Alkali Silica Reactions was held in Riga in our attempts to involve the Baltic 
countries in our Nordic activities.

The next miniseminar, " Residual capacity of deteriorated concrete structures" will be held in 
Trondheim, 21 - 22 of April.

Vodskov, December 2014

Dirch H. Bager
Editor, Nordic Concrete Research
Chairman, Research Council of the Nordic Concrete Federation
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EARLY PROPERTY DEVELOPMENT IN CONCRETE
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ABSTRACT

The Freiesleben Maturity-function is widely used for planning of 
execution, also for concrete containing fly ash. The strength and electrical 
resistance are investigated for concrete with and without fly ash at different 
curing temperatures. This investigation showed that the standard maturity 
function is not valid in general. Curing at high temperature gave a 
significant decrease in strength. Fly ash reduces this decrease for the 28-
days strength, but not for long-term strengths. The resistance is reduced at 
high temperatures for concrete without fly ash, and increased for concrete 
with high fly ash content. The exact maturity function for a specific
concrete type must be determined by experiments.

Key words: Additions, Chlorides, Execution, Testing

1 INTRODUCTION

In Denmark, planning of execution parameters like strength development is based on the 
Freiesleben Maturity function. The parameters for the maturity function is only tested for 12 to 
48 hours and from 5˚C to 40˚C according to the test method for the maturity function [1]. In 
most cases standard values for these parameters are used without testing regardless of the
concrete composition and the cement type. The Freiesleben Maturity function is widely used for 
planning of execution, also beyond the maturity which it was derived for and also for concrete 
containing fly ash, even though fly ash was not used at the time when the function was derived.
By using additives that act retardant, it is a fact that the influence of temperature on the retarding 
period is not described accurately by using the maturity function. [2]

Freiesleben Maturity function is given by:
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Where:

• H20(θ) Relative speed at temperature θ
• E(θ) Standard Activation Energy, [J/mol]
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The maturity is the equivalent hardening time at 20˚C. At the time τ, it can be calculated as:

( )20 20
0

M H dt
τ

θ= ∫ (2)

In Denmark the standard activation energy parameters is often used without any documentation, 
and determination by testing according to method TI-B 103 (94) [3] is seldom done.. In practice, 
the maturity function with the standard parameters regardless of concrete mix design and cement 
type is used far beyond the period and temperatures for which it is actually valid and the 
consequence of this is not generally known in the concrete industry.

Concrete structures service life is a key factor in ensuring the economy and the environmental 
profile of large infrastructure projects. For a number of concrete properties the development 
between 6 hours and 28 days (and after 28 days) is poorly known, and for the modern concretes 
with addition of residues (fly ash) almost unknown. Nevertheless it is during this period that the 
concrete is subjected to excessive impacts associated with de-moulding, wetting, loading (pre 
stressing) and exposure to the environment (e.g. sea water). If the concrete is exposed too early, 
it will reduce the durability of the concrete.

A detailed knowledge of property development in modern concretes is therefore essential to 
provide the necessary and sufficient requirements and to formulate and implement realistic 
schedules without reduction in the durability of concrete.

In recent years it has been a growing recognition that concrete properties in the long term cannot 
be seen independently of the temperatures during curing. At very high temperatures (above 60-
70 °C), there is even in some cases a subsequent total destruction of the concrete (DEF -
Delayed Ettringite Formation). It is possible that even at lower and more common temperatures 
a smaller, partial degradation of the concrete will take place.

Kjellsen et al. [3] investigated the microstructure of concrete cured at temperatures between 5˚C
and 50˚C. They found that low curing temperature resulted in a uniform distribution of 
hydration products and fine pores, while curing at higher temperatures resulted in coarse, 
interconnected pores. A proportion of the pores will always remain unfilled, and the poorer 
physical structure will cause a lower strength and durability.

The influence of fly ash and curing temperature on compressing strength has been investigated 
by Maltais & Marchand [4]. This investigation clearly confirmed that an elevation of the curing 
temperature contributes to reduction of the long-term compressive strength of ordinary Portland 
cement mixture. It also indicated that a higher curing temperature is much less detrimental for 
fly ash mixtures.
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The strength of concrete is according to the standards tested under laboratory conditions, at a 
constant temperature of 20 ̊C. I n real constructions, the temperature inside the concrete in
massive constructions, can reach 50-60 ˚C or even in some cases 70-80 ˚C. There are only a
limited number of studies of how concrete with fly ash is affected by the temperature regarding
to strength and durability of concrete structures.

The objective of this paper is to investigate the temperature interval were the Maturity function 
is reliable for different concret types and to investigate how curing at different temperatures 
affect the resistance against diffusion.

The survey was conducted with fixed temperatures over a longer period, to determine how long 
the Maturity function is valid with modern types of concrete.

2 EXPERIMENTATION

The tests carried out comprise curing of concrete in a temperature range from 20 °C to 70 °C. 
Three commercially available concrete types were used with varying content of fly ash. The 
cement was the Danish Rapid cement, which is a CEM I 52,5 N (LA) with a C3A less than 8%.
The commercial name includes “Rapid” for historical reasons, but according to  EN 197-1 this 
cement is normal hardening.

The specified day is the maturity day. The function is based on The Arrhenius function. This has 
the consequence, that if the maturity function was correct a given mix would obtain the same 
strength at the same maturity days. Any deviation from this is therefore a symptom on the 
maturity function being wrong. In addition – if the maturity concept is correct – the long term 
strength must be independent of the temperature history.

Concrete mix used in this study are listed in Table 1. All concrete were delivered by UNICON
and are commercial mixes.

Table 1 Concrete mix design for the used concrete mixes
Material Type A

kg/m3
B

kg/m3
C

kg/m3

Cement Rapid CEM I 52,5 N (LA) 393.6 339.0 205.0
Fly ash Emineral B4 - 61.0 57.4
Water Koldt procesvand Horsens 161.7 151.6 165.6
Air entrainment Amex SB 22 1.1 0.8 0.3
Plasticizers Lubricon N20 1.6 2.4 1.6
Super plasticizers Glenium Sky 531 1.4 1.6 -
Equivalent water content 165 155 167

Concrete types

A: 0% FA 

C: 28% FA 

Test

Strength

Bulk electrical 
conductivity

Temperatures

20 °C 
35 °C 

50 °C 

70 °C 

Maturity days 

1, 2, 3, 4, 5, 7, 
10, 14, 21, 28, 

42, 56, 110, 180 
and 360 day.

B 18% FA 

Figure 1 Test programme
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Sand E0002 NCC Vestbirk 686.5 687.2 812.7

Stones (4-8 mm)
E0408 Halsvik - Dalsøyra 209.0 - -
E0508 Ansit - Rekefjord - 212.9 -
P0408 NCC Vestbirk - - 248.6

Stones (8-16 mm) E0816 Halsvik - Dalsøyra 836.2 - -
E0816 Ansit - Rekefjord - 851.8 -
P0816 NCC Vestbirk - - 743.0

Fly ash 0 % 18 % 28 %
Desired air content, vol. % 6.0 6.0 4.5
Equivalent w/c-ratio 0.419 0.419 0.715
Start time for mixing concrete 12:11 11:28 11:08
Setting completed 15:30 16:00 18:00

After casting the concrete cylinders (still in the steel moulds) were placed in the water vessel  
immediately after setting was completed, see Table 1. Next day, the test cylinders were taken 
out of its mould, labelled and taken back into the water vessel.

3 METHODS

3.1 Compressing strength

Measurement of compressing strength in accordance with the test method DS/EN 12930 
“Testing hardened concrete –Part 3: Compressing strength of test specimens” ”. The used test 
equipment is named ADVANTEST 9th.

For each concrete composition and at each curing temperature the compressing strength of the 
test specimens was measured at the maturity days: 1, 2, 3, 4, 5, 7, 10, 14, 21, 28, 42, 56, 110, 
180 and 360 days. 

The stated maturity days are days - assessed by the commonly agreed Freiesleben maturity 
function. This means that the results can be interpreted as deviations from the generally accepted 
maturity function.

After the compressing strength was measured, curve fitting was made on strength development 
curves from the experimental data. The exponential equation proposed by Freiesleben Hansen 
and Pedersen 1977 [5] was used:

expf fc M

ατ   = ⋅ − ∞    
(3)

Where:

• fc,∞ the total strength development for M tending to infinity [MPa]
• fc the strength at the maturity M, [MPa]
• M concrete maturity in hours [h]
• Τ time constant [h]
• Α curvature parameter [-]
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3.2 Bulk electrical conductivity

Measurement of conductivity (resistance) in accordance with the test method ASTM C1760-12
“Standard Test Method for Bulk Electrical Conductivity of Hardened Concrete”. The used test 
equipment is named Merlin, from Germann Instruments.

The bulk electrical conductivity was measured at the same maturity days as the compressing 
strength was measured.

Curve fitting was made on resistance development curves from the experimental data 

It was assumed that the curves with good approximation could be described by the exponential 
equation shown:

exp
M

ατ
∞

  Ω = Ω ⋅ −  
   

(4)

Where

• Ω ∞ the total resistance development for M tending to infinity [Ωm]
• Ω the resistance at the maturity M, [Ωm]
• M concrete maturity in hours [h]
• τ time constant [h]
• α curvature parameter [-]

The Merlin was used to measure the bulk electrical conductivity, of saturated 100 by 200 mm 
concrete cylinders.

The electrical resistance R of a conductor of length L and uniform cross-sectional area A is 
given by the equation:

LR
A

ρ= (5)

Where:

• R electrical conductivity [mS/m]
• ρ electrical resistivity [ohm]
• L length of the cylinder [m]
• A cross-sectional area [m2]

In assessing the ability of a concrete mixture to resist penetration of a particular type of ion, one 
of the key properties is the diffusivity, which defines how readily the given type of ion will 
migrate through saturated concrete in the presence of a concentration gradient. For a saturated 
porous material, such as hardened concrete, the diffusion coefficient of a give type of ion can be 
related to electrical conductivity through the Nernst-Einstein equation as follows [6] and [7]:

p w

D
D

σ
σ

= (6)
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Where:

• σ bulk electrical conductivity of the saturated porous material [mS/m]
• σp conductivity of the pore fluid
• D bulk diffusion coefficient of the specific type of ion through the porous material
• Dw diffusion coefficient of the specific ion through water [8]

If the conductivity of the pore fluid is assumed to be similar among different concretes (which is 
hardly always the case), the measured bulk electrical conductivity is related directly to the bulk 
diffusion coefficient [9]. Measurement of the bulk diffusion coefficient of a particular type of 
ion through concrete is a time consuming process, while electrical conductivity can be measured 
in a matter of seconds.

The electrical conductivity of saturated cement paste is related to the paste porosity (volume of 
pores and how they are connected). The paste porosity is in turn related to the degree of 
hydration, the types of cementitious materials, and the water-cementitious materials (w/c –
ratio).

The conductivity of the pore fluid affects the measured specific electrical conductivity of the 
concrete. Therefore, one cannot compare the measurements on concrete if there is a big 
difference in pore fluids conductivity. Concrete with fly ash can have a reduced conductivity of 
the pore fluid, which will reduce the conductivity measurement, although the actual diffusivity 
is not reduced. The conclusion must be that, since there are different levels of fly ash in the 3 
types of concrete, the development may be compared, while the absolute level cannot be 
compared without additional studies of the actual diffusivity at a couple of selected dates. 
Unfortunately, this has not been possible within the project's limited budget.

4 RESULTS AND DISCUSSION

4.1 Results

The influence of temperature on strength development 
In Figure 2, the measured compression strength is compared with the curing temperature, by 1, 
7, 28, 180 and 360 days.
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Figure 2 Measured strength 

Based on the measured data strength developing curves are carried out from formula(3). The 
fitted curves can be seen in Figure 3.
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Figure 3 Strength development
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Figure 4 Achieved strength compared with the strength at 20 ˚C

For all three types of concrete, it applies that the 28 days of strength obtained at 20 °C was not 
obtained for concrete cured at 70 °C, and for concrete type A and B the strength were not 
obtained even if the concrete is stored at 50 °C.

For concrete cured at 50 °C the long term strength was app. 80% compared with the strength at 
20 ˚C, and for concrete cured at 70 °C the long term strength was app. 60% compared with the 
strength at 20 ˚C (Figure 4).

From Figure 4 it can be seen that for concrete with fly ash the strength after 1 day was
significant lower at curing temperatures of 50 and 70 degrees, and it was seen that the difference 
is significant higher at higher content of fly ash. For the concrete with 28% fly ash the 28- days 
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strength was not affected by high curing temperatures, but still the long term strength was
affected. 

Generally, the strengths at 50 and 70 ° C were significantly lower than the strengths of 20 and 
35 °C. Strength curves for 20 and 35 °C were almost identical, if uncertainties in the 
measurements were included.

The measurements show therefore, that the maturity function of the tested concretes, only with 
considerable uncertainty can be considered to be only fairly valid up to 35 °C.

The influence of temperature on bulk electrical conductivity
In Figure 5, the measured bulk electrical conductivity is compared with the curing temperature, 
by 1, 7, 28, 180 and 360 days. The measured values are corrected since the resistance decreases 
with increasing temperature.

Figure 5 Measured resistance (adjusted)
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Based on the measured data resistivity developing curves are carried out from formula (4). The 
fitted curves can be seen in Figure 6.

Figure 6 Development in resistivity
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For concrete type C containing 28% FA, it was seen that the rising temperature, gave higher 
resistance, i.e. curing of concrete with high content of fly ash at high temperatures encouraged 
the development of the resistance (and therefore also the chloride resistance).

4.2 Discussion

Based on this very small series of tests it can be concluded, that the traditional Danish maturity
function used with the standard parameters does not give reasonable results for strength 
development at temperatures higher than 35 oC. For the electrical resistance (correlated to 
chloride penetration parameters) the maturity function used with the standard parameters does 
not give reliable estimations after 10 days for any temperature. Even if the maturity function 
was developed on concrete without additions, it seems that concrete with 

Concrete with high fly ash content, seems to withstand curing at high temperatures, without any 
affect on the 28 days the strength. However, the long term the strength is reduced just as much 
as for the concrete with less or no fly ash. 

fly ash performs 
somewhat closer to the maturity function. 

Since the three types of concrete develop differently at the high temperatures, the Arrhenius
temperature function cannot be used. There must be other parameters than the temperature of 
importance - probably primarily concrete binder composition.

Furthermore, it is seen that if concrete is heat cured at more than 35 ˚C, it generally achieve 
lower strength than concrete cured at 20 ˚C. This is not only caused by the very long exposures 
at high temperatures. Other research shows clearly that there is a decrease in the final strength 
when concrete is exposed to high temperatures at an early age - even if the temperature in the 
rest of the lifetime is normal. This is due to a relatively more uniform microstructure of the 
hydrated cement paste [1].

This means in principle that in the future either all concretes maturity development has to be 
investigated, or new investigations should be done to find the parameters for how temperature 
influences the final property development.

The electrical resistance can for some mixes with fly ash become substantial higher at elevated 
curing temperatures. This could indicate that the durability might be improved by heat curing.
On the other hand the high resistance may also be due to leaching of alkali ions at elevated 
temperatures, especially for long term results. It requires further investigation to determine the 
actual cause.

5 CONCLUSION

Three concrete mixes with 0, 18 and 28% of fly ash were tested for strength and electrical 
resistance after curing at 20, 35, 50 and 70 ˚C. The long term strength and the electrical 
resistance were highly dependent on the temperature history, and the maturity function used 
with the standard parameters could only foresee the strength at temperatures up to 35 degrees.

Concrete with fly ash followed the maturity function better than concrete without fly ash.
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In this research the temperature were held constant in the whole period. The is not the case in 
real-life in-situ castings, but can be the case in special industrial production of concrete products 
as sleepers etc. Further research must be carried out to see if a more normal temperature history 
affects the concrete properties in the same way – for example if a temperature history where the 
temperature rises from 20 ˚C to 70 ˚C and back to 20 ˚C again during a few days also affects the 
long term strength.

It can nevertheless be concluded that, the exact maturity function for a specific concrete mix 
design must be determined by experiments on the actual mix design.. Great care must be taken if 
the maturity function with standard parameters is used, especially at temperatures above 35 ˚C
and for concrete older than a few days..
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Abstract

A novel, simple and cost efficient mixer setup was investigated 
here. The results showed that at the moderate shear rate of 1,850 
rpm, the new mixer setup produced matrixes which possessed 
good homogeneity and flowability, little air entrainment and stable 
temperature, showing little influence on the heat of hydration of  
the matrix. This is designed for usage on mixing matrix at lab 
scale, with the aim to obtain better rheological correlations 
between the matrix phase and concrete at an affordable price.

Key words: Mixer, matrix-concrete correlation, rheology, 
calorimetry 

1. INTRODUCTION

Small scale testing, utilizing cement pastes representing full scale concretes were often the 
choice for investigation in research to increase efficiency and also reduce materials, labour and 
cost. However, in practical applications, the paste is rarely used alone, but instead in
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combination with coarser materials such as aggregates to form concrete. Therefore, accurate 
correlation of the research findings on cementitious pastes to concretes is of great interest.

In general, workability of concrete is often of great interest to the user. Among which, the shear 
rate during mixing is one of the most important parameters affecting the rheological properties 
of the pastes or concrete [1–3]. It has been shown that through the Particle Matrix (PM) model, 
prediction of the workability of specific concrete types such as ordinary concretes, self-
compacting concrete (SCC) or low weight aggregate concrete (LWAC) could be derived [4, 5]. 
PM model was developed and verified by Ernst Mørtsell as part of his dr. ing. Thesis [6]. There, 
it was demonstrated that the workability of concrete is a result of the inherent properties of the 
constituents, the mix proportions and the physical and chemical interference between them. In 
simple terms, the concrete can be considered as a two phase material consisting of a matrix 
phase and a particle phase，or as defined by their properties, the fluid material and frictional 
material. By definition, the matrix phase consist of water, added chemical additives and all fines, 
including cements, pozzolans and aggregate fines with particle size below 125μm. The particle 
phase, on the other hand consists of all other particles with particle sizes greater than 125μm.

Despite the applicability of this model, there exist still some limitations for example in some 
cases, the performance of admixtures such as superplasticizers in a cement paste or concrete
cannot be drawn directly from the PM model as a result of the additional shearing impact arising
due to presence of aggregates in a concrete [7]. In general, concrete is normally mixed with a
moderate shear rate in the order of 102 rpm. Additional shearing from aggregates result in higher 
shear exerted on the matrix in concrete and can better disperse admixtures such as 
superplasticizers. The increased dispersion of such admixtures can in turn improve or worsen 
their performances on influencing the rheology of concrete as compared to matrix when both 
systems are processed under the influence of the same external shear forces. As a result, the 
deviation arising from the shear effect of aggregates, or so called the frictional phase in the PM 
model thus influence greatly the correlation between the rheological properties obtained when
testing at the matrix level versus in the concrete.

Different attempts were made to improve this rheological correlation between matrix and 
concrete through parametric studies of the impact of different existing mixing methods [8,9] or 
even via the investigation of the flow properties of sieved cement pastes from normally 
proportioned concretes [10]. In a rheological study employing the rheometer by Williams et al,
it was found that moderately high shearing (~ 1500 rpm) produced pastes with the most ideal 
rheological properties similar to the matrix phase sieved from a 'drum mixed concrete' [11]. On 
the other hand, low shear mixing (< 500 rpm) resulted in more viscous pastes which are more 
sensitive to pre-shearing. From literature, it can thus be clearly seen that a moderate shearing of 
the matrix phase can produce results which can be extrapolated to the rheological values 
expected in a concrete.

In a separate case, according to the standard ASTM C1738-1 [12], high shear mixing was 
adapted in laboratory research on rheology of hydraulic cement systems as it had been shown 
that increased shearing allows the paste to have similar rheological properties to that in concrete,
similar to the study by Williams et al. In this standard, the tested shear speed was initially 4,000 
rpm, followed by a second pre-set speed of 12,000 rpm. Due to the high shear rate, rapid rise in 
temperature was observed which was identified there as one of the key parameters in affecting 
the matrix through enhancing the hydration process. This increase in temperature is generally 
absence in normal concrete mix. Therefore, in this setup, isothermal conditions were maintained
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throughout mixing, which increased the cost price of the setup. Entrained air, on the other hand, 
was identified as a minor factor according to the standard ASTM C1738-1.

The current research available demonstrated that a shear mixer with a moderate speed of ~103

rpm is required for good correlation of workability between matrix and concrete. Currently, an 
isothermal setup is already in place as presented in the ASTM C178-1 standard. However, this 
setup is costly which is not so practical for simple laboratory usage. Therefore, the aim of this 
article was to present and test a new mixer setup which is suitable to be used for good 
correlations between the matrix and concrete (moderate shear rate of ~102 rpm) at an affordable 
price. In this way, a routine lab mixing device can thus be developed and be employed in 
general laboratories with ease.

2. MATERIALS AND METHODS

2.1 Mixer setups

A total of three different setups are presented in this paper. The novel mixing setup was 
compared with two conventionally used laboratory setups. The main difference between the 
three setups was their mixing speeds.

For low speed mixing (up to ~150 rpm), the Hobart mixer was employed. The new mixing setup 
has a moderate mixing speed of ~2,000 rpm. For high shear mixing, the Waring blender was 
selected and it was employed at a shear rate of 12,000 rpm. Details of the mixing conditions are 
displayed in Table 1. The prices of the different mixers were also included for comparison. For 
the Waring setup maintained under isothermal condition as mentioned in ASTM C1738-1, the 
usual price range between 100k to 200k NOK. Due to the high price, this condition was not 
tested in this study. For Hobart mixing, 2 different blades were utilized to highlight the effect of 
blade types (Figure 1). 

Table 1 – Different mixer setups used in investigation
No. Mixer Blade Speedlow Speedhigh Cost

[rpm] [NOK]
1 Waring blender Vortex blade 4,000 12,000 ~10,000

2 Hobart Flat 75 150 ~13,0003 Round
4 Drill mixer Steel 1,000 1,850 ~3,0005 Plastic

*All speeds given are approximation, depending on the viscosity of the matrix
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Flat Round
Figure 1 – Two different types of blades employed in the Hobart mixing: (left) flat blade, 
standard used in EN-196; (right) round blade used occasionally to produce better mix

The new mixing setup was built in-house to introduce an intermediate mixing speed of ~2,000
rpm in the matrix system which has been identified as ideal for correlating matrix phase to the 
actual concrete [11]. The proposed design includes a handheld drill and an attached blade which 
was specially designed for mixing cements, in an effort to reduce air entrainment. The drill 
possessed a maximum rotation speed of 1,850 rpm. A container with dimensions presented in
Figure 2 and a cap to ensure no spilling during the high shear mixing were also included. The 
setup was designed to possess an optimal setup with an intermediate external shear force in the 
order of low 103 rpm as discussed from literature and the statistical error from volume can be 
minimized while maintaining a homogeneous mixing of the paste. The new mixer setup was 
simple, user friendly, and is made up of commercially and affordable parts. Two different blades 
were also selected. The two blades are of similar sizes, whereby the steel blade possesses a 
diamter of 90 mm, whereas the plastic one was 85 mm. The main difference between these two 
blades lies in 3 main points: (1) air entraining effect, (2) scalability and (3) durability. In general, 
the steel blade allows less air entrainment and is more durable to wearing, whereas the plastic 
blade was described to be more apt for small scale mixing (up to 2~3l). The steel blade is 
described to be ideal for mixes of > 5l.

Steel

Plastic
Figure 2 (left to right) – Mixer setup; the two different blades employed in investigation and 
dimensions of mixing container (with lid, approximate volume = 2.8 l)

For simplicity, the blades employed in the different mixers are denoted as follow: Hobart mixer,
round – (r) and flat – (f); Drill mixer, plastic – (p), steel – (s).
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2.2 Mixing methods

The mixing procedure was similar for all three mixing setups to eliminate any variation due to 
mixing procedure, ensuring that the mixing setup (speed) is the sole reason for differences 
observed in the results. This mixing sequence was selected based on routine mixing procedure 
employed in the Velde AS laboratory. The choice of mixing method was to ensure familiarity in 
mixing to prevent and eliminate any additional errors which could arise. The method for mixing 
of the matrix is displayed in Table 2.

The sample was allowed to stand in the 3l flask between step 8 and 9 where properties of the 
matrix were measured. The mixture was given a light shake just before pouring into the flow cyl 
at step 9. 

Table 2 – Preparation of mix for FlowCyl measurements

Step
Time Procedure

Total Each
[min] [min]

Pre-mix (dry)

1* -3.0 2.0 All fillers and cements were premixed in a Hobart at speed 1(low). 
The standard flat blade was chosen.

2 -1.0 1.0 Water and admixtures were pre-mixed together in 
Wet mixing

3 0.5 0.5 Sample from step 1 added to step 2.
4 2.5 2.0 All materials were mixed at high speed
5 4.5 2.0 Left at rest
6 6.5 2.0 All materials were mixed at low speed
7 7.0 0.5 All materials were transferred into a 3L flask
8' 10.0 FlowCyl, rheometric and calorimetric measurements (1)
9' 30.0 FlowCyl, rheometric and calorimetric measurements (2)

*Step 1 is optional.
' FlowCyl measurements were performed exactly at the 10 minutes mark. For rheological and 
calorimetric measurements, these were started within 3 to 5 minutes after starting FlowCyl 
measurements.  

2.3 Laboratory test methods

The parameters analysed can be divided into two categories. The first group of analysis consists
of visual examinations. These observations were performed immediately after mixing of matrix 
by the different blenders. The parameters qualitatively determined are: air entrainment, 
temperature rise and degree of agglomeration of matrix. The purpose of identifying these 
qualitative properties is to give a quick and easy analysis of the matrix. 

The second group comprises of quantitative measurements of flow resistance, viscosity and 
yield stress and hydration profiling. For this purpose, three different test methods were engaged
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here. They include rheological measurements on a parallel plate rheometer and a flow cyl 
apparatus, followed by hydration profiling through isothermal calorimetric studies. 

For rheological measurements in step 8 and 9 (10 and 30 minutes after wet mixing respectively), 
a flow cyl (base radius = 0.008 m; top radius = 0.08 m, height = 0.26 m) and a Physica MCR 
300 (parallel plate rheometer with a gap size of 1 mm) were utilized. The degree of hydration of 
the matrix was observed via isothermal TAM Air calorimetry up to 12h of hydration. Detailed 
write-up of each investigation method is given as below:

FlowCyl measurements
The flow resistance ratio (λQ) is determined in the FlowCyl test [4], which is a modification of 
the Marsh Cone test. In general, λQ is defined as the difference in flow rate between the test
material and an ideal fluid flowing through a vertical, cylindrical steel tube with an outlet
formed as a cone ending in a narrow nozzle. An “ideal” fluid which is very liquid has a λQ-value 
of 0.0, while the theoretical upper limit of the λQ is 1.0 for a very viscous fluid. As an example, 
λQ of water is determined to be in the range of 0.10 to 0.15. 

λQ of the matrix materials was determined in a simple FlowCyl setup as shown in Figure 3 (left). 
This setup is attached to a computer running the BalanceLink program (Mettler Toledo).
Dimension wise, the FlowCyl apparatus consist of a cylinder tube with inner diameter of 80 mm 
and outlet 8 mm. The total length of the tube is 400 mm of which the cylindrical portion is 300 
mm. It also possessed an outlet formed as a cone ending in a narrow nozzle and is represented in 
Figure 3 (right).

Figure 3 (left) Actual and (right) schematic drawing of FlowCyl cylinder tube

During the measurements, the cylinder is placed vertically in a rack and a steel bowl placed on 
an electronic scale connected to a computer is positioned directly under it. The weight of the 
matrix flowing into the bowl is recorded continuously at a sampling rate of 2s till the cylinder is 
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empty. The final results are processed based on time taken for the matrix to flow down the 
column, giving the λQ of the matrix.

Rheological measurements
A Physica MCR 300 rheometer (Anton Paar, Graz/Austria) equipped with a parallel plate 
geometry was utilised (Figure 4 (left)). The plates were aerated to increase the contact surface of 
paste with plates. After the paste was mixed for 10min, ~1.5g of the total (~4kg) was transferred 
to between the parallel plates before setting the gap space during the measurement at 1 mm. All 
measurements were conducted at 20°C and the paste was first homogenised for 30s at a shear 
rate of 100s-1. Thereafter, it was subjected to increase shear rate from 2 to 150s-1 over a period 
of 3min, followed by a step down of shearing from 150 to 2s-1 for a further 3min. The variations 
in shearing give rise to the corresponding shear stress of the paste, as represented by the up and 
down flow curves shown in Figure 4. The same test was repeated for paste at the 30min interval. 

   

Figure 4 – (left) Physica MCR 300 rheometer with parallel plate attached (standby mode); (right) 
Flow curve of a matrix prepared according to recipe shown in Table 3. Sample was mixed with 
the Drill (steel) setup. Area under down curve represents the flow resistance. 

The down flow curve obtained during measurements is fitted with a linear regression at the high 
shear rates (> 30s-1).The Bingham viscosity (μ2) can be obtained from the gradient of the fit, 
while the dynamic yield point (τd) of the cement slurry is determined from the y intercept of the 
linear regression line [13]. The flow resistance (FR2) which is a measurement of the work done 
to shear the paste within the given range of shear rate is calculated from the area under the down 
curve. 

Calorimetric measurements
All heat evolution measurements were performed for 12h. Samples were placed into the 
calorimeter after 10 and 30min of wet mixing to ascertain the independence on evolved heat to 
the point of measurement. ~8g of sample was used in each measurement. A scan rate of 2s per 
point of measurement was used.

2.4 Materials 
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For this investigation, three materials were used: cement, fillers sieved to obtain materials with a 
maximum particle size of 0.125mm, and superplasticizers. The cement was “Miljøsement”
supplied from Cemex AS (Type I cement, Norway). It possessed a Blaine value of 470 m2/kg 
and density of 3.08g/cm3. The fillers were obtained from Velde AS (Sandnes, Norway) and 
possessed a D50 value of 24.9μm as determined by the sedigraph method. These fillers are 
prepared by crushing granite stones. The superplasticizer employed was a commercial product 
with trade name Dynamon SX–N. It was supplied from Mapei AS, Norway and is an acrylic 
based polymer commonly used in ready-mix concretes in Norway. All three materials were used 
as per obtained. 

The materials were prepared according to the recipe as given in Table 3 for all mixing tests. This 
was based on a simplified recipe for M60 (S class) concretes, where only the matrix was tested.

Table 3 – Formulation recipe employed in current investigation
Materials Amount

[g]
Miljø cement 1800
Water 1062
Velde fines (< 0.125 μm) 1020
SP (Rescon SXN FG = 18 %) 0.50
w/c 0.59
filler/cement 0.51

3 RESULTS AND DISCUSSION

3.1. First observations immediately after mixing

The first observations based on quick qualitative analysis of the matrix immediately after mixing 
include (1) change in temperature, (2) visual analysis of air contents and (3) visual analysis of 
the dispersion of the pastes. The results are summarized in Table 4. As can be seen, mixer setup 
1 to 3 showed immediate flaws in the paste obtained. When the Waring blender was utilized, 
due to the high rotating speed, rapid temperature rise was observed. As mentioned in ASTM 
C1728-1, the temperature of the matrix should be kept similar to before mixing. Therefore, such 
a rapid increase in the temperature of matrix mixed in the non-insulated Waring blender 
rendered it less ideal as a mixer when used alone for the purpose of producing matrix with 
rheological properties which can correlate to that of concretes. Maintaining an isothermal 
condition with the Waring blender will however increase its price by ~10 times. The high air 
entrainment can be attributed to the vortex rotating effect of the blades.

In the case of Hobart, depending on the type of mixing blade employed, low amounts of 
dispersion (flat) and entrainment of air bubbles (round) were observed. This could effectively be 
attributed to the low speed of mixing, thus causing inhomogeneity during mixing with the flat 
blade. On the other hand, when the round blade was employed, the rapid twirling of the metal 
pieces generated and captured air bubbles within the paste. With the drill mixer which possessed 
an intermediate mixing speed, no significant rise in temperature or any air bubbles were detected. 
The pastes prepared with this new mixer also appeared well dispersed. 
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Table 4 – Observation of the samples mixed in different mixer setups
No. Mixer Blade Observation

Temperature rise Air Disperse
1 Waring - yes yes* yes
2^ Hobart Flat no no no
3 Hobart Round no yes yes
4 Drill Steel no no yes
5 Drill Plastic no no yes

*Air entrained in pastes prepared with Waring blender much more than that from Hobart (round)
^Lumps observed in paste even after mixing, and samples lost due to splashing during mixing 

3.2. Flow properties of the pastes

Rheological properties of the pastes were determined via FlowCyl and rheometric measurements
at 10 and 30min after the start of wet mixing. Figure 5 displays the flow resistance of the pastes 
prepared using different mixing setups as measured by FlowCyl test. It can be clearly observed 
that the flow resistance varied for different mixers and the lowest flow resistance (independent 
of the time) was observed when the drill mixer was utilized. The high flow resistance from 
pastes produced from the Hobart mixer can be attributed to the lower dispersing ability of this 
setup, where presence of agglomerates and lumps greatly decreased the overall flow of the paste. 
In general, mixing at low speed was more detrimental to the flowability of the pastes than high 
speed.

Figure 5 – Flow resistance (λQ) of pastes prepared by different mixing methods measured by 
Flow cyl at time intervals of 10 and 30 min respectively

The shear viscosities and dynamic yield stresses of the pastes prepared by different mixing 
methods can be observed in Table 5. The pastes prepared with Hobart mixer (regardless of blade 
type) produced the highest plastic viscosity. The λQ as measured in the FlowCyl test is 
dominated by the plastic viscosity. The Waring blender increases the dynamic yield stress 
significantly, which has a secondary effect on the flow resistance in the FlowCyl test. The 
increase in yield stress may be correlated to cement particle crushing, early hydration or other 
effects. It can be concluded that shear viscosity had a higher impact on the flow resistance of the 
paste (from the flow cyl) as compared to the dynamic yield stress.
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Table 5 – Shear viscosity (μ) and dynamic yield stress (τ) of the pastes at 10 and 30 min
μ10 μ30 τ10 τ30

[Pas] [Pas] [Pa] [Pa]
Hobart (f) 0.30 0.29 10.3 10.1
Hobart (r) 0.26 0.25 6.2 5.8
Drill (s) 0.16 0.17 10.2 9.8
Drill (p) 0.19 0.19 9.5 9.1
Waring 0.14 0.14 38.4 36.7

Comparing the yield stress of matrix produced by different mixers, Waring blender showed the 
highest values which was at least ~4 times higher than the next sample (Hobart (f) with a τ10 =
10.1Pa), indicating that the slump flow of this paste is much lower compared to the other mixing 
methods. This high deviation signifies that matrix produced with this mixing procedure is not as 
ideal, especially in the case of SCC formulations. 

Figure 6 displays the rheometric flow resistance of the pastes measured by rheometer at 10 and 
30min respectively. It can be distinctively observed that in the same way, samples prepared 
using the drill (steel) setup possessed the lowest flow resistance, and this flowability was 
maintained up to 30min. Samples prepared using the Hobart mixer had a moderate flow 
resistance due to the pre-dispersing effect from the initial shearing of the paste in the rheometer. 
The sample prepared with Waring blender displayed the highest flow resistance, clearly related 
to the significantly higher yield stress.

Figure 6 – Flow resistance of pastes prepared by different mixing methods measured by Physica 
MCR 300 rheometer at time intervals of 10 and 30 min respectively

The main difference between FlowCyl and rheological measurements was the condition under 
which measurements were conducted. In the case of FlowCyl, the flow of paste was measured 
after paste was allowed to stand and was measured under the effect of acceleration due to 
gravity. In the rheometer, a constant force was exerted on the paste over a range of shear rate 
(2–150 s-1). With such a high shear in the latter method, the agglomerates that were initially 
present in the pastes prepared with Hobart will be dispersed, resulting in a seemingly lower flow 
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resistance. On the other hand, in the case of Waring blender, the high flow resistance can be 
potentially attributed to the increased in hydrate phases formed as a result of the increase in 
temperature. In general, λQ from FlowCyl test can be correlated to the Bingham viscosity of the 
matrix, whereas FR2 from rheological measurements with the parallel plates is defined by the 
dynamic yield stress (slump flow). 

3.3 Hydration behaviour of the pastes

Isothermal calorimetric analysis was performed on all the samples. The samples were introduced 
into the calorimeter at 10min after water addition, corresponding to the first measurement by
FlowCyl and rheometer. For analysis, both the initial heat rates of pastes up to 30 minutes of 
hydration and the accumulated heat evolved up to 12h were recorded.

The initial heat rate of pastes up to 30 minutes after water was first added is shown in Figure 7.
In general, mixing greatly affected the gain in heat of cement pastes right from the onset of 
hydration. The initial heat rates of the samples can be correlated to the rise in temperature as 
observed in section 3.1. The paste prepared with the Waring blender showed the highest 
deviation in heat rate, indicating the highest degree of crushed cement particles among all the 
pastes prepared. The heat rates of the other four pastes, on the other hand were less than half of 
that of the former, whereby paste prepared with the drill (s) registered the highest heat rate, 
followed by drill (p), Hobart (f) and Hobart (r) respectively. Relative to paste prepared with 
Waring, these four pastes displayed similar heat rates (Figure 7), indicating that the increase in 
shear speed from the drill mix did not influence hydration of matrix significantly. The 
distinctive difference in heat rate of pastes prepared from Waring from the other four indicated 
an increase in hydration of the sample, thus accounting for its higher flow resistance. 

Figure 7 – Rate of heat evolution of pastes introduced into the calorimeter after 10min of mixing 
prepared with the Waring blender, Drill (steel), Drill (plastic), Hobart (flat), Hobart (round)
mixers respectively

The accumulated heat of pastes hydrated up to 12h further confirmed this. As observed in Figure 
8, the main variation lies in the fact that at 1h after water addition, pastes prepared with the 
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Waring blender displayed a much higher accumulated heat (6.5J/g by 12h) than the others 
(~4.3J/g by 12h). When the Waring blender was utilized, the early acceleration of the heat rates 
(Figure 6) shortened the induction period, leading to a hastening in the hydration of silicate 
phase, thus increased flow resistance of the pastes. It is of interest to note that acceleration of the 
silicate hydration only occurred when mixing speed was in the order of 104 rpm (Waring). On 
the other hand, only a small variation in hydration rates was detected when shear was varied 
from 102 rpm (Hobart) to low 103 rpm (drill). In such a situation, the higher flow resistance of 
pastes prepared with Hobart can thus be attributed to the air entraining and agglomeration of the 
matrix during mixing. 

Another observation from Figure 8 is the similarity in the rate of heat evolved after 30min. For 
all pastes, the rate of heat evolved was similar, thus indicating no variation in their hydration 
mechanism despite the variation in temperature and degree of hydration.

Figure 8 – Heat evolution of pastes introduced into the calorimeter at 10min interval after 
wetting prepared by different mixing methods 

To better comprehend the flow resistance of the pastes, the heat rates of pastes prepared with the 
Hobart (round) and Waring placed into calorimeter after 10 and 30min were compared (Figure 
9). For both pastes, a drop in the heat rate was observed when samples were placed later in the 
calorimeter at 30min. This can be attributed to the dissipation of heat from the pastes to the 
surrounding, thus accounting for the slight decrease in flow resistance as measured in the 
rheometer. It can further be observed that heat dissipation is greater for pastes prepared with 
Waring than Hobart, due to the higher temperature gradient between surrounding and paste of 
the former. 
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Figure 9 – Comparison of heat registered by calorimeter from paste prepared at 10 and 30min
(W and H represents sample prepared by Waring and Hobart respectively, whereas 10 and 30 
refer to the time interval after mixing before introducing sample into calorimeter)

4 CONCLUSION

When analysing the workability of matrix, it is important to maintain a good correlation between 
the actual shear in the concrete mix and that employed during investigation of the matrix system.
Many parameters govern the influence of mixing on the workability of matrix, but two main 
factors are non-excessive temperature rise and air entrainment. The current state of art 
demonstrated that a moderate speed of ~102 rpm in the mixing of matrix is required for the good 
correlation to exist. Current mixing methods do exist, however, at a much higher cost which is 
generally unaffordable for routine work in small scale laboratories.

Here, we successfully present a new mixing setup which possess the desired mixing speed range 
of ~1850rpm, while at the same time is very affordable at a low price of ~3000NOK. The mixer
is a simple drill setup fixed with a steel blade in an enclosed tube, making it also very user 
friendly. Mixing with this setup produced matrix with low or no air bubbles at all (as observed 
by naked eyes), stable temperature throughout mixing and the little effect it has on the overall 
hydration of the matrix. Due to these factors, the pastes prepared with the drill (setup) mixer 
showed the lowest flow resistance and was ideally the best setup up for mixing matrixes for 
better correlation to actual concrete systems.

In general, the mixer is designed to be applicable to a wider range of matrix, with variations type 
and amounts in the different components (fillers, superplasticizers dosage and type, etc). 
Therefore, as a next step, large scale testing will be performed utilizing this mixer setup on 
different matrixes. Thereafter, a correlation with the actual concrete systems will be done by 
conducting concrete tests. 
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ABSTRACT

This paper presents an experimental test setup which allows investigation 
of the structural behaviour for axially loaded concrete walls with 
openings. The test matrix was developed with the help of design of 
experiments technique. A two-level factorial experiment has been 
designed resulting in a total of nine wall specimens. Previous research has 
shown that the ultimate capacity of concrete walls is dependent on the 
boundary conditions. Therefore, a new test-rig was proposed and designed 
to work according to the imposed conditions. Nonlinear simulations 
calibrated on a previous experimental program were used to obtain the 
reaction forces.

Key words: Concrete walls, openings, design of experiments, FEM, 
strengthening, test setup

1. INTRODUCTION

In Europe the majority of concrete structures were built before 1970 [1]. These structures are 
continuously degrading and the need of repair increases exponentially. This increase is closely 
connected to worldwide population growth, so that new structures are being built and existing 
structures still need to be used. Replacement is a typical solution for old structures or structures 
that do not fulfil anymore their intended purpose, however this process requires extended
financial effort and is not environmentally friendly.

The following are the main reasons for the need of repair, rehabilitation and strengthening of 
existing RC structures:

• New design standards are imposed so that the demands of the society regarding 
structural safety, exploitation and aesthetics can be accommodated

• Changes in use or imposed loading
• Structures are continuously ageing due to material degradation and external environment
• Construction errors are still encountered due to human error
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• Conscious human intervention to provide new functionality to a structure requires 
removing structural elements or creating new openings

• Special events such as accidental explosions and natural disasters

The current project deals with the common situation when new openings are required in existing 
reinforced concrete (RC) walls due to changing the functionality of the building. In recent years 
there has been increasing interest in creating large spaces by connecting adjacent rooms through 
a newly created opening in an existing solid wall. The creation of these openings in walls will 
change the stress distribution and adversely influence the behaviour of the wall, [2, 3], thus a 
strengthening of the structure is imposed to recover the initial structural capacity.

There are two traditional methods for strengthening RC walls with openings: (1) creating a 
frame around the opening using RC/steel frame systems, and (2) increasing the cross section 
thickness. These methods will increase the weight of the strengthened elements and may create 
major discomfort by drastically limiting the use of structure during repairs. A better alternative 
is the use of fiber reinforced polymers (FRP) as externally bonded reinforcement, method that 
has received worldwide acceptance during the last two decades [4, 5]. This technique implies 
that thin sheets or plates are bonded to the surface of the structure through an adhesive, so that a 
composite material is formed. Successful applications of FRP to strengthen openings in 
structural elements were achieved by several researchers [3, 6, 7].

The research performed on RC walls with openings [8-11] focused on elements designed as if 
the opening has been initially planned, whereas RC wall panels with cut-out openings is still 
unexplored. The case when axially loaded RC walls are strengthened by FRP components is still 
at an incipient level; to the best knowledge of the authors only one study, [3], was performed so 
far. Mohammed et al. [3] found that the presence of the opening in a solid one-way panel lead to 
disturbance zones. The discontinuities causing high stresses will force the cracks firstly occur at 
the corners due to insufficient internal reinforcement. It was concluded that applying FRP 
around the opening in different patterns, the capacity could be improved by reducing the 
principal stresses acting on the upper corners of the opening.

A research program is undergoing at Luleå University of Technology where a number of 
concrete walls with different parameters will be tested. This paper presents the process of 
defining an experimental program able to describe the structural behaviour of FRP-strengthened 
walls with cut-out openings. The experimental research found in the available literature was 
carried out on limited number of tests using customized test-setups because of lack of 
standardized procedures for testing walls and walls with openings. Therefore, the aim of this 
study is to investigate how an experimental program can be defined comprehensively using 
statistical tools and numerical modelling. The type of elements and test procedure, are identical 
with the ones studied by Lee [12].

The following two objectives were set: (1) determine the number of the specimens to be tested 
using design of experiments (DOE) technique and (2) propose a new test-rig for laboratory 
testing based on an accurate finite element modelling (FEM) and comparison with experimental 
results presented by Lee [12].
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2. DESIGN OF EXPERIMENTS

2.1 Theory

A methodology for designing experiments was first proposed by Fischer [13] and is referred in
the literature as design of experiments (DOE). The method uses statistical tools to analyse data 
and predict the system performance [14]. DeCoursey [15] showed that one-factor-at-a-time 
design would not give precise information about the interaction, and the results from that plan of 
experimentation might be misleading. Thus, a better alternative is to conduct tests by combining 
different levels of the factors, which is called a factorial design. By choosing a number of 
parameters and a fixed number of levels, experiments should be performed with all possible 
combinations. The entire process for a successful design of experiments is shown in Figure 1.

Figure 1 – Development of a design of experiment application

2.2 Proposed experimental program

The parameters that can have a high influence on the axial load capacity of RC walls with 
openings were identified by studying different models available in the literature. Several models 
for predicting the axial capacity of RC walls with openings were identified. Among these, the 
latest formula (Eq. 1) proposed by Doh and Fragomeni [8] was found to give satisfactory results 
[16]. In equation (1), Nu represents the axial capacity of an identical panel without openings, k1

and k2 are constants derived using a standard regression analysis and the factor χ incorporate the 
effect of the size and location of the opening in the wall.
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( )1 2uo uN k k Nχ= − (1)

Parameters like eccentricity, side supports, slenderness, aspect ratio and reinforcement ratio 
have also influence on the ultimate axial strength of a solid RC wall. These parameters have 
been studied in the past [17-20], thus being out of scope for this experimental program. 
According to the theory behind factorial design, past experience should contribute in choosing 
the right parameters to be varied at maximum of two levels. Based on the results from the first 
stage of experiments (see Figure 1), further tests can be designed logically and may well involve 
more than two levels for some parameters. Box et al. [21] introduced “the 25% rule” in which 
not more than one quarter of the budget should be spent in an initial design. Based on the first 
observations one can run countless experiments for different levels by using computer 
modelling.

The first set of analyses examines the impact of two parameters: (1) openings size and (2) 
strengthening pattern. For the first parameter small (S) and large (L) opening will be set as the 
min/max level and for the second one: (a) steel reinforcement bars embedded into concrete and 
placed around corners at 45° as it has been initially designed (st)  and (b) externally bonded 
(EB) and near surface mounted (NSM) FRP reinforcement (frp). Consequently, this will require 
22 different experiments for a complete factorial design. The two levels of these two parameters
are presented in Table 1. Besides these tests another three specimens (i.e. wall with and without 
cut-out openings) used as references will be tested until failure to assess the effectiveness of 
strengthening alternative. An important factor in experiments, namely replication, would be kept 
at low level since large elements like walls involve many resources. That means only two 
identical specimens from those strengthened with FRP will be cast and for the rest of them only 
one specimen. The tests designed based on the DOE technique are shown in Figure 2.

Table 1 – Level of parameters
Designation 1st parameter 

[opening 
size]

2nd parameter 
[strengthening 

pattern]

Description No. of 
tests

WSO-st S St Small opening strengthened with steel reinforcement 1
WSO-frp S Frp Small opening strengthened with FRP 2
WLO-st L St Large opening strengthened with steel reinforcement 1
WLO-frp L Frp Large opening strengthened with FRP 2
WSO S - Weakened by small opening 1
WLO L - Weakened by large opening 1
RCW - - Solid slab (without opening) 1

Nine half scale specimens L=1800 mm (length), H=1350 mm (height) and t=60 mm (thickness) 
resulted from this plan of experimentation having an aspect ratio (H/L), slenderness ratio (H/t) 
and thickness ratio (L/t) of 0.75, 22.5 and 30, respectively. The cut-outs will represent a door 
opening centrally placed with 450x1050 mm and 900x1050 mm dimensions for small and large 
opening, respectively. A concrete with a maximum aggregate size of 16 mm and a C25/30 
concrete strength class is used to cast the specimens. The walls are regarded as plain concrete 
walls in EN 1992-1-1 [22], however, a minimum amount of steel reinforcement are used for 
durability purposes and to avoid cracks due to creep and shrinkage. The steel ratio was set to 
0.3% centrally placed in one layer. An amount of reinforcement equivalent to that interrupted by 
an opening has to be added at 45° around corners for those elements intended to be strengthened 
with embedded steel reinforcement. For specimens FRP-strengthened, NSM bars at 45° will be 
mounted around corners and EBR sheets surrounding the cut-out opening.
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Figure 2 – Details of the specimens

Finally, as soon as the data from the experiments is collected, statistical techniques are used to 
analyse the data. With the use of computer programs, e.g. MiniTab. [23], the interaction 
between different parameters and the level for which a parameter plays a significant role could 
be determined. Moreover, the software is able to plot a model equation that can describe the 
response of the system.

3. BENCHMARK STUDY

3.1 Summary of the tests performed by Lee [12]

Lee [12] preformed an experimental study on the behaviour of RC walls with openings. The 
study consisted of forty seven half-scale panels tested in one-way and two-way action. The 
tested walls had different opening configurations and slenderness ratios and subjected to a 
uniformly distributed load acting with an eccentricity of one sixth of the wall thickness. The 
specimens were loaded in increments of 14.7 kN until failure. Ultimate load, deflections and 
crack pattern were recorded and will be used to compare them with results from the numerical 
analysis.

Two wall specimens were chosen to be modelled and calibrate the FE-model against them. The 
window-type openings were symmetrically placed in both one-way (O45W1C1.4) and two-way 
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(T45W1C1.4) action walls. The wall specimens were reinforced with a single layer of steel bars 
centrally placed, satisfying the minimum requirements in the AS3600 [24]. The vertical and 
horizontal reinforcement ratios, ρv and ρh, were 0.31% with the minimum tensile strength of 500 
MPa. To prevent early cracking around openings, three diagonal bars were placed in each 
corner. The average concrete compressive strengths, fcm, have been determined based on 
concrete cylinder tests. For O45W1C1.4 wall, the average compressive strength was 32 MPa 
while for T45W1C1.4 the average compressive strength was 45.5 MPa, determined at day of 
testing.

The general dimensions of the wall specimen and reinforcement layout are shown Figure 3a. 
The thickness of the tested element was 40 mm thus, the specimen having both slenderness and 
thickness ratio equal to 35. These dimensions are identical for both walls, the only difference 
being in the support conditions, i.e. fixed on two opposite sides (one-way) or on all sides (two 
way).

Figure 3 – Details of the test specimen: a) test setup adapted from Lee [12] and b) simplified 
numerical model

3.2 FE – model

A three-dimensional nonlinear FE-model has been created using ATENA-Science [25] software 
in order to capture the behaviour of axially loaded RC walls. An iterative solution procedure 
based on the Newton-Raphson method was adopted in the FEM simulation.



35

3.3 Material’s constitutive laws

Concrete
The material-model used is a fracture-plastic model that combines constitutive models for 
tensile (fracture) and compressive behaviour (plastic) [26]. Orthotropic smeared crack model 
based on Rankine tensile criterion is used for concrete cracking while for concrete crushing the 
yield surface proposed by Menetrey and Willam [27] was employed. The fracture and plastic 
models are combined together using the strain decomposition method first introduced by De
Borst [28] through a return mapping algorithm.  The response of the un-cracked material is 
assumed to be linear-elastic up to peak values of stress in tension, tf , with Ec the initial elastic 
modulus of concrete. At this state, the corresponding strain is 0 /t cf Eε = . After the tension 
strength was reached, the stress-strain law of concrete in tension follows a descending branch 
known as tension softening. The tension softening curve drop exponentially to zero if no tension 
stiffening effects would be considered, as it is considered in the present case-study.

The tension after cracking is represented by a fictitious crack model based on a crack-opening 
law and fracture energy in combination with the crack band approach (Figure 4). In the present 
study fixed crack model was chosen although the software offers the choice of rotated crack 
model also. The function of crack opening was proposed by Reinhardt et al. [29] and given by 
Eq. 2:

( ) ( )
3

3
1 2 1 21 exp 1 expt t

c c c

w w wf c c c c
w w w

σ
       = + − − + −    
       

(2)

where, w is the crack opening, wc is the crack opening at the complete release of stress, σ is the 
normal stress in the crack, c1=3 and c2=6.93 are material constants valid for normal-weight 
concrete.

Figure 4 – Exponential crack opening 
law

Figure 5 – Hardening/softening laws for concrete 
in compression

The shape function of the concrete in compression is based on work of van Mier [30]. The 
hardening law for concrete in compression is elliptical (Eq. 3) and based on strains. The 
softening law in compression is linearly descending with the end point of the curve defined by 
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means of the plastic displacement wd, to avoid mesh dependency. The plastic displacement was 
set to wd=0.5mm as suggested from experiments of van Mier [30].

( )
2

0 0 1
p

c c
c c c c

c

f f f
ε ε

σ
ε

 −
= + − −  

 
(3)

where, fc0 is the onset of nonlinear behaviour, fc is the compressive strength of concrete, p
cε is 

the plastic strain at compressive strength.

The constitutive model for concrete requires as input important data such as the modulus of 
elasticity Ec, the tensile strength ft, and fracture energy Gf. The values from Table 2, evaluated 
based on the average compression strength fcm, were used in the numerical analysis.

Table 2 – Properties of the concrete material used in FEM analysis
Parameter Equation Reference

Elastic modulus [MPa] ( )6000 15.5c c cE f f= − [31]

Tensile strength [MPa] 2/30.24t cf f= [31]

Fracture energy (MN/m) 0.000025f tG f= [32]

Reinforcement
The reinforcement was modelled as discrete bars using 2D isoparametric truss elements 
perfectly bonded to the concrete body. The elastic-perfectly plastic (i.e without hardening) 
behaviour was considered in the analysis with a default value for steel elasticity modulus of Es =
200 GPa.

3.4 Geometry and boundary conditions

To take advantage of the symmetry of the walls and save processing time, only one half of each 
model was modelled as shown in Figure 3b. In order to avoid numerical problems due to high 
stresses concentrations, linear elastic steel plates were added to the model between element 
edges and the loading points.  The load was applied as imposed deformations along the top of 
the specimens to assure a uniformly distributed load. A load eccentricity of t/6 that would cause 
an out-of-plane deflection of the wall was included in the analysis.

Displacements were monitored at the same locations where the LVDTs were installed on the 
tested walls. The ultimate capacity of the specimen was computed by monitoring the line 
reactions at the bottom of the specimen.

3.5 Element size and mesh sensitivity analysis

Different element types were investigated in order to find suitable elements to simulate the 
behaviour of slender RC walls with openings. ATENA software offers the possibility to model 
this problem using shell or solid elements. The concrete element was modelled by 8-nodes brick 
elements. A mesh sensitivity analysis was undertaken on the control specimens for three 
different sizes of the finite element per thickness, i.e. 15 mm, 10 mm and 5 mm, respectively. 



37

The element size considered was 10 mm since it provided good results in terms of accuracy and 
computational time.

4. FE – MODEL VALIDATION

The experimental and numerical load–displacement responses are compared to validate the 
accuracy of the model proposed and are shown in Figure 6. The ratio between ultimate capacity 
of experimental and numerical analysis are also shown in Figure 6. Moreover, the crack pattern 
and the failure mode observed in tests were compared with the one obtained from FEM and 
shows a good correlation as can be seen from Figure 7 and Figure 8.

Figure 6 – Load-displacement response: experimental vs. FEM

Figure 7 – Crack pattern and failure mode for one-way walls: a) experimental [12]; b) 
deformed shape - FEM; c) crack pattern - FEM

a) b) c)
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5. TEST-RIG DESIGN FOR RC WALLS

5.1 Design principles

In practice, the gravitationally loaded walls behave under one-way or two-way action. Walls 
restrained along top and bottom edges of the wall are denoted as one-way action panels. These 
panels are developing a single out-of-plane curvature parallel with the load direction and are 
usually encountered in prefabricated tilt-up concrete structures. Panels restrained along three or 
all sides are denoted as two-way action panels. The walls in this case deflect in double 
curvature, in both horizontal and vertical directions, and are usually encountered in monolithic 
concrete structures. Since the two-way walls are the most encountered in practice and are 
studied to the same extent as one-way walls, in this study was decided to go further and develop 
a test-rig who can replicate the boundary conditions met in reality for this kind of walls.

The following assumptions were used for designing the test-rig:

(a) the test-rig has to simulate hinged connections at the boundaries of the specimen;
(b) sufficient rigidity of the lateral edges is needed to prevent any out-of-plane deformations;
(c) the walls are loaded gravitationally with a small eccentricity (one sixth of the wall thickness) 
to simulate the effect of imperfections;
(d) the design was carried out for the strongest element, i.e. RCW (solid wall).

Figure 8 – Crack pattern and failure mode for two-way walls: a) experimental [12]; b) 
deformed shape - FEM; c) crack pattern - FEM

5.2 Load reactions and element’s design

Considering the good agreement with the experimental results, the FEM model proposed was 
used to predict the ultimate capacity of the strongest wall, i.e. RCW wall from the matrix 
proposed (see Figure 2). The ultimate capacity obtained from FEM analysis was 1797 kN. This 
value was used to find out the required number of the hydraulic actuators. The concentrated 
force from the actuators was considered to be redistributed through the loading beam with a 
slope of 1:1 in order to obtain a uniformly distributed load along the wall length. Four hydraulic 
actuators of 600 kN each were necessary to be above the force obtained from FEM.

a) b) c)
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By loading to failure the solid wall, the reaction forces acting on the members who simulate the 
boundary conditions of the specimen were also monitored in FEM model. The reactions at the 
bottom of the specimen were constant along its length and were used to design the supporting 
beam. The beam was designed as continuously supported on a strong floor. Reactions along 
lateral edges of the specimen were used in designing the lateral bracing system of the test rig. 
Besides some high values at the end of the wall, constant forces acting on the members 
restraining the specimen from out-of-plane deflections were observed. These reactions were 
used as input for the simple static system created (see Figure 9) in which both stresses and 
displacements were checked. All reactions obtained from FEM analysis were multiplied by a 
factor of 1.4 to cover the difference between the ultimate capacity of the solid wall and the
available pressure given by the actuators (see Figure 10).

Figure 9 – Load reactions acting on the test rig and its static system

Figure 10 shows the general view of the test-rig with all details. The hinge at the top support is 
created by the steel rod placed on a thick steel plate along the element edges. In this way the 
desired eccentricity can also be precisely applied. The wall specimens were restrained along 
their sides using either equal or unequal leg angles steel profiles.
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Figure 10 – General view of the test-rig proposed

6. CONCLUSIONS

There are no standardized procedures for testing concrete walls; therefore each experimental 
programme requires customized design. The experimental program presented in this paper was 
conceived in accordance with DOE technique. This method has been demonstrated to be a 
reliable method for research investigations in areas like physics, chemistry or mechanical 
engineering. However, most of the problems encountered in structural engineering domain are 
dependent on certain variables; thus, the application of DOE could be useful in a broad range of 
testing situations.

Two-level factorial design was performed on walls with openings aiming to obtain the test 
matrix in order to study the influence of opening size and the effectiveness of the strengthening 
patterns. Two methods for strengthening of RC walls with openings have been proposed: (1) 
traditional by embedding steel reinforcement and (2) a modern technique using FRP materials.

The design of a new test-rig was presented and analysed through nonlinear simulations. The 
constitutive model used for concrete was able to predict the axial capacity of concrete walls with 
openings. Furthermore, the FEM model calibrated on a previous experimental program was used 
to model the strongest wall from the test matrix. Reaction forces obtained from this simulation 
were used to design the test-rig. The results from this experimental program will be presented in 
a future publication.
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ABSTRACT

This paper presents a study on water filled pools within nuclear 
facilities subjected to seismic loads. The type of structure studied 
is an elevated rectangular concrete tank, supported by the reactor 
containment, which is a high cylindrical concrete structure. 
Seismic analysis is performed using finite element models, 
accounting for fluid-structure interaction (FSI) between the water 
and the concrete structure. The stresses in a concrete pool are 
calculated, also investigating the changes in stresses as additional 
cross-walls are added. The effects from earthquakes dominated 
by low and high frequencies are evaluated, representative for 
conditions at the West coast of North America and Northern 
Europe, respectively. It is shown that the coupled fluid-structure 
systems have more significant modes in the high frequency range 
compared to the models without water, that is, for frequencies at 
which the Northern European type earthquake has significant 
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energy compared to the Western North American earthquake. The 
seismic analyses show that the relative increase of hydrodynamic 
pressure is higher when the outer walls of the pool are stiffened 
due to the inclusion of additional cross-walls. With the inclusion 
of additional cross-walls, modes with lower natural frequencies, 
although still relatively high, become more important for the 
hydrodynamic pressure response. Leading to a higher stress 
response in the outer walls of the pool for models including the 
additional cross-walls compared to models without cross-walls. 
The study indicates that the effect from fluid-structure interaction 
is of great importance also for seismic loads with relatively high-
frequency content.

Key words: Earthquake engineering, Structural dynamics, 
Structure-fluid interaction, Finite element modelling, Nuclear 
facilities, Water filled elevated tank.

1. BACKGROUND

Nuclear facilities are probably the today existing infrastructure buildings with the highest safety 
levels with respect to severe dynamic events such as explosions, collisions and earthquakes. 
Dynamic evaluation of these large and complex buildings and structures require analyses with 
advanced numerical methods and must be based on the detailed knowledge of the structural 
properties as well as the load characteristics. At some regions the risk of earthquakes is great, 
and due to recurring seismic events there also exist knowledge about the characteristics of these 
events. However, the high level of safety kept in nuclear facilities worldwide makes it necessary 
to perform seismic analysis also for regions where the risk for major earthquakes is 
comparatively small, such as in northern Europe and, for example, Sweden. Here, dynamic, 
seismic analyses are based on standard design response spectra, compiled through seismic 
hazard analysis and processing of empirical data from a more seismic region of the world, in this 
case Japan, to correspond to Swedish conditions [1]. Often, the characteristics of earthquakes 
vary for different regions, e.g. due to the stiffness of the bedrock etc., and depending on region, 
the dominant frequencies may differ and may have a higher or lower effect on each of the 
components or sub-systems that are parts of a nuclear facility.
These large and complex buildings include reactors and their containments but also systems for 
electricity generation and supportive infrastructure. Amongst the nuclear infrastructure systems 
are water filled pools, e.g., used for spent fuel and as condensation pools. Containers with large 
volumes of water affect the dynamic behaviour of the structures in several ways during an 
earthquake, which must be accounted for in a seismic analysis. The mass of the water will 
reduce the natural frequencies of the structure compared to a case with an unfilled container. 
The water also contributes with hydrostatic and hydrodynamic water pressure on the walls of the 
pools, which is caused by wave propagation in the fluid. Often, the containers have a free water 
surface and there will in such cases also be propagation of free surface waves that causes 
sloshing effects. A case where a deforming solid structure interacts with an internal or 
surrounding fluid is usually categorized as a fluid-structure interaction (FSI) problem. In 
numerical analyses there are several different methods to account for the FSI, depending on the 
need for included details, computational efficiency and accuracy. 
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The phenomena of fluid-structure interaction for liquid-filled containers have been extensively 
studied, but much of the focus in research has been on cylindrical liquid storage tanks, 
especially when it comes to elevated tanks. Already in 1931 Westergaard [2] developed an 
analytical method to account for the changes of water pressures on a dam during an earthquake. 
The dynamic behaviour of water tanks was later studied by Housner [3] and Epstein [4], who 
further developed the method in [3]. Faltinsen [5] presented an analytical linear solution to 
account for sloshing in a rectangular liquid storage tank when subjected to a horizontal base 
motion. More recent studies that deal with the dynamic behaviour of rectangular liquid 
containing tanks subjected to ground movements at their base include [6–11] among others.
Studies on the seismic behaviour of elevated tanks have also been done, see e.g. [12–15]. Other
recent investigations of FSI for concrete dams and large water reservoirs are found in [16–18] 
and for nuclear facilities in [19–20]. The present paper investigates the dynamic behaviour of an 
elevated rectangular concrete water pool within a nuclear facility, an elevated pool structure that 
is relatively scarce in the published literature. Analyses are performed for two types of seismic 
loads with substantially different frequency content and the influence of pool partition walls is 
evaluated. Only the impulsive motion of the liquid is accounted for in the analysis, that is, the 
effect of gravity waves on the free water surface is not included, but the existence of a free water 
surface is accounted for by prescribing zero pressure on the free surface. This simplification 
affects the kinematic behaviour of the free surface but it is assumed that it does not affect the
overall structural behaviour, which is of main interest in this study.

2. SEISMIC EXITATION

The analyses are performed using direct time integration, which also will be possible to use for 
future, non-linear models. The seismic ground acceleration time histories applied as boundary 
conditions at the base of the modelled structure. Two types of seismic input are considered, a 
large earthquake with mainly low frequency content and a smaller earthquake with relatively 
high frequencies, of the type prescribed in the Swedish design guideline [1]. The first set (x, y 
and z directions) of time histories consists of records from the El Centro earthquake, which is 
often used to exemplify earthquakes typical for the US west coast, see e.g. [21]. This earthquake 
occurred in May 1940 close to the border between USA and Mexico, with relatively large 
amplitudes and a registered moment magnitude of 6.9. The second set of time histories 
corresponds to a typical design earthquake defined in the guideline for Swedish conditions [1], 
with relatively small amplitudes and containing higher dominant frequencies.

2.1 Earthquake time histories

A ground acceleration time history for the El Centro earthquake is shown in Figure 1a, with 
duration of approximately 50 seconds and a maximum acceleration of 0.35 g for this North-
South horizontal component. The full set of seismic accelerations also consists of a vertical and 
an East-West horizontal component. The time histories, obtained from [22], are 53.78 seconds 
long, with 2690 time points spaced at ∆t = 0.01 seconds. A time history for the Swedish design 
ground acceleration used in this study [23] is shown in Figure 1b. It reaches 0.15 g and has a 
much shorter duration than the El Centro earthquake, only about 7 seconds, which here is 
represented by a 10 second sequence of 2001 time points spaced at ∆t = 0.005 seconds. Also in
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this case two horizontal and one vertical component is defined, which are statistically 
independent. These time histories are generated to match the 10-5 Swedish design response 
spectra for 5% damping [1], following the provisions in ASCE 4-98 [24].

2.2 Earthquake frequency spectra

The frequency spectra for the two earthquakes used in the analyses are compared in Figure 2 for 
all three components, one vertical and two horizontal. To note is that the Swedish design 
response spectra have no frequency content above 50 Hz, being the zero period acceleration 
frequency. For the horizontal components it can be seen that the El Centro time histories have 
most energy content for frequencies below 5 Hz while the Swedish design histories are 
dominated by frequencies between 8 and 20 Hz. For the vertical component the energy content 
is more similar between the earthquakes although the El Centro time history still is dominated 
by the lower frequencies and the Swedish by the higher frequencies. Of special interest in the 
following analyses is how these differences in the frequency content affect the stresses of the 
type of water filled pool studied. The characteristics of the two earthquakes differ due to, for 
example, magnitude of earthquake, distance to fault and geological conditions. How the 
frequency-content of the earthquake affects the structural response has earlier also been studied 
for piping systems in nuclear facilities [25].
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(a)

 
(b)

Figure 1 – Ground movement time history, horizontal component 1 (N-S) of the El Centro 
earthquake (a) and horizontal component 1 of the Swedish design earthquake (b).
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Figure 2 – Ground movement frequency spectra for the three components of the El Centro and 
the Swedish design earthquakes.
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3. STUDIED WATER FILLED POOL

The structure studied is a typical water filled pool, located within the reactor containment 
building of a Swedish boiling water reactor founded on rock [19]. The concrete pool has a free 
water surface and is elevated 40 m above the ground level. It is supported by the concrete 
containment for the reactor and its dynamic response to seismic loads will thus also depend on 
the elastic properties and mass of this structure. The model of the studied water container is 
given a simplified geometry compared to the real structure, but the overall dimensions and 
properties are chosen to accurately describe the dynamic behaviour of the pool, the water 
content and the concrete structure of the supporting containment.

3.1 Geometry

The geometry of the reactor containment with the water pool and an elastic supporting concrete 
containment is shown in Figure 3. The concrete water pool has an outer rectangular 42×9 m2

cross section, with a height of 13 m and a wall thickness of 1.1 m. For the analysis the water 
surface is assumed to be at a level 1 m below the upper edge of the pool. A case with partition 
walls is also studied, the partition walls being placed 9 m from the outer short walls and with a 
thickness of 1 m, see Figure 5. The direction of the first horizontal acceleration component 
given in Figure 2 is assumed to be aligned with the longest sides of the pool while the second 
component consequently follows the direction of the shorter sides. In the real structure, the 40 m 
high supporting concrete structure is circular with an outer diameter of 24.2 m and a wall 
thickness of 1.6 m, also containing horizontal and vertical pre-stressing tendons to resist internal 
pressures. Here, this structure has been modelled as a beam with a pipe cross section and with 
the pre-stressing effect omitted in the elastic analyses carried out. This approximation is 
motivated since the pre-stressing tendons have little influence on the dynamic properties of the 
structure, such as the natural frequencies and the response from seismic loading. The pre-
stressing do, however, lead to crack reduction, thus contributing to the accuracy of the assumed 
elastic behaviour.
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Figure 3 – Geometry of the reactor containment model used in the analyses.

3.2 Materials and damping

As explained in the previous section, the pre-stressing tendons of the containment are not 
included in the model and this is also the case with all other reinforcement in the concrete 
structures. Thus, these are given linear elastic material properties, with a density of 2400 kg/m3,
an elastic modulus of 30 GPa and a Poisson’s ratio that is 0.2. The only other material defined 
for the model is water, which is given standard properties, i.e., a density of 1000 kg/m3 and a 
bulk modulus of 2.2 GPa. Of great importance in a seismic analysis is the accuracy of the 
damping properties assigned to the structure. Damping values suitable for seismic design of 
nuclear power plants are given in the American Regulatory Guide 1.61 [26], which is also 
followed in e.g. Sweden. In this case the damping ratio for the concrete structures is assumed to 
be 3%, also accounting for the pre-stressing effect. The water is modelled without considering 
damping. For a direct time integration finite element (FE) analysis the damping must be 
explicitly modelled using dashpots or defined at material level as e.g. Rayleigh damping, which 
is chosen in this case. The damping ratio is thus given by: 
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2 2
α βω

ξ = +
ω

(1)

where ω = 2πf is the circular frequency and α and β the Rayleigh damping factors, see e.g. [21]. 
The damping factors for the concrete are here chosen as α = 0.95744 and β = 0.00030315, 
which gives the frequency dependence shown in Figure 4. The factors have been chosen so that 
the damping ratio is less than 3% in the frequency interval 3 ≤ f ≤ 30 Hz.

3.3 Mesh and modelling techniques

A finite element model is implemented using the FE simulation software Abaqus 6.12-1 [27] 
with the materials assumed to be in the elastic range through the earthquake. The model and 
mesh are shown in Figure 5 and consist of three types of elements for the pool, the water and the 
supporting containment. In Figure 5 the partition walls are also included. The walls of the pool 
are built up with 4-noded shell elements with full numerical integration using an average 
element length of 1 m, which proved to give accurate results. For the water, 8-noded acoustic 
elements with full numerical integration are used, also in this case with an element length of 1 
m. The concrete containment is modelled with 10 beam elements with a pipe cross section, each 
4 m long. Elements based on Timoshenko beam theory is used in order to describe transverse 
shear deformations in the relatively large cross section of the original structure. This beam is 
connected to the bottom of the pool using rigid links distributed over an area that correspond to 
the diameter of the containment. The seismic load is applied as acceleration time histories in 
three orthogonal directions at the lower end of the beam, keeping the rotational degrees of 
freedom restrained.

Figure 4 – Rayleigh damping for the structural parts in the FE-model.
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(a) (b)

Figure 5 – Model with a rendered version of the beam element representing the concrete 
containment (a) and mesh of the concrete containment with water (b). Here, the partition walls 
are also shown.

3.4 Fluid-structure interaction

The effect from the fluid-structure interaction between the water and the pool is described by the 
use of a linear acoustic wave formulation for the water, with the fluid pressure as the 
independent variable, see [19]. The equation of acoustic wave propagation is derived from the 
theory of fluid dynamics, with assumptions made regarding the acoustic medium that simplifies 
the equations, see e.g. [28]. The equations describing the conservation of momentum and the 
conservation of mass, respectively, given that the fluid is homogeneous and isotropic, its 
viscosity is neglected, the flow is irrational and the amplitude of the acoustic disturbance is 
small and the wave propagation process is adiabatic and reversible, are here:

0f p
t

∂
ρ +∇ =

∂
&u (2)

and:

0f
p K
t

∂
+ ∇ =

∂
&u (3)
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where ρf is the fluid density, &u is the fluid particle velocity, t is the time, p is the excess pressure 
in the fluid and Kf the bulk modulus of the fluid: 

2
f f fK c= ρ (4)

where cf is the wave speed. Combining Eqs. (2) and (3) gives the acoustic wave equation with 
the fluid pressure as the independent variable:

2
2 2

2 0f
p c p

t
∂

− ∇ =
∂

(5)

To solve for the natural frequencies and corresponding mode shapes, the eigenvalue problem, as 
defined in Abaqus [27], is:

2 0
0

0

T
ss fs

fs ff

        + ω =    −       

MK S u u
S Mp pK

(6)

where Ks, Kf, Ms and Mf are the stiffness and mass matrices of the structure and the fluid, 
respectively, u is the displacement vector, p the pressure vector and ω is the (circular) natural 
frequency of vibration. The term Sfs is a coupling matrix between the acoustic and the structural 
domains at the acoustic-structural interface. On this interface the fluid and the structure have the 
same displacement normal to the boundary, while the tangential displacements are uncoupled. 
The acoustic wave formulation in Abaqus does not include body forces. Thus the hydrostatic 
pressure has to be defined explicitly as a pressure load on the structure. The acoustic elements 
only have one degree of freedom, being the pressure, and no translational degrees of freedom. 
For all acoustic nodes, except at the fluid boundaries, the FE mesh is stationary. At the interface 
between the water and the structure, the nodes of the acoustic elements are rigidly connected to 
the structure using tie constraints, and at the free water surface a boundary condition prescribing 
zero pressure is applied. The response to applied seismic loads is calculated using an implicit 
time integration scheme, see Abaqus [27].

4. NUMERICAL RESULTS

Numerical analyses were first performed to calculate the natural frequencies and modes for the 
water pool, then to determine the structural response due to the seismic loads, i.e., the two 
previously described earthquakes. Of special interest, is the effect from inclusion of partition
walls. The use of two earthquake loads with different characteristics is done in order to study if 
a higher frequency content will lead to contribution from modes that increase the stresses.
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4.1 Natural frequency analysis

Results from the free vibration analysis of the structure are presented in Table 1, where natural 
frequencies corresponding to the ten first vibration modes (eigenmodes) are given. These are 
calculated with and without the stiffening effects from the partition walls, and for comparison 
results for an empty pool are also included. The variation of accumulated effective mass is 
shown in Figure 6, for the case with empty and water filled pool, respectively, and without and 
with partition walls, respectively. When comparing the four cases (a-d) a difference in 
accumulated mass for a given frequency (or mode number) thus indicate a difference in free 
vibration mode. The case with water filled pool is calculated with a coupled acoustic-structural 
model according to Equation 6. The accumulated acoustic effective mass is also shown for each 
eigenmode. Normally, the higher the acoustic effective mass, the more significant the mode is in 
accurately representing the hydrodynamic pressure. The figure shows the accumulated effective 
mass for every natural frequency, and indirectly its corresponding mode number.

 
(a)

 
(b)

Figure 6 – Accumulated effective mass, for the case with structure only (a) (b) and for the case 
with water filled pool (c) (d). For models without and with partition walls, respectively
(continues).
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(c)

 
(d)

Figure 6 – Continued.

Table 1 – The ten first natural frequencies for the structural system with and without water.
Mode no.                   Without partition walls: With partition walls:

Structure only (Hz) Structure and water (Hz) Structure only (Hz) Structure and water (Hz)
1 3.15 2.61 3.11 2.66
2 3.22 2.84 3.18 2.67
3 5.82 4.99 6.26 5.47
4 7.10 5.29 10.32 8.24
5 8.56 7.70 10.98 9.05
6 10.33 8.74 11.43 9.46
7 11.39 9.87 11.77 9.96
8 11.55 9.87 12.97 12.45
9 11.64 10.29 14.95 14.17
10 11.97 10.88 19.53 16.82
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4.2 Earthquake excitation analyses

Results from the earthquake excitation time-history analyses are presented in Figures 7–10. To 
investigate the stress state in the pool walls, the maximum principal stress is chosen as a 
measure since this gives the maximum tensile stress component, which is important for concrete 
structures. The envelopes of the minimum and the maximum values of the maximum principal 
stress for each node over the height of the pool walls are shown in Figures 7–8. The stresses are 
for sections at, or close to, the mid-side of the pool walls and are extracted for the outer side of 
the pool walls. Results obtained with and without the partition walls are compared, due to the 
Swedish design earthquake and the El Centro earthquake, respectively. For reference, the stress 
response due to static analysis, including hydrostatic pressure, is also given. To compare the 
dynamic stress response for a model including water to that for a model without water, the stress 
ratio of the largest maximum principal stresses over the height of the pool walls are given in 
Figure 9, for sections at mid-side of the walls. Stress ratios are given for both earthquakes 
considered and for the cases with and without partition walls. To show how the hydrodynamic 
water pressure against the pool walls varies with the depth of water, the ratio of hydrodynamic 
pressure to hydrostatic pressure is plotted in Figure 10, for the mid-side of the long and the short 
wall, respectively. The figure shows the response due to the Swedish design earthquake and to 
the El Centro earthquake. Results obtained with and without the partition walls are compared. 
The hydrostatic water pressure ranges from 0 kPa at the surface to approximately 120 kPa at the 
bottom.

Figure 7 – Envelope of the maximum principal stresses on the outer surface of the pool, over the 
height of the long and the short wall, for a model with and without partition walls, respectively. 
For the Swedish design earthquake.
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Figure 8 – Envelope of the maximum principal stresses on the outer surface of the pool, over the 
height of the long and the short wall, for a model with and without partition walls, respectively. 
For the El Centro earthquake.

Figure 9 – Maximum distributed dynamic tensile stress on the outer surface of the long and the 
short wall, normalized with respect to stress without water, for models with and without 
partition walls, respectively. Results calculated for the Swedish design earthquake and the El 
Centro earthquake.



58 
 

Figure 10 – Maximum distributed hydrodynamic pressure against the long and the short wall, 
normalized with respect to the hydrostatic pressure for models with and without partition walls, 
respectively. Results calculated for the Swedish design earthquake and the El Centro earthquake

5. CONCLUSIONS

Including the water of the pool generally lowers the natural frequencies, but as can be seen from 
Figure 6, the effective masses are also lowered. Hence, higher modes contribute significantly to 
the response for models including water. That is, modes having natural frequencies at which the 
Swedish design earthquake has significant energy compared to the El Centro earthquake, see 
Figure 2. The El Centro earthquake has its dominant energy content for the horizontal directions 
for frequencies below 5 Hz. This might explain the higher relative increase of dynamic stress 
when water is included for the Swedish design earthquake compared to the El Centro 
earthquake, as seen in Figure 9. To note is that the first two vibration modes change positions 
when partition walls are included. For the coupled fluid-structure models, it is first for modes 
with natural frequencies above approximately 8 Hz that the acoustic effective mass indicates 
that the modes are important in accurately representing the hydrodynamic pressure. From the 
figure it can also be seen that the accumulated acoustic effective mass rises faster for the model 
with included partition walls compared to the model without. That is, modes with lower natural 
frequencies, although still relatively high, become more important for the hydrodynamic 
pressure response. This might explain the larger peak maximum principal stress distribution for 
the model including partition walls compared to the model without partition walls, as can be 
seen in Figure 7 and 8. To note is that the water does affect the modes with lower frequencies as 
well and there is an acoustic component present for most modes. Further, it is important to note
that the individual time histories do not possess the frequency enveloping characteristics of 
seismic design response spectra, and thus the response will depend strongly on the specific 
frequency content of the individual time histories used in the analyses. To draw more general 
conclusions, further analyses with different seismic input would need to be performed.
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The relative increase of the hydrodynamic pressure to the hydrostatic pressure is higher when 
the outer walls are stiffened due to the inclusion of partition walls, as can be seen in Figure 10. 
The effect can be seen for the long outer walls of the pool when the partition walls are added. It 
can also be seen that the partition walls do not particularly affect the hydrodynamic pressure 
variation against the short outer walls of the pool. The natural frequencies of gravity surface 
waves (convective pressure term) tend to be low, in this case in the range 0.1–0.3 Hz depending 
on direction and water volume considered. The effect of the gravity surface waves is therefore 
expected to be more important when the seismic load has a dominant low-frequency content that 
coincides with the frequencies of the fundamental convective modes of the fluid, than when the 
seismic load has a relatively high-frequency content, e.g., as the Swedish design earthquake. 
The coupled fluid-structure system has on the other hand significant impulsive modes in the 
high-frequency range, hence the impulsive pressure term is expected to be more important for 
seismic loads with a relatively high-frequency content. To note is that the effects of gravity 
surface waves are not accounted for in this study, and future works would need to investigate if 
this assumption is adequate for this type of structure. A drawback with the acoustic wave
formulation in Abaqus is that it does not include body forces. Other formulations do exist in 
other general finite element software products, see [19], and may be more suitable for dynamic 
fluid-structure interaction problems where the fluid has a relatively high density. 

The study indicates that the effect of accounting for fluid-structure interaction is of great 
importance also for seismic high-frequency loads. Although the seismic high-frequency load 
may not significantly affect the structure itself when water is not included, the stress increase in 
the structure may be significant when fluid-structure interaction is accounted for, see Figure 9. 
However, the results indicate that the relative increase is larger for the Swedish design 
earthquake than the El Centro earthquake, for the evaluated parameter.
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ABSTRACT

To meet new demands, existing bridges might be in need for repair,
upgrading or replacement. To assist such efforts a 55-year-old post-
tensioned concrete bridge has been comprehensively tested to 
calibrate methods for assessing bridges more robustly. The 
programme included strengthening, with two systems based on 
carbon fibre reinforced polymers (CFRPs), failure loading of the
bridge’s girders and slab, and determination of post-tension cables’ 
condition and the material behaviour. The complete test programme 
and related instrumentation are summarised, and some general results 
are presented. The measurements address several current 
uncertainties, thereby providing foundations for both assessing 
existing bridges’ condition more accurately and future research.
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1 INTRODUCTION

In order to meet current and future demands for sustainability and structural resistance, existing 
bridges might be in need for repair, upgrading or replacement. For instance, responses to a 
questionnaire by infrastructure managers in 12 European countries, acquired and analysed in the 
MAINLINE project, indicated a need for strengthening 1500 bridges, replacing 4500 bridges and 
replacing 3000 bridge decks in Europe during the coming decade  [1]. The Swedish Government 
Proposal 2012/13:25 recommended an investment of SEK 522 billion (EUR 60.4 billion) from 
2014 to 2025, to meet transport infrastructure requirements in Sweden [2]. With adjustment for 
inflation this represents a 20 % increase relative to the previous investment level, as detailed in 
Prop. 2008/09:35 [3], indicating a need for substantial actions to maintain robust and sustainable 
infrastructure. Due to budgetary constraints and the major social, economic and environmental 
benefits of avoiding demolition and reconstructing existing bridges [4], they should be repaired 
and strengthened rather than replaced in cases where this is cost-effectively feasible [5]. Thus, 
advanced methods should be used for accurately assessing bridges’ condition [6], and 
identifying the optimal operations to maintain, strengthen or replace them, from a perspective 
based on life-cycle cost minimisation [7].

To obtain reliable assessments of existing bridges, which are crucial for rigorous life-cycle cost 
analysis, it is essential to address current uncertainties regarding key variables, such as structural 
and loading parameters and possible deterioration mechanisms [8]. In the past decade 
monitoring concepts have been developed to update models for bridge assessment, reducing the 
uncertainties, based on empirical data [9]. Moreover, proof loading has been suggested [10], and 
subsequently implemented for reinforced concrete structures in ACI Standard 437.2-13 [11], as 
an approach to verify the reliability of relevant models and reduce uncertainties regarding the 
true condition of existing bridges. Thus, testing and monitoring of bridges at service-load levels 
is an accepted and well-known approach for assessment. 

Detailed, large-scale laboratory tests of bridges and their materials have been reported, e.g. [12]
and [13]. Destructive investigations of prestressed concrete [14], post-tensioned concrete [15-
16] and non-prestressed reinforced concrete bridges [17-22] have also been described. However, 
such studies have generally focused on specific components or elements, for instance, the bridge 
slab [15]. Few complete full-scale bridges have been tested to failure in order to improve 
understanding of their true structural behaviour, and rigorously calibrate methods and models. 
Hence, more comprehensive empirical information on the behaviour of concrete bridges,
especially of prestressed and post-tensioned concrete, as they approach failure, and cost-
effective methods to avoid risks of failure, is required.

Thus, in the study presented here a 55-year-old post-tensioned concrete bridge was thoroughly 
instrumented (with up to 141 sensors) and tested to failure. The aims were to calibrate and refine 
methods and models for assessing existing reinforced concrete bridges, and to assess the utility 
of methods using carbon fibre reinforced polymers (CFRPs) for upgrading reinforced concrete 
structures [23]. Since there have been few full-scale tests on post-tensioned bridges, a particular 
focus was on assessment of the post-tensioned system. The complete test and measuring 
programme is described here, and selected general results to provide insights about the tests. 
More detailed results will be presented later.
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2 THE KIRUNA BRIDGE

2.1 General description

The Kiruna Bridge, located in Kiruna, Sweden, was a viaduct across the European route E10 
and the railway yard close to the town’s central station (Figure 1). It was constructed in 1959 as 
part of the road connecting the city centre and the mining area owned by LKAB. The sub-level 
caving method for extracting the ore causes subsidence. Thus to ensure the continuing utility of 
the Kiruna Bridge, in 2006 LKAB initiated geodetic position measurements of the bridge 
supports. In 2008 Luleå University of Technology (LTU) started to monitor the bridge 
continuously [24]. Due to ongoing subsidence, LKAB decided to permanently close the bridge 
in October 2013 for demolition in September 2014, providing an opportunity for LTU to test it 
to failure in May-August 2014.

Figure 1 – Photograph of the Kiruna Bridge from the north-east, showing the slag heap from 
the LKAB iron ore mine in the background (2014-06-25).

2.2 Geometry

The bridge was a 121.5 m continuous post-tensioned concrete girder bridge with five spans:
18.00, 20.50, 29.35, 27.15 and 26.50 m long (Figure 2). According to construction drawings 
both the longitudinal girders and bridge slab in the western part (84.2 m) were supposed to be 
curved with a radius of 500 m. However, inspection of the actual geometry showed that the 
slab’s girders consisted of straight segments with discontinuities at the supports. Moreover, 
there were 5.0 % and 2.5 % inclinations in the longitudinal and transverse directions, 
respectively.

Longitudinal movements of the bridge were allowed at the eastern abutment by three rolling 
bearings (support 6 in Figure 2), but not the western abutment (support 1). Devices were 
installed at the bases of the intermediate supports 2-5, each consisting of three columns, in 2010 
to enable vertical adjustment of the supports to counter uneven settlement of the basements.

The superstructure consisted of three parallel, 1923 mm in height, longitudinal girders 
connected with a slab on top (Figure 3). Including the edge beams the cross-section was 15.60 m 
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wide, and the free distance between the girders was 5.00 m. In the spans the girders were 410 
mm wide, gradually increasing to 650 mm 4.00 m from the intermediate supports and widened 
to 550 mm at anchorage locations of the post-tensioned cables, two fifths of the span lengths 
west of support 3 and three tenths of the span length east of support 4. The bridge slab was 300 
mm thick at the girder-slab intersection and 220 mm 1.00 m beside to the girders.

The Kiruna Bridge was post-tensioned in two stages with the BBRV system. In the first stage,
six cables per girder were post-tensioned in each end of the central segment. In the second stage,
four and six cables per girder were post-tensioned from the free end of the western and eastern 
segments, respectively. Each cable was composed of 32 wires with a 6 mm diameter.

Track area E10

18000 20500 29350 27150 26500

1 2 3 4 5 6

Kiruna

LKAB

The span lengths correspond to the 
centre line of the bridge

ELEVATION

N
PLAN

Applied load

Figure 2 – Geometry of the Kiruna Bridge and location of the load application in the test 
programme.
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girder

Northern
girder

Southern 
girder

1500 150012000

Figure 3 – Cross-section of the Kiruna Bridge.
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The girders were each reinforced with three 16 mm diameter bars at the bottom, and 10 mm 
diameter bars at the sides with either 150 mm spacing for the central girder or 200 mm for the 
others. The vertical reinforcement also consisted of 10 mm diameter steel bars with 150 mm 
spacing. The concrete cover was 30 mm thick, except for the 16 mm diameter reinforcement 
bars, for which the horizontal concrete cover was 32 mm thick.

Before the tests the pavement on the slab was removed from the road crossing the bridge. The 
bridge was originally designed according to Provisional Regulations of the Royal Civil 
Engineering Board issued in 1955 [25].

2.3 Material

According to construction drawings the concrete quality in the substructure and the 
superstructure was K 300 and K 400, respectively, while the reinforcing steel quality was 
generally Ks 40, except in the bridge slab (Ks 60). The steel quality for the post-tensioned 
reinforcing BBRV reinforcing system was denoted St 145/170. The bridge was constructed in 
accordance with the National Steel Regulation [26] and National Concrete Regulation [27], 
issued in 1938 and 1949, respectively.

3 TEST PROCEDURE

3.1 General description

An experimental programme was designed to assess the behaviour and load-carrying capacity of 
the bridge using both non-destructive and destructive test procedures. For safety reasons, related 
to continuing use of the European route E10 during the tests, the experimental programme was 
developed for loading in span 2-3, with associated monitoring in spans 1-4 (Figure 2). The 
experimental programme can be summarised by the following, chronological steps:

1. Non-destructive determination of residual post-tensioned forces in cables in span 2-3
(May 27-28, 2014).

2. Preloading Test Schedule 1, of unstrengthened bridge girders, including destructive 
determination of residual post-tensioned forces in cables in span 2-3 (June 15-16, 2014).

3. Preloading Test Schedule 2, of strengthened bridge girders (June 25, 2014).
4. Failure test of the bridge girders (June 26, 2014).
5. Failure test of the bridge slab (June 27, 2014).
6. Complementary non-destructive determination of residual post-tensioned forces in 

cables in midspans 1-4 (June 27 and August 25, 2014).
7. Material tests of concrete, reinforcing steel and post-tensioned steel.
8. Condition assessment of post-tensioned cables.

Steps 1-6 were carried out at the Kiruna Bridge, with the test dates in parenthesis. However, 
steps 7-8 are planned to take place in the Complab laboratory at LTU after demolition of the 
bridge.
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3.2 Strengthening

The experimental programme included tests of two separate systems for strengthening concrete 
structures using carbon fibre reinforcing polymers, which were attached to the lower sides of the 
central and southern girders in span 2-3 (see Figure 4 and Figure 10). However, the northern 
girder remained unstrengthened. 

A system of three near-surface mounted (NSM) 10x10 mm2 CFRP rods was installed in the 
concrete cover of the central girder [6, 28]. The bar lengths were limited to 10.00 m, due to 
transportation constraints, thus several overlaps (1.00 m) were required to apply the 
strengthening over the entire span length. A set of full-length CFRP rods was installed 
centrically in span 2-3, with sets of 5.80 and 5.74 m CFRP rods on the western and eastern 
sides, respectively

To strengthen the southern girder, a system of three 1.4x80 mm2 prestressed CFRP laminates 
was applied to the blasted concrete surface [29-30]. The lengths of the middle and outer 
laminates were 14.17 and 18.91 m, respectively, in order to provide space for the anchorage 
device at each end. Each laminate was tensioned to 100 kN at the eastern end, controlled with a 
load cell, as the force was applied using a manually operated hydraulic jack. The force was 
gradually transferred to the concrete by the anchorage device. In this manner no force is 
expected to be transferred at the end, while it is fully transferred after 1.20 m. The anchorage 
devices were attached to the bridge until disassembly after Preloading Test Schedule 2. This 
experimental programme was the first reported full-scale installation and test of the 
strengthening method using prestressed laminates with these innovative anchor devices.

For the CFRP rods and laminates, denoted StoFRP Bar IM 10 C and, StoFRP Plate IM 80 C
respectively, the mean modulus of elasticity and tensile strength were 210 GPa (200 GPa) and 
3300 MPa (2900 MPa), respectively, with mean values specified in parenthesis. Epoxi StoPox 
SK41, a commercially available and CE-approved thixotropic epoxy adhesive, was used to bond
both strengthening systems.

3 prestressed 
CFRP laminates
(1.4x80 mm2)

3 NSM CFRP 
rods (10x10 mm2)

Beam 1Beam 2

4 hydraulic jacks with cables
anchored in bedrock 

1234
N

Figure 4 – Arrangement for loading the bridge girders in midspan 2-3.
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3.3 Preloading

In span 2-3 two welded steel beams (outer dimensions 700x1180x5660 and 700x1180x6940
mm3) were arranged horizontally to apply loads in the midspans of each girder, see Figure 2 and 
Figure 4. They consisted of a double web (thickness 15 mm) with flanges (thickness 30 mm)
and were of the steel grade S355J0. The beams were supported by steel load distribution plates
(steel grade S275JR), with areas of 700x700 mm2 and total thicknesses ranging from 20 to 265 
mm, due to the inclination of the bridge slab. A horizontal concrete surface was also cast locally 
under the plates. The bridge was loaded using four hydraulic jacks with cables, threaded through 
drilled holes in the bridge slab, anchored over a length of 14.60 m in the bedrock, as illustrated 
in Figure 4. The distances from the centre of the jacks and cables to the centre of the support of 
the transverse steel beam were 885 mm. The capacity of the jacks was approximately 7.0 MN, 
with a 150 mm stroke length. The piston cross-section area was 1282 cm2 for jacks 1, 3 and 4, 
and 1284 cm2 for jack 2. Each cable consisted of 31 wires with 15.7 mm diameter.

The bridge was preloaded by applying two schedules of incrementally increasing loads using the 
four jacks to both strengthened and unstrengthened girders in midspan 2-3, as listed in Table 1
and illustrated in Figure 4. The schedules were designed to reach the cracking load of the 
girders, as predicted by preliminary nonlinear finite element analysis. Before the force-
controlled loading to a specified level, given by the actual load case, the bridge was unloaded. 
To ensure no drift in the measurements and stable loading, peak pressure was maintained for 
load cases 7, 9, 13 and 29. Load cases 15-18 in Schedule 1 were designed to determine the 
remaining forces in the post-tensioned cables (see Section 3.6).

3.4 Bridge girder failure test

Preloading was followed by a test to failure of the strengthened girders, according to the setup 
described in the previous section. Each girder was equally loaded to 12.0 MN in total (the 
approximate load-carrying capacity predicted by preliminary nonlinear finite element analysis): 
4.0 MN delivered by the outer jacks and 2.0 MN by the inner jacks. The pressure in jack 4 was 
subsequently increased to failure of the southern girder and then the pressure in jacks 2 and 3 
was increased to failure of the central girder, while the settings of the other jacks remained 
unchanged so they provided approximately constant loads. The jacks’ grip positions were 
changed as necessary to accommodate deflections exceeding the stroke length.

3.5 Bridge slab failure test

The bridge slab in midspan 2-3 was tested to failure using an arrangement similar to load model 
2 (LM 2) described in Eurocode 1 [31], with its centre located 880 mm from the outer side of 
the northern girder (Figure 5). By rotating steel beam 1 (Figure 4 and Figure 5), hydraulic jack 1 
was reused to apply load on the slab, through two 350x600x100 mm3 steel plates spaced 2.00 m 
apart. A horizontal concrete surface was also cast locally under the plates. Due to the widening 
of the bridge girders at the anchorages of the post-tensioned cables, the distances from the 
centres of the western and eastern load distribution plates to the inner sides of the girders were 
470 and 330 mm, respectively. As in the previous tests, the loading was force-controlled.
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3.6 Assessment of post-tensioned cables

The residual force in the post-tensioned cables was non-destructively determined by monitoring 
strains at the lower surface of each girder resulting from gradually cutting the concrete with a 
saw on both sides of a strain sensor [32] placed one-tenth of the span length west of midspan 2-
3, before the bridge and slab failure tests. After the failure tests, the procedure was also applied 
to each girder in midspan 1-2, the northern girder in midspan 2-3 and the central and southern 
girders in midspan 3-4. In order to keep the reinforcing steel intact, the arrangements of sensors 

Table 1 – Load cases for preloading the unstrengthened and strengthened bridge girders in 
midspan 2-3.

Load case
Jack 1 Jack 2 Jack 3 Jack 4

kN kN kN kN
11,2 500 250 250 500
21,2 500 500 - -
31,2 - - 500 500
41,2 1000 1000 - -
51,2 - - 1000 1000
61,2 1500 1500 - -
71,2 1500 1500 - -
81,2 - - 1500 1500
91,2 - - 1500 1500
101,2 500 250 250 500
111,2 1000 500 500 1000
121,2 1500 750 750 1500
131,2 1500 750 750 1500
141,2 2000 1000 1000 2000
151,2 2000 1000 1000 2000
161,2 2000 1000 1000 2000
171 2000 1000 1000 2000
181 2000 1000 1000 2000
191 500 500 - -
201 - - 500 500
211 1000 1000 - -
221 - - 1000 1000
231 1500 1500 - -
241 - - 1500 1500
251 500 250 250 500
261,2 1000 500 500 1000
271,2 1500 750 750 1500
282 2000 1000 1000 2000
292 2000 1000 1000 2000

1 Load case for preloading the unstrengthened girder 
2 Load case for preloading the strengthened girder
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and saw cutting lines were designed to avoid cutting either the stirrups or longitudinal 
reinforcing steel. The cutting proceeded to an approximate depth of 35 mm, or the actual depth 
of the longitudinal reinforcing steel. All the non-destructive tests were carried out without 
applying external loads.

As part of Preloading Test Schedule 1, the cracking moment test [33] was applied to calibrate 
the non-destructive test method. During load cases 1-14 cracks formed, and instruments 
described in the next section were used to monitor the behaviour of selected cracks and adjacent 
areas between load cases 14 and 15. Thus, the remaining force in the post-tensioned cables can 
be determined from data acquired from load cases 15-18, based on the sequence of reopening of 
the cracks.

Further laboratory assessments of the condition of both the cables and their grouting are 
planned.

3.7 Material tests

To determine characteristics of the bridge’s materials, tests of the concrete, reinforcing steel and 
post-tensioned steel are also planned. Thus, before the tests described here at least six concrete 
cylinders were drilled out from the superstructure in both midspans 1-2 and 3-4, and each of the 
columns at support 4. In addition, during demolition of the bridge several 10, 16 and 25 mm 
diameter steel bars, and a specimen of the post-tensioned cables, were obtained for uniaxial 
tensile tests.
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Figure 5 – Arrangement for loading the bridge slab in span 2-3.
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4 INSTRUMENTATION

4.1 General description

To evaluate the bridge’s behaviour a comprehensive measuring programme was designed. This 
section summarises the instrumentation used to measure changes in monitored variables during 
the bridge girder and slab tests and the non-destructive tests with no external load. In addition, 
measurements during strengthening were carried out according to the description in previous 
section.

Before initiating any experimental investigation existing cracks in the entire span 2-3 and the 
half-spans 1-2 and 3-4 adjacent to the loaded span were mapped. The focus was on cracks in the 
girders, the crossing beams and the slab at the loading point. In order to follow the formation of 
cracks, the mapping was repeated after each test sequence. The cracks were mapped manually 
and their widths were not measured, apart from several cracks specified in the measuring 
programme.

In addition to the monitoring during bridge loading, long-term measurements were carried out 
during the nights before Preloading Test Schedules 1-2 and the failure test of the girders. The 
durations of the monitoring on these occasions were 22398, 21613 and 45558 s, respectively, 
and the same instrumentation was used as in the followed bridge loading, excluding manual 
measurements. Moreover, the bridge was examined when the anchorage device for the 
prestressed CFRP laminates was disassembled.

Most measurements of the bridge were generally acquired at a sampling frequency 5 Hz, except 
for the long-term measurements (1 Hz).

4.2 Girder test

A battery of instruments was installed before the tests of the longitudinal bridge girders to obtain 
as comprehensive measurements as possible, within budgetary constraints, of the resulting 
forces, displacements, curvatures, strains and temperatures. These measurements were 
complemented by monitoring using several video and still cameras. Data were acquired from all 
the instrumentation described in this section during the full programme of tests of the bridge 
girders unless otherwise stated.

Force
The applied load on the structure was measured by monitoring the oil pressure in each hydraulic 
jack (1-4), illustrated in Figure 4, using UNIK 5000 sensors (GE Measuring and Control;
A5075-TB-A1-CA-H1-PA), which have a measuring range between 0 and 600 bar.

Displacement
Displacements of the bridge were measured using the following instruments. Draw-wire 
displacement sensors (MICRO-EPSILON; WDS-500(1000)-P60-CR-P) were installed to 
measure deflections at positions 1-10 and 13-15 (Figure 6): in midspan 2-3 on the lower sides of 
the girders, and lower sides of the crossing beams 500 mm from the outer columns (positions 4-
5 and 9-10). All these sensors had a measuring length of 500 mm except those used at positions 
6-8 (1000 mm). Twisted lines connected each sensor to a reference point on the ground or the 
basement. 
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At positions 11 and 12 both the longitudinal and transverse displacement were monitored using 
Noptel PSM-200 sensor. The reference point for the horizontal displacement of the bridge slab 
at the centre line of support 3 was 150 mm perpendicularly away from the southern side of the 
basement. A transmitter was installed on the basement and a receiver on the lower side of the 
bridge slab, oriented vertically to the transmitter. The Noptel PSM-200 sensors were only active 
during the failure test of the bridge girders.In addition, the displacement of the basements’ upper 
side at support 2-3 was manually measured during the girder failure test, 500 mm against the 
centre of the bridge in transverse direction, in relation to positions 4-5 and 9-10, and the 
reference point was an unaffected point beside the bridge. For safety reasons, the incremental 
monitoring proceeded until a certain load was reached, 9.0 MN in total.

At positions 16-17 (Figure 6) longitudinal displacements of the upper part of the rolling 
bearings, i.e. the lower side of the girders, was measured using linear displacement sensors 
(Micro-Measurements; HS 100) with a 102 mm measurement range, and positions in the 
abutment as reference points.

In Preloading Test Schedule 1, load cases 15-27, the width of one crack in the centre of the 
lower side of each girder (110, 910 and 1380 mm east of midspan for the northern, central and 
southern girders, respectively) was measured, using crack opening displacement sensors 
(EPSILON; 3541-010-150-ST) with the measuring range of 10 mm. Data were also acquired 
from the sensor on the girder strengthened with laminates during Preloading Test Schedule 2 
and the bridge girder failure test.

Curvature
The curvature at support 2, support 3 and midspan 2-3 was measured over distances of 4.82, 
5.08 and 5.00 m, respectively, using rigs composed of steel beams, supported at the ends, and 
five linear displacement sensors with 800 mm spacing based. At the supports the rigs were 
located on the bridge slab, while the midspan rig was located under the girder. Due to the 
discontinuities at the supports, i.e. changes in directions of the girder, and straightness of the 
curvature rigs, the instrumentation was installed along the line of the central girder in span 2-3. 
The sensors were HS 100, HS 50 and HS 25 instruments (Micro-Measurements) with 
measurement ranges of 102, 51.5 and 26 mm, respectively, set at the positions increasingly 
distant from the centre of the rigs.
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Figure 6 – Positions of bridge displacement sensors.
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Strain
Strain gauges supplied by Kyowa were installed on the longitudinal and vertical reinforcing 
steel bars, CFRP rods and laminates, and the concrete surfaces of both the columns at supports 
2-3 and next to some major cracks during Preloading Test Schedule 1, load cases 15-27. All of 
these gauges had 120 ohm resistance, and those installed on the longitudinal reinforcing steel, 
stirrups or CFRPs and concrete had measuring lengths of 10, 5 and 60 mm, respectively (KFG-
10-120-C1-11L1M3R, KFG-5-120-C1-11L1M3R, KC-60-120-A1-11L1M3R). In total, 35
strain gauges were systematically arranged on the longitudinal reinforcing steel bars: at sections 
A-K in Figure 7 and cross-section positions 1-12 in Figure 8, 1879 mm from the centre lines of 
the supports on each side (B and J), and 1433 and 2226 mm from each side of midspan 2-3. The 
locations of the sections were at angles of 45° to the centre line of the supports and 60° and 45°, 
respectively, to the load distribution plates. On the reinforcement bars they were installed in the 
corners of the closed stirrups (Figure 8) except at positions 2, 5, 8 and 11, where they were 
located 1248 mm from the lower side of the girders. All the strain gauges, apart from those in 
the bridge slab, were placed on the side of the girders.

The locations of the sensors for each section and cross-section position, are specified in Table 2.
Due to the greater width of the girder in sections G-H and the corresponding increase in 
concrete cover strain gauges 25-28 were not used in the final measuring programme. Care was 
taken to avoid damaging the girder in any way that could potentially affect the quality of the 
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strengthening.

As illustrated in Figure 9, strain gauges were also installed in three lines on the vertical 
reinforcing steel on the northern side of the southern girder in span 2-3, at 900 mm spacing 
starting from the edge of the loading plate. Thus strain gauges 6-9 were located 1250 mm from 
the central point of the load application. Vertical distances from the bottom side of the girders to 
the sensors were 148, 548, 948 and 1348 mm, respectively.

In addition, an ARAMIS system in 5M configuration was used to optically record deformations
of the surface on the southern girder on the opposite side to the instrumentation of the vertical 
reinforcing steel, and accompanying software was utilised to analyse the strains. The optical 
monitoring was based on a grid, centred 2.0 m west of midspan 2-3, from the bottom of the 

Table 2 – Positions of strain measurements on longitudinal reinforcing steel.

No. Position1 No. Position1 No. Position1

1 A6 14 E4 27 H4
2 A12 15 E7 28 H7
3 B1 16 F1 29 I6
4 B2 17 F2 30 I12
5 B3 18 F3 31 J1
6 B6 19 F4 32 J2
7 B10 20 F5 33 J3
8 B11 21 F6 34 J6
9 B12 22 F7 35 J10

10 C6 23 F8 36 J11
11 C12 24 F9 37 J12
12 D4 25 G4 38 K6
13 D7 26 G7 39 K12

1 Section A-K in Figure 7 and cross-section position 1-12 in Figure 8
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Figure 9 – Positions of strain gauges on vertical reinforcing steel.
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girder. Thus, strain gauges 3-4 according to Figure 9, on the opposite side of the girder, were 
located within the monitored area, which theoretically covered 1050x880 mm.

In total 14 strain gauges were installed on the NSM CFRP rods and 10 on the prestressed CFRP 
laminates (Figure 10): gauges 1-8 recorded the strain at the western edge of the NSM 
strengthening; 9, 10 and 15 were located in the sections equipped with strain gauges on 
longitudinal reinforcing steel; 11 and 16-18 at midspan 2-3; 14-16 at major concrete cracks and 
19-24 next to the anchorage of the laminates.

To obtain the reaction forces in the columns adjacent to the load application in midspan 2-3, i.e. 
supports 2 and 3, the concrete strains were measured by installing a sensor 800 mm above the 
bottom in the centre of each side of each column. Before the bridge tests, the methodology of 
using strain gauges to determine the reaction forces was validated using load cells, while 
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Figure 10 – Geometry of bridge strengthening systems in span 2-3 and positions of the strain 
gauges on the NSM CFRP rods and prestressed CFRP laminates.
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preloading the column with hydraulic jacks and utilising the column’s vertical adjustment 
device.

On each side of the cracks instrumented by crack opening displacement (COD) sensors as 
described above, the concrete strains were measured. Like the COD sensors, the strain gauges 
were located in the centre of the lower side of the girders. These sensors were only active in 
Preloading Test Schedule 1, load cases 15-27.

Temperature
During the experiments temperatures were measured at several locations in midspan 2-3 (Figure 
11), using type T (04 N/N-24-TT) temperature wires inserted into holes to specified depths in 
relation to the concrete surface: 30 mm for positions 1, 3 and 6; 60 mm for positions 2 and 7; 50 
mm for positions 4 and 8; and 80 mm for position 5.

4.3 Slab test

Relevant instrumentation that was still intact after the girder failure tests, and complementary 
instrumentation, was used to monitor the behaviour of the bridge during the following bridge 
slab failure test. The sensors still active during this test were:

- the oil pressure sensor for hydraulic jack 1, as shown in Figure 4 and Figure 5,
- draw-wire sensors 4-7 and 14-15, as shown in Figure 6;
- strain gauges 1-39 as specified in Table 2, excluding gauges 12, 17 and 24-28, which 

were not used for various reasons;
- strain gauges 1-9 as shown in Figure 9, except gauge 8, which was out of order;
- strain gauges 1-24 installed on the columns at supports 2 and 3; 
- temperature wires 1-8, as shown in Figure 11.

Displacement
The above instrumentation was complemented with four draw-wire sensors, with similar 
specifications to the sensors utilised in previous tests. Two were located on the lower surface of 
the slab, at the centre of the load applications, to measure deflections, and two on the lower side 
of the northern longitudinal girder, in both cases 2.00 m on either side from midspan 2-3.

Curvature
To monitor curvature in the slab test the rigs used in the girder tests at supports 2 and 3 were 
installed on the top surface of the slab, parallel to the steel beam used for load application, 500 
and 1000 mm southern to the centre of the loading plates. The midpoint of this instrumentation
coincided with midspan 2-3.
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Figure 11 – Positions of temperature wires in the concrete at midspan 2-3.



78

4.4 Non-destructive test

Three strain gauges of the same type as previously specified for monitoring the concrete were 
used in the non-destructive tests to determine the residual forces in the post-tension cables, 
located in a line in the centre of the lower sides of each girder in span 2-3. In order to provide 
enough space to avoid damaging the sensors while cutting the concrete, the centre-centre 
distance was 120 mm, since the total length of the strain gauges was 74 mm with a 60 mm 
measuring length.

5 RESULTS

5.1 General description

In the experimental programme for the girder tests the bridge was instrumented with sensors at 
up to 141 positions in total, excluding the surface measurement using ARAMIS, and 93 sensors 
were used in the bridge slab failure test. General observations regarding the test procedures and 
the observed load-carrying capacity of the bridge are presented in this section.

5.2 Girder test

The loads applied in the preloading schedules and loading the bridge to failure, according to the 
recorded pressures in the hydraulic jacks, are illustrated in Figure 12 to Figure 14, which show 
that the preloading followed the schedules listed in Table 1, with minor deviations due to 
difficulties in manually controlling the oil pressure. In Preloading Test Schedule 1 (Figure 12)
the complementary instrumentation used to determine the remaining forces in post-tensioned 
cables was installed after approximately 7400 s. The time spent installing it (about 5.5 hours 
including associated operations) is not shown in the graph, but no corrections have been applied 
to the force-time courses shown in Figure 13.

Figure 12 – Observed loadings during Preloading Test Schedule 1, unstrengthened girder.
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In order to manually follow the basement settlements of the bridge safely, the loading was 
carried out stepwise up to a certain level, see Figure 14. Another reason for the irregularity in 
the loading procedure was the limited stroke length of the hydraulic jacks, which required the 
grip position to be changed several times to accommodate longer deflections of the bridge.

After applying a total load of 12.0 MN (4.0 MN for each girder), the pressure in jack 4 was 
increased to reach failure of the southern gird§er, while the pressure in the other jacks remained 
nearly constant. However, the pressure in jacks 1 and 4 slightly decreased as the central girder
was loaded to failure using jacks 2-3, in responses related to the deformations of the bridge.

Deflections of the bridge are illustrated by the load-displacement curve in Figure 15, showing 
the relationship between the total load and midspan deflection of the central girder. Figure 15

Figure 13 – Observed loadings during Preloading Test Schedule 2, strengthened girders.

Figure 14 – Observed loadings during the bridge girders failure test.
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also presents the behaviour according to finite element analysis with 2D and 3D idealisation in 
the software ATENA and ABAQUS, respectively. Unfortunately, draw-wire sensor 8 (Figure 6), 
was damaged during the test, so the midspan deflection of the southern girder is not available for 
the entire test. The highest loads the longitudinal southern and central girders were subjected to 
induced deflections of 136 and 159 mm, respectively (Figure 15). However, the bridge loading 
was further continued. The shapes of the girders after the test are shown in the photograph in 
Figure 16. The peak load at loading the southern girder to failure was 13.4 MN (5.5 MN in jack 
1) and 12.7 MN for the central girder (6.1 MN in total in jacks 2-3).

5.3 Slab test

The data acquired from the specified test setup indicate that the load-carrying capacity of the 
bridge slab was 3.32 MN. Thus, the load transferred in each loading plate was 1.66 MN. The 
slab failed only at the western load distribution plate, displaying very brittle behaviour with no 

Figure 15 – Load-displacement relationship during the bridge girder failure test. 

Figure 16 – Photograph of the bridge girders after failure, view from the south (2014-08-26).
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appreciable indication of the failure. In Figure 17 the final shape of the bridge slab is presented 
from underneath the bridge. Due to the arrangement of the test setup and type of failure it was 
not possible to further load the slab to achieve failure at the eastern load distribution plate.

6 CONCLUSIONS

Closure of the Kiruna Bridge provided a rare opportunity for LTU to monitor a post-tensioned 
concrete bridge during tests to failure using a wide array of instruments, from May to August 
2014. The primary aim was to acquire relevant data for calibration and development of methods 
for assessing prestressed and post-tensioned concrete structures. The results acquired during the 
investigations reported in this paper suggest that the following parameters warrant further 
attention:

- Robustness, ductility and bridge behaviour;
- Shear resistance at ultimate limit state;
- The utility, behaviour and contributions to increases in capacity of strengthening 

methods using CFRPs;
- Punching resistance of bridge slabs;
- Condition of post-tensioned steel cables and non-destructive determination of residual 

forces;
- Reliability-based analysis of reinforced concrete structures;
- Finite element model updating.

Detailed analyses of these parameters would greatly facilitate improvements in models for 
assessing existing concrete structures and thus savings of costs, for bridge owners and managers.
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Figure 17 – Photograph of the bridge slab failure, view from south (2014-06-27).
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ABSTRACT

The packing density of aggregates is of great importance in 
concrete mix design as obtaining a higher packing density leads to 
less usage of cement paste which has technical, environmental and 
economic benefits. It is thus of interest to model particle packing
correctly. Hence, in this study, packing densities of seven mixes of 
aggregate were attained in the laboratory using the loose packing 
method and were compared to values suggested by three models:
4C, Compressible Packing Model and Modified Toufar Model.
Modified Toufar showed 1.7% mean difference from the 
laboratory values while CPM and 4C had mean differences of
1.8% and 1.9% respectively. In addition, it was found that some of 
the models are preferable in certain mixtures.

Keywords: Aggregates, Loose Packing, Mix Design, CPM, 4C, 
Modified Toufar
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1.           INTRODUCTION

Aggregate is a major component of the concrete, occupying 60% to 80% of its total volume. 
Increasing the amount of aggregates corresponds to less usage of cement in the concrete which 
has several beneficial effects, e.g. reduction in the cost of producing concrete, decrease in most 
of the durability problems of hardened concrete, reducing shrinkage and cracking, etc.

In addition, reduction in usage of cement leads to a decrease in pollution caused by its 
production. The cement industry produces about 5% of global man-made CO2 emissions; the
amount of CO2 emitted by the cement industry can be as high as 900 kg of CO2 for every 1000 
kg of cement produced [1]. It should be noted that the cement industry worldwide and 
especially in Scandinavia and Europe takes its responsibility and strong efforts are taken to 
reduce the CO2 emissions at production. Some companies have formulated a zero-vision [2] and 
others are engaged in carbon capturing of emitted gas see [3] describing a Heidelberg Cement 
supported project. Also, concrete producers are now striving to reduce the amount of clinker and 
thus CO2 by replacements such as fly ash, blast furnace slag, lime stone filler etc. 

The packing density concept can be used as a part of concrete mix design with the aim of
minimizing the inter-particle voids between the constituents of concrete in order to reduce the 
paste demand. Packing density is the ratio of the volume of solids to the bulk volume of the 
solid particles [4, 5]. The date for one of the first articles on particle packing goes as far as 1892 
[6] further researches were conducted mainly concentrating on designing an ideal aggregate size 
distribution curve [7, 8]. In 1929 the first analytical packing model was designed to predict the 
void ratio of a mixture of two particle groups [9]. Since then, plenty of researches were
conducted on the subject resulting in development of several analytical models and computer-
aided mix design software.

Particle packing models can be used as a tool to determine the optimum combination of 
aggregate mix constitutes that will provide a maximum packing density and minimize the 
remaining voids. Although it has been recognized nowadays that the binder phase can also be 
graded just as the aggregate phase for the purpose of achieving tight particle packing or 
minimum void, research results have shown that improvements achieved in the reduction of 
void ratio are far greater with the aggregate phase than with the binder phase [10].

The aim of this paper is to examine the reliability and accuracy of analytical particle packing 
models by comparing the suggested values by the models to actual aggregate packing values 
obtained in the laboratory.  For this purpose, three of more common packing models –Modified 
Toufar, 4C and CPM- were studied. The results from this type of study can assist the 
development of future mix design philosophies. 

The study only dealt with the precision of packing models considering solely dry aggregates.

2.          PARTICLE PACKING MODELS

As mentioned above, it is of extreme importance to minimize voids for optimising concrete 
mixes. In order to fulfil this requirement it is vital to select an acceptably accurate packing 
model to estimate the packing density. A number of particle packing models were developed 
over the past 80 years. However, some of them were proved to be unsuitable for concrete mix 
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constituent proportioning [11, 12]. Among the remaining models, three of more common ones 
were chosen and are described briefly in the following sections.

2.1.       Modified Toufar

According to Toufar et al. [13] the packing density depends on the diameter ratio of the two 
particle class that are to be mixed. It is assumed that each of fine particles is placed between 
exactly four of the course particles. The Toufar model was later modified by Golterman et al.
[14] since it was shown that the original model predicts that the packing density of a sample of 
coarse particles does not increase when a small amount of fine particles is added to the coarse 
particles, which is in contrast with reality. 

The required input data for Modified Toufar model includes packing density φ and characteristic 
diameter dchar of each material that is used in the combination. Modified Toufar model can be 
used for estimating packing density of a multicomponent system. However, calculation of multi-
component mixtures based on this procedure tends to underestimate the packing density [15].
On the other hand Modified Toufar model is fairly easy to use and can be implemented in a 
spreadsheet with a little effort. 

2.2.     4C Model 

4C is a computer program developed by Danish Technological Institute and is based on the 
Linear Packing Density Model (LPDM). The Linear Packing Density Model can be used to 
optimize the grading curve of a concrete mixture. The key elements of the LPDM used to 
determine packing density are:

i. Calibrate the eigenpacking density ai of each constituent material
ii. Calculate ai of combination for each clustered size class di
iii. Calculate yi (volume) of combination for each clustered size class di
iv. Claculate the total packing density

The Linear Packing Density Model can predict the packing density for several particle classes, 
which makes the model suitable for real concrete mixtures [10]. The accuracy of the model 
depends on interaction formulas which are relations derived from the packing density of two-
component mixtures [16, 17].  4C packing model uses μ-value as an interaction factor which 
indicates possible maximum ratio (size) between small and large particles without the smaller 
particle interfering with the packing of the larger particles. For the purpose of this study three 
values of μ were compared to actual data obtained from laboratory tests. It should be mentioned 
that μ is an empirical value and needs to be calibrated based on the laboratory data.

2.3.      Compressible Packing Model (CPM)

The CPM is a refined version of a previous model (LPDM) for grain mixtures [18]. The 
Compressible Packing Model calculates packing density via the virtual compactness βi instead 
of ai (eigenpacking) and a compaction index K. Virtual packing density is defined as the 
maximum potential packing density of a mixture if the particles would have been placed one by 
one in such a way that they use the minimum amount of space. 

Obviously, the virtual packing density is higher than the real packing density. The difference 
depends on the applied compaction energy. To drive the real packing density from virtual 
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density, compaction index K is used; the value of K depends on the compaction energy applied 
to the mixture. K index was suggested to have the value of 4.1, 4.5, 4.75 and 9 for loose 
packing, rodding, vibration and vibration+compression respectively. Figure 1 shows the effect 
of compaction index on packing density of a mixture based on CPM [18].

a) b)

Figure1: (a) Effect of K value on compaction where actual packing densities of two classes 
assumed to be constant. (b) Variation of K vs. packing density [18].

LPDM can be considered as a special case of CPM for which the compaction index K tends to 
infinity. 

Another difference between 4C and CPM is in the way that models handle the interaction of 
packing densities of components in the mixture. While this is implanted in 4C by means of μ-
value, CPM suggest calculating the effect by using mathematical formulas.

In order to use the CPM model, packing density of each fraction, mean diameter and K-value 
needs to be introduced to the model. CPM can be used to predict the packing density/void ratio 
for combination of any given number of fractions. However, comparing to the other two models
CPM is more complex and requires more input data. 

3.          MATERIALS AND METHODS

3.1.       Materials

Seven binary aggregate mixtures were made out of eight fractions of three quarries. The mixes 
were made in several steps by adding 10% to 20% of volume of fines to coarse material in each 
step for every binary mixture. Table 1 shows the consumables used in the experiments, Figure 2
illustrates the sieving curves for the materials and Table 2 shows the ingredients for the 
mixtures.
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Table 1 – Aggregates used for the experiments
Quarry Type Fraction
Riksten Natural 0 - 4 mm

8 - 16mm
Riksten Crushed 0 - 2 mm

0 - 4 mm
4 - 8 mm
8 - 16 mm

Ledinge Cubic crushed 0 - 4 mm
8 - 16 mm

 

Figure 2 – aggregate sieving curves

Table 2 – Mixtures ingredients
Combo Fine Coarse d50(fine) / d50(coarse)*
Mix1 Riksten Crushed 0-4 mm Riksten Crushed 8-16 mm 0.12
Mix2 Riksten Crushed 0-2 mm Riksten Crushed 8-16 mm 0.09
Mix3 Riksten Crushed 4-8 mm Riksten Crushed 8-16 mm 0.52
Mix4 Riksten Natural 0-4 mm Riksten Natural 8-16 mm 0.08
Mix5 Ledinge Cubic Crushed 0-4 mm** Ledinge Cubic Crushed 8-16 mm 0.07
Mix6 Ledinge Cubic Crushed 0-4 mm Riksten Natural 8-16 mm 0.09
Mix7 Riksten Natural 0-4 mm Ledinge Cubic Crushed 8-16 mm 0.07
* The ratio of mean diameter of fine aggregate class to mean diameter of coarse aggregate class.
**crushed aggregates formed in a crusher to a cubic shape so they become less angular.

3.2.       Packing Method

The packing densities for each of listed materials and their mixtures were determined according 
to European standard EN-1097:3 [19] by means of pouring the aggregate in a standard cylinder 
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form the distance of maximum 50mm. The dry particle densities and the bulk densities were 
determined and their packing densities were calculated as the ratio of bulk density of the 
aggregate to the solid density of the dry aggregate particles. Table 3 shows packing density of 
aggregates.

Table 3 – Packing density of aggregates in un-compacted condition
Quarry Fraction Bulk density (kg/m3) Particle density 

(kg/m3)
Packing density*

Riksten Natural 0-4 mm 1682 2645 0.636
8-16 mm 1642 2645 0.621

Riksten Crushed 0-2 mm 1572 2674 0.588
0-4 mm 1695 2674 0.634
4-8 mm 1342 2674 0.502

8-16 mm 1562 2674 0.584
Ledinge Cubic Crushed 0-4 mm 1863 3064 0.608

8-16 mm 1657 3064 0.541
* Particle packing densities were corrected for cylinder wall effect.

4.          RESULTS

Figure 3 illustrates the results of packing densities obtained from the laboratory experiment 
versus Modified Toufar model, 4C and CPM. For the purpose of sensitivity analysis three 
different μ-values were introduced in 4C software as 0.07, 0.05 and 0.03. The models’
estimation had a point to point deviation of 0.5 % to 5.8 % in packing density comparing to the 
laboratory data. The least error occurred in mixtures with higher mean diameter ratio between 
fine and coarse aggregate fractions. The maximum error took place in prediction of packing 
densities for mixtures combined of natural aggregate as coarse and cubic crushed material as 
fine.

Figure 4 shows the total comparison of differences between measured and calculated packing 
densities. Considering all the data obtained in the laboratory, Modified Toufar showed 1.7 % 
mean difference while the mean difference for CPM and 4C were 1.8 % and 1.9 % respectively. 
However, comparing each mixture leads to different values as some of the models are more 
suitable with specific mixtures; see Table 4 in Section 5.

For the purpose of unified comparison only results with assumption of μ-value = 0.07 was 
considered for 4C model as this number is suggested in 4C manual and furthermore, it is not 
possible to choose the best value of μ prior to conducting actual laboratory tests.
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Figure 3 – Packing densities of binary mixes, models vs. lab data.
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Figure 4 – Comparison of difference between calculated and measured values 

5.          DISCUSSION AND CONCLUSION

There were some subtle differences between the models: Modified Toufar and CPM suggested
more or less the same values of fine percentage corresponding to the packing density. However, 
CPM slightly overestimated packing values comparing to Modified Toufar model. This is in 
agreement with what was concluded earlier by Jones et al. [10]. Both CPM and Modified 
Toufar overestimated the packing density where volume of fines engaged in the mixture was
less than 40% of the total volume. 4C tends to behave more inconsistently with variation of 
mixtures.

According to Figure 4, Modified Toufar’s predictions show the least deviation from the 
measured packing densities (1.7%). However, it had been showed that the model’s accuracy 
decreases as the number of ingredients in a mixture increases [15].

CPM was able to predict the packing density with a mean difference of 1.8%. CPM is more 
suitable for using with multicomponent mixtures as it was formulated in a way that theoretically 
it can predict packing density of any given number of fractions in one equation, the same cannot 
be said about Toufar as for Modified Toufar model, packing density of classes of aggregates 
need to be calculated in a binary system and then the result should be added to a third class and 

Line of Equality

a) Modified Toufar
Mean difference = 1.7% 

b) CPM
Mean difference = 1.8% 

Line of Equality

c) 4C μ=0.07
Mean difference = 1.9% 

Line of Equality
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so on. 4C is capable of calculating the packing density for a mixture with up to three constitutes.
However, for a binary mixture, Toufar is preferable comparing to CPM and 4C as it has higher 
accuracy and is simpler to use.

It should be mentioned that, all of the models trends merge and became more in agreement with 
each other and the laboratory data on the finer side of the packing diagrams. 

In order to compare the data in more detail, Table 4 is presented which shows the mean 
difference between the calculated data by each of three models and measured values for each 
mixture. It should be mentioned that for the calculation of mean difference, only the data 
corresponding to 40 % to 60 % of fine/ total volume of aggregate was taken into account. The 
reason for choosing the mentioned range is firstly, the maximum packing density usually occurs 
in this domain and secondly, it is more practical to have concrete recipes with 40 % to 60 % of 
fine / total volume of aggregate since using more than 60 % of fines will lead to a very viscous 
concrete with large demand for superplasticizer and less than 40% of fines results in “too stony” 
concrete.

Table 4 – Comparison of models suitability on each mixture
Combo d50(fine) /

d50(coarse)

Mean difference Suitability
M.Toufar CPM 4C High Medium Low N/A

Mix1 0.12 0.78% 1.86% 1.37% 4C, Toufar CPM -- --
Mix2 0.09 1.12% 0.98% 1.64% CPM, Toufar 4C -- --
Mix3 0.52 1.83% 3.40% 1.40% 4C Toufar -- CPM
Mix4 0.08 1.24% 1.07% 1.67% CPM, Toufar 4C -- --
Mix5 0.07 1.62% 1.99% 1.62% 4C, Toufar 4C, Toufar, CPM -- --
Mix6 0.09 1.80% 1.34% 3.94% CPM Toufar -- 4C
Mix7 0.07 2.65% 1.75% 1.52% 4C CPM Toufar --

Note that in Table 4, suitability of the models was decided based on the mean difference from 
the laboratory data where high suitability was assigned to predictions with less than 1.5 % mean 
difference, medium was used for predictions with mean difference between 1.5 % to 2 % and 
low suitability for predictions with error higher than 2 % and finally, predictions with error 
higher than 3 % were considered as unsuitable. The criterion can be justified by the fact that 
trials in the lab consisted of up to 2% variation in the packing density due to changes of size 
distribution and randomness of aggregate shapes in the quarries.

Results from Table 4 imply that as the mean size ratio of fines over coarse material decreases 
the accuracy of CPM and Modified Toufar increase. Contrariwise, 4C is more suitable with 
higher mean size ratios. Note that Mix6 was consisting of cubic crushed materials as fine and 
natural aggregate as coarse; this led to incapability of 4C model to predict the packing density 
with good accuracy. Nevertheless, further work is necessary to examine the effect of changes in 
packing density of a mixture on workability of concrete so that a basis for acceptable error range
of packing density/void ratio prediction of the models can be established.
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ABSTRACT
As plastic shrinkage cracking can dramatically reduce the 
durability of a concrete member and causes considerable repair 
costs annually, a comprehensive understanding of the mechanism 
of the phenomenon is essential to prevent these damages in future. 
In this paper, an overview is given on the mechanism of plastic 
shrinkage crack formation and the status of present technologies 
avoiding the cracking are reported through referring to previously 
conducted research and observations. 
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1.  INTRODUCTION
 
Crack-free concrete structures are needed in order to ensure high level of durability and 
functionality, since cracks accelerate the ingress of harmful materials that might cause damage 
in future, e.g. corrosion of the reinforcement [1]. Plastic shrinkage cracking of concrete is often 
the first type of cracks occurring shortly (within the first few hours) after placing the concrete, 
even before initial setting [1-4]. As known also settlement cracks can occur very early. 
According to ACI 305R [5]: “Plastic shrinkage cracking is frequently associated with hot 
weather concreting in arid climates. It occurs in exposed concrete, primarily in flat work but also 
in beams and footings and may develop in other climates whenever the evaporation rate is 
greater than the rate at which the water rises to the surface of recently placed concrete by 
bleeding”. It is thus understood that this type of cracking, mainly occurring on horizontal 
concrete elements with large surface to volume ratio (such as slabs, pavements, beams, etc.), can 
dramatically affect the aesthetics, durability and serviceability of the structure [6, 7].

The main reason behind plastic shrinkage cracking is considered to be rapid and excessive 
surface water evaporation of the concrete element in the plastic stage (freshly cast concrete) 
which in turn leads to the so-called plastic or capillary shrinkage [2-5, 8-17]. Consequently, 
many factors affect the likelihood of plastic shrinkage crack formation such as water-cement 
ratio, admixture, member size, fines content, concrete surface temperature and ambient 
conditions (i.e. relative humidity, air temperature and wind velocity). All these factors influence 
the water evaporation rate of the concrete which is considered, among others, as an indication of 
the possible beginning of the plastic shrinkage cracking [18]. As long as the evaporation rate is 
less than the bleeding rate, a thin water film covers the surface of the concrete. Soon after the 
disappearance of this thin water layer, capillary pressure inside the concrete increases, which 
results in the so called plastic shrinkage. It should be mentioned here that the bleeding can be 
very small or not existing at all for concretes of low water/cement ratio, e. g. those designed for 
fast drying through self-desiccation.. 

If the concrete member is restrained in any way (e.g. due to reinforcement, change of sectional 
depth, difference in shrinkage in different parts of the concrete, friction of the mould, etc.) , the 
developed shrinkage can cause tensile strain accumulation, starting from the concrete surface. 
When the tensile strain exceeds the tensile strain capacity of the concrete, which at early ages is 
very low, cracks start to form [19]. In many cases, plastic shrinkage cracks are so thin 
(sometimes invisible to an unaided eye) which can be overlooked or covered by the surface 
finishing [2]. However, later on phenomena such as external loading, thermal strain, or drying 
shrinkage can widen the crack which as mentioned earlier negatively influences the 
serviceability of the concrete structure.   

Plastic shrinkage cracking, in general, is a complex combination of interdependent variables 
which can facilitate or prevent the phenomenon under different circumstances. Thus, studying 
plastic shrinkage cracking requires a high level of persistence and intense theoretical and 
experimental investigation.

In this paper, the phenomenon of plastic shrinkage cracking in concrete is investigated and an 
attempt is made to reach a comprehensive perspective of the formation process and mechanism. 
In addition several variables such as water/cement ratio, thickness of the concrete section, fines 
content, additives, and fibres are briefly described. This research is based on the achievements 
reported by several researchers around the world and aims to present a state of the art in order to 
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make plastic shrinkage cracking in concrete clearer and more understandable. The work intends 
to constitute a base of future research at Luleå University of Technology. 

2. MECHANISM OF PLASTIC SHRINKAGE CRACKING 
 
In order to gain a general comprehension of the plastic shrinkage cracking phenomenon, 
initially, it is important to have a picture, as clear as possible, regarding the mechanism of 
plastic shrinkage crack formation. In Fig.1 (quoted from [6]), the process of plastic shrinkage 
crack formation is schematically explained. Based on the interaction between the plotted lines 
(factors), various milestones (i.e. drying time, air entry time, crack onset time, etc.) can be 
defined.

After placing the concrete in its mould, if not a high performance concrete or similar is used, a 
thin film of water covers the surface and an interconnected pore system, completely filled with 
water is formed [2]. Shortly later the drying time (TD) is reached when the water evaporation 
rate exceeds the bleeding rate of the concrete (see Fig.1). In this case the thin water film is 
disappeared due to evaporation and the water in the pore system starts to evaporate [20]. This 
moment is the onset of capillary pressure rise which converts it from a compressive pressure to a 
tensile pressure. The reason that capillary pressure is compressive before drying time is the 
existence of the internal water pressure in the concrete [20]. The capillary pressure keeps 
increasing until air breaks through the pore system, starting from the largest pores. This time is 
defined as the air entry time [17]. Consequently, the capillary pressure drops down suddenly and 
dramatically since the paste can no longer resist the tensile capillary pressure. Value of the 
capillary pressure at the air entry time is critical since the empty pores form weak points at the 
concrete surface which can be the origin of strain localization and cracking [2]. 

Based on the above, plastic shrinkage cracking is mainly related to the evaporation rate and 
bleeding rate of the concrete. These factors in addition to capillary pressure and tensile strain 
play the key role in the mechanism of plastic shrinkage cracking [2, 6, 18, 21]. These parameters 
are discussed briefly in the following sections.

 
Figure 1 - Typical behaviour of plastic shrinkage crack [6]
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3. EVAPORATION 
 
The evaporation is considered as an indicator for the probability of plastic shrinkage cracking 
onset in freshly placed concrete. For instance, according to ACI, precautions must be taken 
when the water evaporation rate is equal to or more than 1.0 kg/m2/hr [5]. Nevertheless, some 
experimental results show that this value may be too high for some modern concrete 
compositions, i.e. plastic shrinkage cracking may occur at evaporation rate of 0.2 kg/m2/hr under 
hot weather conditions [12].

Water evaporation in concrete occurs due to a) heat energy absorption into the water, e.g. air 
temperature, concrete temperature, solar radiation; b) low humidity, i.e. the ambient pressure is 
less than that in the water [18]. Accumulation of escaping water molecules above the water 
surface increases the humidity and consequently decreases the evaporation, especially when the 
concrete perimeter is closed. Thus, wind can accelerate the process as it removes the escaping 
water molecules.  

As can be comprehended from the above, the environmental factors that can highly influence the 
water evaporation rate are air temperature, concrete (water surface) temperature, wind and 
humidity. These factors are used in the ACI nomograph for estimating rate of surface water 
evaporation in concrete (see Fig.2). The outcome of this nomograph is a value for the 
evaporation rate of the concrete, in which provides an indication of the possible onset of plastic 
shrinkage cracking [18]. This nomograph was first developed by Bloem in 1960 [22] who  in 
turn used the numerical values presented in a  table by Lerch in 1957 [3]. The values in the table 
were derived using a formula presented by Menzel in 1954, expressed as Eq.1 (only available in 
imperial unit system)[23]:

W = 0.44(e0 – ea)(0.253 + 0.096 V)                                                                           (1)

where: 
W = weight (lb) of water evaporated per square foot of surface per hour (lb/ft2/hr),
e0 = pressure of saturated vapour at the temperature of the evaporating surface, (psi)
ea = vapour pressure of the ambient  air, (psi)
V = Average horizontal air and wind speed measured at about 20 inches (500 mm) above the 
concrete surface, (mph).

In 1998, based on Menzel’s formula, Uno [18] proposed a single operation equation to predict 
the water evaporation rate. The new formula does not use vapour pressure as input since a 
temperature-vapour pressure relationship has already been incorporated in the formula. The 
correlation coefficient of this relationship is 0.99 for the temperature range 15 to 35 ̊ C [18].
The formula is expressed as:

E = 5([Tc + 18]2.5 – r . [Ta + 18]2.5)(V + 4) ×10-6                                                     (2)

where
E = water evaporation rate, (kg/m2/h)
Tc = Concrete (water surface) temperature, (˚C)
Ta = air temperature, (˚C)
R = relative humidity, (%)
V = wind velocity, (km/hr).
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This formula is widely used since the establishment. Comparison between Menzel and Uno’s 
formula shows almost complete accordance in the results. In addition both formulas give almost 
similar evaporation rates to those extracted from the ACI nomograph. However, even if the 
water evaporation rate is accurately determined based on the above mentioned methods, still 
there is no guarantee that it can be applicable and reliable indicator of the cracking onset. That is 
due to the fact that, as mentioned earlier, the evaporation rate has to exceed the concrete bleed 
rate in order to cause plastic shrinkage [25].

Figure 2 – ACI nomograph for estimating surface water evaporation rate of concrete i e. the 
“ACI Hot Weather Concreting Evaporation Nomograph” [5].

4. BLEEDING 

Bleeding is defined as the ascending of the mixing water to the concrete surface. Typically, it 
occurs as the result of settlement and consolidation of freshly placed concrete under the 
gravitational force [26]. It occurs due to the inability of the solid particles to retain the water 
during the settlement. There are two independent driving forces which cause bleeding in 
concrete: the gravity which settles the solid particles of the concrete mixture, and the capillary 
pressure (suction) which occurs after the thin water layer on the surface has disappeared [16].
Bleeding rate can be measured experimentally using some standard methods such as the 
Australian standard [27] or according to ASTM C232/C232M [28].
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In general, bleeding depends on the water/cement ratio, particle size distribution, viscosity of the 
concrete and the rate of hydration [6]. In addition, the depth of the concrete member can
influence the bleeding rate [2]. Bleeding typically stops when the hydration products are 
abundant enough to prevent any further concrete settlement, which is the description of the state 
at the initial setting time of the concrete [29].

The assumed range of bleeding rate for concrete has decreased during the past century. Until 
1960, it ranged from 0.5 to 1.5 kg/m2/h [16, 18]. However, in modern concretes, bleeding rate is 
considerably decreased to less than 1 kg/m2/h [16]. The reason lies in the general desire of 
gaining less bleed rate in order to achieve higher mechanical properties and less permeability in 
the modern concretes through lowering w/c ratio and increasing fine cement, fly ash and silica 
fume content in the mixture. The final product then, is a concrete with extremely low or even 
zero bleeding rate [30].

Although a certain level of bleeding might be desirable in order to replace evaporated water and 
keep the surface wet, it should be noted that excessive bleeding in turn, may cause various 
damages as well. These damages include plastic settlement cracking, surface laitance formation, 
longer finishing time, strength decrease and lower bonding between the solid particles [12, 16].

5. CAPILLARY PRESSURE
 
Capillary pressure (also referred to as matric suction, capillary tension or capillary suction) is as 
discussed earlier the origin of plastic shrinkage cracking. It is highly influenced by the water 
evaporation rate of the concrete. Therefore, capillary pressure can be considered as another 
indicator for the risk of shrinkage cracking onset.

5.1 Capillary pressure build-up mechanism 
 
Plastic or capillary shrinkage is a result of a physical process which builds up negative pore 
pressure in the liquid phase of the cementitious material [2, 11]. As mentioned before, after 
casting the concrete, a thin plane film of water covers the surface of the concrete member and an 
interconnected pore system, completely filled with water is formed (Fig.3, Level A). As long as 
the evaporation rate is less than the bleeding rate, the surface remains covered by this thin water 
layer. However, the thickness of this layer decreases gradually, as a result of evaporation. Once 
the water layer disappears, the adhesive force and surface tension of water form menisci 
between the solid particles of the paste (Fig.3, Level B and Fig.4).  These menisci cause 
negative pressure (tensile capillary pressure) in the concrete pore system. The description of this 
phenomenon lies in the Young-Laplace equation when the pores are assumed perpendicular to 
the concrete surface:

     θγ cos2
⋅−=

R
P                                                                                                      (3)

where
P= pressure in the pore liquid, (Pa) 
R = radius of the meniscus, (m), see Fig.4

= surface tension of the pore liquid (0.073 N/m for water)
θ = wetting angle, (deg.).
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Cementitious materials are considered as siliceous materials i.e. full wetting material. In such 
material the wetting angle is 0. 

The negative capillary pressure, applies inward force on the solid particles at the concrete 
surface. As the evaporation continues, the radius of the menisci in the pore system gradually 
decreases (Fig.3, Level C). Consequently, the capillary pressure keeps rising, causing 
contraction of the material. So far the contraction induced volume change approximately equals 
the volume of the evaporated water [17].

Figure 3 – Mechanism of capillary pressure build-up. The upper part of the figure shows 
evaporation and bleeding vs. time after placement (see also Fig. 1) [2].

Figure 4 – Water meniscus in a pore. 
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As the capillary pressure increases, the radius of the meniscus decreases until it becomes equal 
to the minimum radius of the associated pore (Fig.3, Level D). The rise of the capillary pressure 
continues until at a certain value, the menisci break and let air penetrates the pore system (Fig.3, 
Level E). Once this happens, the capillary pressure dramatically drops down to almost zero i.e. it 
breaks down. The moment when capillary pressure breaks down and air penetrates into the pore 
system is called air-entry time. 

It should be noted that due to the irregularity of particle arrangement in the concrete paste, air 
entry does not occur simultaneously in all pores [17]. In other words, air entry is rather a local 
event than a universal one. Therefore, different values for maximum capillary pressure may be 
measured in different parts of the concrete member. For example, Slowik [29] in 2008 
performed an experiment on cement paste samples, using two pressure sensors in different 
locations. Each sensor measured different maximum capillary pressure (Fig.5). Thus, the 
maximum capillary pressure at a certain location does not represent the absolute maximum 
capillary pressure in the concrete. In addition, the capillary pressure may break down if the 
sensor tip penetrates an air bubble inside the concrete [17].

Figure 5 – Difference in maximum absolute capillary pressure in different locations [29].

Based on Carman [31], an equation was proposed by Powers [25] for determining maximum 
capillary tensile pressure in concrete, which was modified by Cohen [10]:

c
w

SP ⋅
×= − γ3101                                                                                                         (4)

where
P= capillary tensile pressure, (Pa) 

= surface tension of the pore liquid (0.073 N/m for water)
S = mass specific surface area of cement, (m2/kg)

c
w = water/cement ratio by mass, (-)

The constant 10-3 has the dimension mass density (kg/m3). 
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According to Eq.4, capillary pressure (P) is directly proportional to γ and S, and inversely 
proportional to w/c ratio. It means that keeping other variables constant, concrete with higher 
w/c ratio and lower γ and S is less suspected to experience plastic shrinkage cracking [16].

Furthermore, based on Eq.4, assuming constant γ and w/c ratio, capillary pressure (P) is 
directly proportional to mass specific surface area of cement (S). In other word, maintaining all 
conditions similar, any difference in plastic shrinkage characteristics (i.e. strain and cracking) 
would be due to the difference in surface area or particle size of the solid material [10]. This was 
also observed in Eq.5 proposed by Pihlajavaara [32] to determine the capillary pressure in 
concrete with spherical non-porous solid aggregates: 

ργ ⋅⋅⋅×= − SP 7106.2                                                                                                                   (5) 
 
where
P= capillary tensile pressure, (Pa) 

= surface tension of the pore liquid (0.073 N/m for water)
S = mass specific surface area of cement, (m2/kg)
ρ = solid density of cement, (kg/m3)
The constant 2.6×10-7 is dimensionless. 

The maximum absolute capillary pressure, P, is considered critical since - after breaking down -
creates weak points at the surface of the concrete. If the concrete is restrained, these weak spots, 
eventually, may be origins of strain localization and crack initiation along a line which connects 
them. 

Based on the above mentioned facts, the capillary pressure in the concrete must kept less than 
the air entry value to prevent any strain localization and cracking onset. This typically takes 
place through preventing the surface water evaporation

5.2 Capillary pressure measurement
 
Capillary pressure in concrete is typically measured using pressure sensors such as those showed 
in Fig. 6.  The tip of the sensor is filled with water which allows in-situ negative fluid pressure 
measurement. The tip of the sensor should penetrate the concrete by about 50 mm. In this case, 
the weight of the sensor is supported by the sensor tip. A recording device, then, collects all the 
data from the pressure sensors, which makes it possible to plot them versus time in a diagram. 
Both wired and wireless sensors are now available on the market.

6. TENSILE STRAIN 
 
As previously mentioned, increasing capillary pressure leads to plastic shrinkage in the concrete. 
If the concrete is restrained (e.g. due to reinforcement, change of sectional depth, difference in 
shrinkage in different parts of the concrete, friction of the mould, etc.), this plastic shrinkage 
causes mechanical tensile strain (i.e. if the plastic shrinkage can develop freely, it will not 
induce any cracking). On the other hand, experiments have shown that strain capacity reaches its 
lowest value around the initial setting time of the concrete (see Fig.7) [6]. Once the strain 
capacity is less than the mechanical tensile strain, the concrete starts to crack. 
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Figure 6 – Wired and wireless pressure sensors [2]

 
Figure 7 – Tensile strain capacity of fresh concrete [6].

As it was mentioned in section 2, plastic shrinkage cracks, typically, are visible after the initial 
setting time of the concrete (see Fig.1), which confirms the above mentioned fact. Hence, plastic 
shrinkage induced tensile strain can be another indicator of the cracking risk.

Several researchers have taken this fact into account and developed models to estimate the 
plastic shrinkage cracking risk based on the tensile strain in the concrete. Boshoff [6] in 2013, 
proposed a so-called “PShC severity model” to predict the plastic shrinkage cracking degree: 

PShC = ER × tset ̶ Wbl                                                                                             (6)

where
ER = evaporation rate, (kg/m2/h)
tset = the time between casting and the initial setting time, (hr)
Wbl = the total bleed water, (kg/m2).
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According to this model, the severity of plastic shrinkage cracking is dependent on the plastic 
shrinkage strain which is directly related to the rate of water evaporation, hardening time of the 
concrete (initial setting time) and bleeding characteristics [6].  In other word, it relates the 
severity of plastic shrinkage cracking to the amount of the evaporated water (total amount of 
evaporated water, minus the bleed water) from within the concrete, between the casting and 
initial setting time [6].

7.        MAIN FACTORS AFFECTING PLASTIC SHRINKAGE CRACKING

So far, the main parameters in the mechanism of plastic shrinkage formation, (i.e. evaporation 
rate, bleeding rate, capillary pressure and tensile strain) and the relation between them have been 
briefly described. Fig. 8 is an attempt so summarize the parameters mentioned and the way they 
are linked together. Nevertheless, there are many factors which can affect plastic shrinkage 
cracking. A deep comprehension of the way these factors influence the whole cracking process 
can lead to invention of new crack prevention methods. Some of these factors are briefly 
described in the following , including water/cement ratio, depth of the concrete section, 
additives, fines content, fibres and curing measures.

7.1 Water/cement Ratio

Water/cement ratio plays a key role in plastic shrinkage cracks formation. Higher w/c ratio
means more bleeding water and vice versa. Thus, in case of high w/c ratio, it takes longer time 
for the surface water layer to disappear due to evaporation and consequently delays the capillary 
pressure build-up in the pore system. 

It is known that a lower w/c ratio causes less bleeding water and thus increases the risk of 
cracking [33]. On the other hand w/c ratio has an inverse relation with the concrete strength as 
higher w/c ratio causes lower concrete strength and vice versa. Research has shown that high-
strength concrete mixtures (containing more cement) have low bleeding rate and subsequently 
higher risk of plastic shrinkage cracking [34]. Thus, optimizing the w/c ratio can be a method to 
avoid plastic shrinkage crack formation. If high-strength concrete is not necessary, it may be a 
good idea to use higher w/c ratio. However, it should be noted that very high w/c ratio can 
dramatically reduce the durability and serviceability of the concrete member.  

7.2 Depth of the concrete section

A deeper concrete member typically experiences more settlement, since it contains more settling 
solid particles. Correspondingly, for higher w/c ratios, the bleeding capacity of the member is
higher resulting in more bleed water accumulation on the surface. This means that the surface 
water layer evaporation takes longer time in comparison, causing delay in capillary pressure 
build-up. Consequently, it can be concluded that a deeper concrete section is less prone to 
plastic shrinkage cracking [8, 35]. However, due to the high degree of settlement, the concrete 
may be vulnerable to settlement cracking typically formed above the reinforcement bars, which 
may facilitate the ingress of chlorides and other harmful materials. 
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Figure 8 – Plastic shrinkage cracking  flowchart. 

7.3 Additives
 
Several research studies have been carried out to find new admixtures in order to reduce the 
plastic shrinkage of concrete. These admixtures show high practicality in reducing evaporation 
rate, settlement, negative capillary pressure and plastic shrinkage formation. For instance, it has 
been concluded that cellulose-based viscosity modifying agent (stabilizer) causes reduction of 
the evaporation rate [36].

Moreover, accelerators and retarders have a strong influence on plastic shrinkage cracking. 
Some experiments [20, 37] showed that accelerator admixtures cause higher plastic shrinkage 
and total crack area, while retarders act contrary. However, other experiments [15, 38] showed 
that excessive usage of retarder admixtures may increase the risk of plastic shrinkage cracking 
due to the slower strength gain of the concrete. 
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On the other hand, superplasticizers reduce the need for water in the concrete mixtures (less 
bleed water at the surface). This reduction of surface water may however not increase the risk of 
cracking, as the superplasticizer modifies the surface tension and prevent or delays the onset of 
plastic shrinkage crack formation [39].   

7.4 Fibres
 
Fibres (steel and/or polypropylene) have often been recently used in concrete mixtures aiming at 
lowering the risk of plastic shrinkage cracking, through stitching the concrete surface particles 
together. For instance experimental results presented by Sivakumar and Santhanam [7] show 
that a combination of steel and polypropylene fibres (hybrid fibres), can reduce the width of the 
plastic shrinkage crack up to 55% in comparison to concrete mixture without fibres usage. 

However, the only problem is that although the crack width was lower, parallel cracks were 
formed in the main crack’s surroundings. This phenomenon can be due to the transfer of the 
shrinkage stresses, through the fibres, to the surrounding areas. The number of these parallel 
cracks could be reduced in case of steel fibre usage. The reason lies in more fibre availability in 
case of hybrid usage compared to the steel fibre system (due to the lower density of 
polypropylene fibre in comparison to steel fibres), which facilitates the shrinkage stress transfer. 
Nevertheless, hybrid fibres show a great enhancement in relation to reducing plastic shrinkage 
cracks [7].

7.5 Fines content
 
Fines (such as fly ash, silica fume, slag, etc.) induce greater surface area to adsorb water. 
Consequently, the water that is supposed to be transported to the concrete surface will be 
adsorbed on the fine particles, resulting in lower bleeding rate. 

Cohen et al. [10] concluded that higher surface area of the particles leads to higher tensile 
capillary pressure and eventually higher probability of plastic shrinkage crack formation. 
Moreover, experiments performed by Esping et al. [15] showed that silica fume increases the 
crack tendency in the concrete. Thus, using high proportion of fine material in the concrete 
mixture is not favourable in relation to plastic shrinkage cracking. 

7.6 Curing measures 
 
Plastic shrinkage cracks can be avoided through several curing measures applied on the concrete 
after casting. Since the main reason behind this phenomenon is water evaporation, curing 
measures in general aim to eliminate or reduce the evaporation of the surface water. For 
example covering the concrete with plastic sheet, decreases the evaporation rate and 
consequently leads to a crack-free concrete [40]. In another case, experiments have shown that 
evaporation of the surface water can be suppressed through spraying aliphatic alcohols over the 
fresh concrete surface [41].

Moreover, in some cases curing the concrete takes place through replacing the evaporated 
surface water (rewetting). For example, fogging the freshly cast concrete surface, on one hand, 
reduces the evaporation rate through increasing the ambient relative humidity, and on the other 
hand, replaces some lost surface water due to evaporation [17].
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In addition to the above, using a wind breaker to prevent or reduce the air flow over the concrete 
surface can be another way to reduce the evaporation of the surface water [18]. 
 
 
8. CONCLUSION

Plastic shrinkage cracking is a complex interaction of several variables that may change in 
different circumstances. These variables have direct influence on the evaporation and bleed rate 
of the concrete which subsequently affect the capillary pressure and tensile strain at the early 
age. The explanations offered in this paper for the plastic shrinkage cracking mechanism and the 
role of each variable in the process may facilitate gaining a comprehensive understanding of the 
phenomenon. Moreover, knowing the influence of each variable can lead to innovation of new 
crack preventive measures.

Despite of the general consensus on the major role of water evaporation in the plastic shrinkage 
crack formation, not all the cracking incidents are explainable based on that. This illustrates the 
incompletely understood aspects of the whole process. The inter-connection and complexity of 
the different variables need to be explored. Thus, in the future, emphasis should be on 
documenting the various factors through laboratory tests under controlled conditions.
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ABSTRACT

Buried reinforced concrete pipelines are widely used in e.g. water 
and wastewater systems. Failure of these infrastructures may 
result in drastic effects and recently they have been brought into 
focus as vital components in safety systems for nuclear power 
installations. The high level of safety has here lead to a demand 
for reliable earthquake risk analyses. In this paper, methods are 
compared and the use of seismic design loads demonstrated. FE 
analysis in 2D of soil-pipe interaction under seismic wave 
propagation is performed. The performance of concrete pipes 
subjected to seismic waves with different frequency content is 
evaluated with respect to different soil condition but also water 
mass effect.
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1. INTRODUCTION

Buried pipelines are linear structures often used to transport important liquid materials and gas 
in order to support human life. The importance of this type of infrastructure systems has been 
brought into focus during the last years as they are vital components in the safety system for 
nuclear power installations. The high level of safety has led to a demand for reliable seismic 
analyses, also of structures built in areas that traditionally have not been considered as highly 
seismically active, such as in Sweden and the other Scandinavian countries [1-3]. During 
propagation of seismic waves in soil the components that propagate along the pipeline axis 
induce alternate axial compression and tension which cause axial deformations and the 
components of the waves that propagate in a direction perpendicular to the longitudinal axis 
cause bending deformations [4]. The induced damages largely depend on material and joints of 
the pipelines [5]. Therefore, they divide into two categories in terms of damage patterns; 
continuous (ductile) pipes and segmented (brittle) pipes. Empirical data from earthquake loads 
on pipelines indicates that the damage induced by wave propagation for brittle pipelines is more 
severe than for ductile pipelines which only show 30% of the vulnerability compared with the 
previous [6]. Continuous and segmented pipelines have different failure modes. Continuous 
pipelines often fail due to tensile rupture, local buckling (wrinkling) of the pipe wall due to axial 
compression and flexural failure and beam buckling (global buckling). The failure modes of 
segmented pipelines, especially of those with large diameters and thick walls, are tensile failure 
(axial pull-out), compression failure (crushing of joints), and circumferential flexure and joint 
rotation [7]. Reinforced concrete pipes (bell and spigot joints) and steel pipes (arc-welded joints) 
are widely used in buried water pipeline networks. The former are considered as segmented 
(brittle) pipes and the latter are classified as continuous (ductile) pipes. Compared with steel 
reinforced concrete is an economical and durable material, widely used in water and wastewater 
networks. On the other hand, as mentioned above, their vulnerability during ground shaking is 
higher than for steel pipes. Therefore, this paper is focused on studying the behaviour of 
reinforced concrete pipes. 

1.1 Methods for seismic analysis of buried pipelines 

Investigation on seismic behaviour of buried pipelines is traditionally performed using 
simplified methods presented by Newmark [8]. These methods neglect the soil-pipe interaction 
and assume that earthquake time histories for two points along the propagation path only differ 
by a time lag. This is a function of the separation distance between the two points and a wave 
propagating speed with wave velocity ic relative to the ground surface. Using these 
assumptions, the obtained free field strain and curvature respectively are:  

max
i

PGV
c

ε =                                                                                                              (1)

max 2
i

PGAk
c

=                                                                                                                (2)

Where PGV  (Peak Ground Velocity) is the maximum horizontal ground velocity in the 
direction of wave propagation and PGA (Peak Ground Acceleration) is the maximum ground 
acceleration perpendicular to the direction of wave propagation. Yeh [9] expanded the Newmark 
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method for P (primary, longitudinal), S (secondary, shear) and Rayliegh waves propagating in a 
horizontal plane for situations where there is an angle in the horizontal plane between the pipe 
axis and the direction of propagation. Table 1 gives a summary of induced strain due to 
propagation of aforementioned waves where vpθ and apθ are peak particle velocity and peak 
particle acceleration caused by P-waves, cp is the apparent P-wave propagation velocity, vsθ

and asθ are the peak particle velocity and peak particle acceleration caused by S-waves, cs is the 
apparent S-wave propagation velocity, vRθ and aRθ are the peak particle velocity and peak 
particle acceleration caused by R-waves, cR is the apparent R-wave propagation velocity and θ
is the angle of incidence of the wave with respect to the buried pipeline axis [9].

Wang et al. [10] presented a quasi-static analysis for axial displacement of long segmented 
buried pipelines modelled as a beam on an elastic foundation for considering soil-pipe 
interaction, and the pipeline itself was modelled by a set of rigid segments connected by flexible 
joints represented by elastic springs and dashpots. Vassilev et al. [11] adopted quasi-static 
analysis but used a two-dimensional plain strain finite element approach. Study on seismic 
response of buried pipelines continued using a lumped mass model of the pipe, also with soil-
pipe interaction incorporated by a spring dashpot system whose reactions derived from static 
and dynamic continuum theories [12-16]. The beam model and lumped mass model describe the 
pipes as beams or masses, thus the real distribution of soil pressure and the distortion of the pipe 
cross section cannot be considered, which is most important for large diameter pipes. In order to 
also cover this case, a cylindrical shell model of the pipe was developed [17-22]. Among the 
above models, beams on nonlinear Winkler foundations (BNWF) are extensively used in 
practice due to their simplicity, mathematical convenience and ability to incorporate 
nonlinearity. This method was proposed by the American Lifelines Alliance (ALA) [23] and 
recently many authors have implemented it [24-30]. In this paper, two dimensional (plain strain) 
dynamic finite element models of reinforced concrete pipelines and surrounding interacting soil 
subjected to seismic waves with different frequency content have been studied. 

Table 1- Summary of the strain induced in pipes (by neglecting the soil-pipe interaction) [9]
Wave type Longitudinal strain curvature

P-wave
( ) 2cosp pv cθε θ= ±

( )max p pv cθε = ± for 0θ =

( )2 2sin cosp pk a cθ θ θ= ±

( )2
max p pk a cθ= ± for 35 16θ ′= o

S-wave
( )sin coss sv cθε θ θ= ±

( )max s sv cθε = ± for 

45θ = o

( )2 3coss sk a cθ θ= ±

( )2
max s sk a cθ= ± for 0θ =

Rayleigh 
wave

Compressional 
component

( ) 2cosR Rv cθε θ= ±

( )max R Rv cθε = ± for 0θ =
( )2 2sin cosR Rk a cθ θ θ= ±

( )2
max R Rk a cθ= ± for 35 16θ ′= o

Shear 
component

( )2 2cosR Rk a cθ θ= ±

( )2
max R Rk a cθ= ± for 0θ =
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1.2 Ground motion parameters

There are different parameters that describe the ground motion. In general, three characteristics 
of earthquake motion are of primary significance: the amplitude (e.g. PGA, PGV and PGD 
(peak ground displacement)), frequency content (e.g. Fourier spectra and response spectra) and 
duration of the motion. A number of ground motion parameters also provide information about 
more than one of these characteristics, an example for these parameters is spectrum intensity.  
Spectrum intensity is the area under the pseudo velocity response spectrum (Sv) within the 
period range 0.1-2.5 sec and can be computed for any structural damping ratio (ξ). It indicates 
the earthquake severity and captures amplitude and frequency content in the range of interest for 
many structures [31-32]. This parameter is in displacement dimension and if divided by 2.4 sec 
as in Eq. (1) it takes a value similar to the maximum velocity of ground motion which is suitable 
for illustration of the induced damage on buried pipelines during wave propagation. In Japan, a 
device called SI sensor for gas supply networks has been designed. To avoid secondary disasters 
caused by gas leaks, monitored SI values that exceed 30 to 40 cm/sec stop the gas supply 
automatically [33]. This value is calculated as:

( )
2.5

0.1

1 ,
2.4 vSI S T dTξ= ∫                                                                                               (3)

2. EARTHQUAKE LOADS

For a seismic analysis it is important to know which load parameters will affect the seismic 
response of buried pipelines. Therefore, earthquakes of different characteristics have been 
selected for this study; artificial accelerograms corresponding to the Swedish hard rock response 
spectra [34] and accelerograms recorded at CDMG 23598 Rancho Cucamonga - Deer Can 
station [35]. The average shear wave velocity was equal to 821.70 m/s during this 1994 
Northridge earthquake where the epicentral distance for this record is 89.83 km. The former 
earthquake has high acceleration and short dominating period and is therefore in the following 
referred to as a high frequency earthquake and the latter that has lower acceleration but longer 
dominating period, is called a low frequency earthquake. In this study, the Northridge 
earthquake was scaled to have the same PGA as design earthquake of Sweden (see Table 2). 
Figures 1 and 2 illustrate acceleration time histories and an example of response spectrum for 
aforementioned earthquakes. Vertical and horizontal ground acceleration time histories are 
applied at the base of the soil-pipe models by assuming that the soil rests on the bedrock. 

Table 2- Ground motion parameters [36]

Location PGA (g) PGV (cm/sec) PGD (cm) Predominate period
(sec)

Velocity spectrum 
intensity ( 5%ξ = ) 

(cm/sec)

Sweden 0.146 2.99 0.61 0.08 3.72
Northridge 
(scaled)

Northridge 
(unscaled)

0.146 15.45 1.87 0.28 19.65

0.072 5.91 0.70 0.28 7.61
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Figure 1 - Acceleration time history for applied seismic loads

Figure 2 – Example of frequency spectra for the applied seismic loads (horizontal component)

3. BURIED PIPE SYSTEMS
 
A typical reinforced concrete pipe (bell and spigot joint) with 1200 mm nominal diameter and 
135 mm wall thickness (t) which commonly is used in water and wastewater networks in 
Sweden is selected for the study (see Figure 3). Material qualities C45/55 and B500B are 
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assigned for concrete and steel reinforcement, respectively [37]. Two types of frictional soil that 
are close to Sweden condition is adopted; first one with medium stiffness and second one with 
hard stiffness. Their density respectively are 1800 kg/m3 and 2200 kg/m3, the soil friction angle 
38 degrees and 45 degrees and with shear wave velocity respectively equal to 250 m/s and 450 
m/s [38]. 

W
al

l(
t)

Bell Spigot

Rubber Gasket

Figure 3 - Schematic of concrete pipes joint [39]

4. FINITE ELEMENT MODELLING

Seismic finite element modelling of buried concrete pipes has been performed using the 
ABAQUS/Standard finite element program [40]. The simulation is done in a two dimensional 
plane strain system. Two different models have been considered; the first model presents 
longitudinal cross section of an RC pipe where the simulated length of the pipe is equal to 
L=150 m and effect of the joints is neglected. The second model describes a transverse cross 
section of an RC pipe. The relevant width (Z) for this model will be discussed in next section. 
Distance between ground surface and bed rock is assumed to be W=25 m and the burial depth, 
i.e. the distance between ground surface and centre of pipe, is here H=1 m (see Figures 4 and 5).  
The finite element meshes consist of 4-node bilinear plane strain quadrilateral (CPE4R) 
elements for the soil medium and pipe cross section, 3-node quadratic 2D truss (T2D3) elements 
for reinforcement and 2-node linear 2D beam (B21) elements for longitudinal cross sections of 
pipes. Reinforcement in the pipe cross section has been modelled as embedded discrete truss 
elements tied to the concrete region. The interaction between reinforcement and concrete 
elements is assumed as fully bonded. 

X

Y

L

W

Ground surface

Bed Rock

Soil

Pipe segments

 

Figure 4 - Schematic view of finite element domains for longitudinal plane model
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Ground surface

Bed Rock

Soil

Pipe cross section

H

Z

 
Figure 5- Schematic view of finite element domains for cross section plane model

4.1 Absorbing boundary condition

In a dynamic soil-structure interaction analysis using the finite element method, the 
computational region must be truncated from the infinite space. It is necessary to introduce 
artificial boundaries to represent both elastic continuity of the soil and radiation damping. Two 
kinds of methods are used to set up artificial boundary; global and local procedures, 
respectively. The former are rigorous, but complex and computationally expensive, e.g. as 
boundary element method and scaled boundary finite element method. The latter are generally 
approximate but simple and widely used in civil engineering, e.g. as viscous boundary and 
infinite elements. In order to obtain accurate results, local artificial boundaries have to be placed 
sufficiently far away from the structure-soil interface [41].

In this study infinite elements (CINPE4) provided by ABAQUS are implemented. These 
elements consider both static and dynamic response (see [40]). An infinite element boundary is a 
kind of implementation of a viscous boundary to absorb the energy in a dynamic analysis and 
consists of normal and tangential dampers with coefficients nC and tC respectively. These are 
defined as:

( )  2n pC V Gρ ρ λ= = +                                                                                        (4)

t sC V Gρ ρ= =                                                                                                     (5)

2(1 )G E υ= +                                                                                                           (6)

( )( )1 1 2
Eυλ

υ υ
=

+ −
                                                                                                    (7)

where Vs is shear wave velocity, G shear modulus, Vp compression wave velocity, E Young’s 
modulus, υ Poisson’s ratio, ρ mass density and λ is the Lame’s constant [42]. Infinite elements 
are linear elements, and it is necessary to place them at a reasonable distance from the structure 
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since the amplitude of stress will decrease with increasing distance and consequently they 
restrict the nonlinearity to the finite element domain. For this reason a convergence analysis has 
been performed. Relevant distance between boundary structure surface was found to be larger 
than 2W (i.e. Z/2 > 2W). Therefore, the soil width was set to Z=6H=150 m.

4.2 Soil-pipe interaction

The most important part of a seismic analysis of buried pipelines is to introduce the interaction 
behaviour at soil and pipe interface since the soil deformations resulting from seismic waves 
impose forces and deformations on the pipes and may cause severe damages on buried pipeline 
networks. Herein the soil-pipe interaction is modelled with SPRING2 elements at the soil-pipe 
interface [40]. The spring behaviour is calculated from elastic-plastic models proposed by the 
American Lifeline Alliance (ALA) [23] which can describe the slip of pipes in soil when the 
earthquake is strong. The springs are distributed in three perpendicular directions with respect to 
pipe, see Figure 6.

P t q

pu

pu

yu

Transverse Horizontal

yu

Axial Transverse Vertical

tu

tu

xu

xu
( )qu up

qu down 
 
 

( )zu down
( )zu up

 
Figure 6 - Load-deformation relationships for spring elements representing soil-pipe interaction

Axial spring

Maximum soil resistance to movement in the pipe axial direction is given in units of force per 
unit length of pipe, as:

01 1tan
2 2u
Kt Dc DHπ α π γ δ+ ′= +                                                                          (8)

2 3

0.274 0.6950.608 0.123
1 1

c
c c

α = − − +
+ +

                                                                        (9)

These soil spring are picked up from pile shaft load transfer theory, where D is outside diameter 
of pipe, c coefficient of cohesion of backfill soil, H depth of soil above the centre of the 
pipeline, γ is effective unit weight of soil, α adhesion factor, fδ φ′ = × interface angle of 
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friction between pipe and soil, φ internal friction angle of the soil, f friction factor for various 
types of pipes (equal to 1 for concrete) and 0 1 sinK φ= − is coefficient of soil pressure at rest. 
An ultimate relative displacement ( ux ) corresponding to maximum soil resistance ( ut ) is 3 to 5 
mm for sand and 8 to 10 mm for clays.

Lateral Soil Spring

The maximum lateral resistance of soil per unit length of pipe can be calculated as:

u ch qhp N cD N HDγ= +                                                                                            (10)

( ) ( )
3 4

1 2 2 3 9
1 1

ch
a aN a a x

x x
= + + + ≤

+ +
                                                                     (11)

2 3 4
1 2 3 4 5qhN a a x a x a x a x= + + + +                                                                           (12)

These soil springs are picked up from footing and vertical anchor plate pull-out capacity theory 
and laboratory tests on model pipelines simulating horizontal pipe movements, where Nch is 
horizontal bearing capacity factor for clay (zero for c = 0), Nqh is horizontal bearing capacity 
factor for sandy soil (zero for φ =0). Relative displacement yu at pu, can be determined by:

0.04 0.01 to 0.02
2u
Dy H D D = + ≤ 

 
                                                                 (13)

The above parameters are found in ALA [23] and are here listed in Table 3.

Table 3 - Parameters for the evaluation of Nch and Nqh. From [23]

Factor φ x 1a 2a 3a 4a 5a

chN 0 H/D 6.752 0.065 -11.063 7.119 -
qhN 20 H/D 2.399 0.439 -0.03 31.059 10−× 51.754 10−− ×

qhN 25 H/D 3.332 0.839 -0.090 35.606 10−× 41.319 10−− ×

qhN 30 H/D 4.565 1.234 -0.089 34.275 10−× 59.159 10−− ×

qhN 35 H/D 6.816 2.019 -0.146 37.651 10−× 41.683 10−− ×

qhN 40 H/D 10.959 1.783 0.045 35.425 10−− × 41.153 10−− ×

qhN 45 H/D 17.658 3.309 0.048 36.443 10−− × 41.299 10−− ×
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Vertical Soil Spring

The soil spring properties are different for uplift and bearing cases. The maximum soil 
resistance per unit length of the pipeline in vertical uplift can be calculated as:

( ) cv qvu upq N cD N HDγ= +                                                                                        (14)

2 10cv
HN
D

 = ≤ 
 

     for    10H
D

  ≤ 
 

                                                                     (15)

44qv q
HN N
D

φ = ≤ 
 

                                                                                                  (16)

The properties of these soil springs are from pull-out capacity theory and laboratory tests on 
anchor plates and model buried pipe, where Ncv is vertical uplift factor for clay (0 for 0c = ), Nqv

is vertical uplift factor for sand (0 for φ = 0º). The mobilizing displacement of soil, zu(up) at qu(up)
can be taken as 0.01H to 0.02H for sands and 0.1H to 0.2H for clay. The maximum soil 
resistance per unit length of pipeline in vertical bearing can be calculated as:

( )

2

2c qu down
Dq N cD N HD Nγγ γ= + +                                                                       (17)

( )( ) ( ) 2 0.001cot 0.001 exp tan 0.001 tan 45 1
2cN  +  = + + + −      

φφ π φ              (18)

[ ] 2exp tan tan 45
2qN  = + 

 
φπ φ                                                                              (19)

[ ]exp 0.18 2.5N = −γ φ                                                                                             (20)

These soil springs are picked up from bearing capacity theory for footings, where Nc, Nq and Nγ

are bearing capacity factors and γ is total unit weight of soil. The soil displacement, zu(down) at 
qu(down) can be taken as 0.1D for granular soils and 0.2D for cohesive soils.

4.3 Damping

Material damping is another important parameter which defines the attenuation of the internal 
energy generated from seismic loading. Generally, damping effects can be considered in 
systems using two different methods; Modal damping and Rayleigh damping where the latter is 
applicable in direct-integration dynamic analysis. In the Rayleigh damping model, the damping 
matrix [C] is a linear combination of the mass matrix [M] and stiffness matrix [K]:

[ ] [ ] [ ]C M Kα β= +                                                                                                (21)



121 
 

where α is mass damping coefficient and b a stiffness damping coefficient. Rayleigh damping is 
described by the following equation: 

2 2
i

i
i

= +
βωαξ

ω
                                                                                                      (22)

This equation produces a curve which is a function of natural frequency ωi = 2πf and Rayleigh 
damping coefficients (α and β) and implies that the mass proportional Rayleigh damping α is 
effective for the lower frequencies and the stiffness proportional Rayleigh damping β has 
influence on the higher frequencies [43]. Modal damping for the materials is here assumed equal 
to 5%. Frequency analysis has been performed and frequency interval and Rayleigh damping 
coefficients for two model materials calculated (see Table 4). Aforementioned frequency 
intervals will capture characteristic frequencies of soil with the following equation [42]:

4
sVf

W
=                                                                                                                    (23)

Table 4 - Rayleigh damping coefficients

Damping parameters Longitudinal cross section model Transverse cross section model
Medium soil Dense soil Medium soil Dense soil

α 1.00853 1.88725 1.26367 2.16877
β 0.0015907 0.00089188 0.00096646 0.00053439

Frequency interval 2.2 - 7.3 4 – 13.4 2.3 - 14.4 4 - 25.7

5. NUMERICAL EXAMPLES

In the following, results from examples based on FE models in accordance to the geometries 
presented in section 4 and Figures 4-5 are presented. The two models are two- dimensional 
plane models and here referred to as longitudinal plane section and axial plane cross-section 
models, respectively. The two earthquake loads defined in Figure 1 and Table 2, i.e. the Swedish 
design earthquake and the Northridge earthquake, are used as seismic loads for the analyses. 
The effects of the two frictional soil types referred to as medium stiff and dense in section 3 are 
investigated. The effect of empty or completely water filled pipes are also studied. It should be 
noted that wave effects in the water and interaction between the water and the inside of the pipe 
are not included in the model. Thus, when water is added, the mass of the pipe system is 
increased. However, the added water does not contribute to the stiffness or directly to the 
damping of the system, other than through the assumed Rayleigh damping (see section 4.3).

5.1 Effective modal mass

One important property of the two FE models used for the following examples is the effective 
modal mass, defined such that the sum of all effective masses in any direction will give the total 
mass of the model, subtracted with masses at kinematically restrained degrees of freedom [40].
Thus, the difference between the total mass and the sum of effective mass is a measure of which 
modes that participates in the excitation in the chosen direction. Here, cumulative masses for the 
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two models are given in Figures 7-8, indicating which natural frequencies and vibration modes 
significantly contribute to the vibrations, until the entire mass is activated. The effective mass 
for mode n in the direction i is defined as:

( ) ( )2 2eff T[ ]ni ni n ni n nm m M= Γ = Γ φ φ                                                                            (24)

where mn is the generalized mass, φn the free vibration mode n, [M] the mass matrix and:

T1 [ ]ni n i
n

M T
m

Γ = φ                                                                                                    (25)

is the participation factor, with Ti being the magnitude of the rigid body response at a degree of 
freedom in the model caused by rigid body motion in the i-direction (see [40]).

 

Figure 7 - Cumulative effective modal mass in direction y for the longitudinal plane section 
                 model 
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Figure 8 - Cumulative effective modal mass for the axial plane cross-section model

5.2 Dynamic analyses – longitudinal plane section

The results from the model of the longitudinal plane section are presented in Figures 9-12, first 
showing results obtained for the Northridge earthquake followed by results for the Swedish 
design earthquake. The calculated maximum tensile stresses are presented as stress envelopes, 
i.e. the maximum stress that occurs at each section of the pipe length during the time span 
considered in the analysis. When studying the curves, it should therefore be noted that these do 
not show stress distributions and that the maximum stresses on the left and right sides do not 
necessarily occur simultaneously. The maximum stresses appear close to the ends but are lowest 
at the pipe centre. This is due to the symmetry over the normal line to the earthquake epicentre.
There are also small stresses at the ends of the pipes caused by the pipe-soil interaction. In the
two pairs of figures, Figures 9 and 11 show the stress that occur due to axial tension in the pipes 
while Figures 10 and 12 show the maximum of the bending tensile stresses. Each figure contains 
four curves representing the combinations of the cases with empty or water filled pipes and 
dense or medium hard surrounding soil, respectively.

5.3 Dynamic analyses – axial plane cross-section

The maximum principal (tensile) stresses obtained for the model of an axial plane cross-section 
are presented in Figure 13. The position of these stresses, which occur in the circular plane 
section of the pipe, is given using polar angles, positive in the clockwise direction and 
originating from the position with the upwards direction, as shown in Figure 13. It should be 
noted that the results from the Northridge earthquake are divided between subfigures (a) and (b),
separated due to the large differences in maximum stress, while the results for the Swedish 
design earthquake are shown in subfigure (c). 
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Figure 9 - Axial stress for the longitudinal plane section model subjected to the Northridge 
                 earthquake

Figure 10 - Bending stress for the longitudinal plane section model subjected to the Northridge 
                   earthquake
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Figure 11 - Axial stress for the longitudinal plane section model subjected to the Swedish design 
                   earthquake

Figure 12 - Bending stress for the longitudinal plane section model subjected to the Swedish 
                   design earthquake
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(a)

(b)

(c)

Figure 13 - Maximum principal stress for the axial plane cross-section model subjected to the
                   Northridge earthquake (a-b) and the Swedish design earthquake (c).
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6. DISCUSSION

It should be noted that the geometry used for the models is for a reference cases with the 
purpose of analysing the influences of parameters such as seismic input, soil type and the 
influence of water-filled pipes. The chosen geometry of the studied pipe-soil system results in
maximum tensile concrete stresses, obtained with the longitudinal plane section model, that are
close to the design value given in Eurocode 2 [37]. The results using the model with the axial 
plane cross-section indicate concrete tensile failure, i.e. tensile cracking and leakage, for some 
combinations of input parameters.

6.1 Evaluation of results

The diagrams of the variation of modal mass shown in Figures 7-8 demonstrate that the 
dominant free vibration modes correspond to frequencies around 4.5 Hz for the cases with 
medium stiff soil and around 8.5 Hz for dense soil. This should be compared to the earthquake 
load spectra given in Figure 2, where it can be seen that the dominant frequencies for the 
Northridge earthquake are at 2-5 Hz, while the corresponding frequencies for the Swedish 
design earthquake are at 10-12 Hz. The differences shown in Figure 7, between the curves 
representing empty and water filled pipes at 3-4 Hz and 5-9 Hz, respectively, are due to changes 
in the bending modes as water is added to the mass.

When comparing the four combinations of input parameters, there are small differences in axial 
tensile stresses obtained with the Northridge earthquake, as can be seen in Figure 9. In this case, 
the maximum tensile stress becomes 1.6 MPa, which is close to the design strength of 1.8 or 2.2 
MPa [37] and obtained for the dense soil type. The effect of including the mass of the water in 
the pipe has a relatively low impact on the axial tensile stress. In the case of bending stresses,
Figure 10 shows that the Northridge earthquake results in lower tensile stresses. However, the 
differences are in this case greater when comparing the cases with or without water filled pipes 
and different soil density. With medium dense soil and water filled pipes the tensile bending 
stresses reach 900 kPa while the corresponding stress with empty pipes becomes 600 kPa. The 
inclusion of water in the pipe is not noticeable for the case with dense soil and it can also be
observed that for empty pipes and medium dense soil the result is close to the cases with denser 
soil. Thus, including the mass of the water increases the bending stresses when the soil is 
medium hard, i.e. when it provides a relatively small resistance to bending vibrations. As shown 
in Figures 11-12 the tensile stresses become much smaller with the Swedish design earthquakes. 
In the axial direction the relative effect from a denser soil is much greater in this case, leading to 
twice the stress levels compared to the case with medium dense soil. The effect from an added 
mass of water becomes almost negligible and this case is thus stiffness dominated where stiffer 
soil in combination with a high frequency content of the earthquake load produces high stresses.
As shown in Figure 12, there are small variations in bending tensile stresses in this case. The 
maximum levels are reached with water included and some stress peaks occur locally along the 
length of the pipe, for the case with included water and dense soil.

The results obtained with the model of the axial plane cross-section show large differences in 
maximum tensile stress, as can be seen in Figure 13. The maximum principal stress in almost all 
cases show four maximum peaks that correspond to the approximate positions 45°, 135°, 225° 
and 315°, respectively. The one exception from this pattern is also the case that show the highest 
stress levels, obtained for the Northridge earthquake with dense soil and empty pipes, see 
subfigure (b). In the similar case but with water filled pipes the combination of input parameters 
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creates also high stress levels and concrete failure. However, in this case four maximum stress 
peaks are shown. In the remaining cases the maximum stress levels within 40-60 kPa, i.e. almost 
100 times lower, for four of the combinations of parameters. However, with the Swedish design 
earthquake, higher stresses are reached for water filled pipe and dense soil, see subfigure (c). 
This indicates that the water mass has an effect on the ring stresses of the pipes, for both types 
of earthquakes but with a much larger impact when lower frequencies dominate. It should be 
noted that the maximum stress levels, except for the two extreme cases shown in subfigure (b), 
are lower than or equal to those observed in bending.

6.2 Conclusions

The results demonstrate how 2D plane strain models can be used for seismic analysis of 
concrete pipelines with circular cross sections. The two different models used have 
characteristic, natural frequencies within the same range. The geometry and material parameters 
were chosen to demonstrate the behaviour under typical conditions for large diameter, shallowly 
buried concrete pipes. The results show that for the conditions chosen, the design earthquake 
recommended for Sweden produces tensile stresses that are much lower than the concrete 
strength. However, the American earthquake record (Northridge) used for comparison gave 
relatively high stresses due to axial pipe deformation and local stresses in the pipe ring segments 
which would cause damage for unfavourable combinations of soil stiffness and degree of water 
filling. Thus, modelling the pipe-soil system with beam elements only cannot represent the exact 
response of soil-pipe systems as in some cases the ring stress become much higher than the axial 
and bending stress. The earthquakes used for the comparison had comparable levels of peak 
ground acceleration PGA but different dominant frequency ranges. The low frequency 
American earthquake was closer to the dominant frequencies in the pipe-soil FE models and, 
consequently, produced much higher stresses. It can be concluded that PGA is not a relevant 
parameter for evaluation of the damage due to earthquakes and other parameters related to both 
amplitude and frequency content should be selected instead. 

Future work will focus on finding combinations of parameters where the relatively high 
frequency content of the Swedish design earthquake will cause damage to the pipelines. The 
work will include comparisons between shallow and deep pipes, also including further soil 
types, e.g. cohesive soils. Cases with pipelines spanning areas with variable soil depths to the 
bedrock will also be included. The efficiency of concrete pipelines will be compared to that of 
steel pipes to determine under which conditions the two alternatives, i.e. light and stiff vs. brittle 
and heavy, are most efficient. 
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ABSTRACT 
Self-healing can increase the lifetime and durability of concrete structures. 
The self-healing properties of concrete made with Energetically Modified 
Cement (EMC), which has a pozzolan content of up to 70%, have been 
investigated. In such concretes, pozzolanic reactions within the cement cause 
the gradual formation of fresh C-S-H gel, which seals cracks as they form. 
The self-healing of small EMC concrete samples was tested in a laboratory, 
and field observations of an EMC concrete highway pavement were made. 
The EMC concrete exhibited fewer cracks than conventional concrete, and 
was observed to self-heal cracks with widths of up to 0.2 mm. 

Key words: Self-healing, cracking, pozzolanic reactions, modified cement 
binders 

 
 

1.    INTRODUCTION

1.1  Background

Many countries are experiencing civil infrastructure deterioration so severe that the annual 
outlay on repair and rehabilitation often exceeds the cost of constructing new infrastructure.
This is partly due to the cracking (including thermal cracking, shrinkage cracking, etc.) of 
concrete during various stages of the hardening process. Concrete deterioration is also a problem 
in housing and industrial applications, where cracking is unacceptable because of its effects on 
durability, aesthetic value, hygiene, and acoustic insulation. 

In the United States, the annual economic impact associated with the maintaining, repairing, or 
replacing such deteriorating structures is estimated to be $18-21 billion [1]. About half of all 
field repairs fail, necessitating re-repairs. Around three-quarters of these failures are attributed to 
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a lack of durability and the remainder to structural failures. This inadequate performance is often 
ascribed to inappropriate material selection, the use of a poor application method, or both factors 
together [2].

In addition to the economic costs of repair and rehabilitation, civil infrastructure deterioration 
presents social and environmental costs. While these costs have not been well documented or 
quantified, it is generally agreed that repeatedly repairing civil infrastructure over the course of 
its service life is decidedly unsustainable.

Consequently, there is great interest in concrete capable of self-healing, i.e. sealing cracks as 
they form. Such concrete enables the construction of more durable structures with increased 
lifetimes, both of which are important and desirable in a sustainable society that uses concrete as 
a major building material. It is therefore important to explore the self-healing capabilities 
conferred by new cementitious binders. 

One such new cementitious binder is Energetically Modified Cement (EMC), which is formed 
by mechanically activating mixtures of Portland cement with a pozzolan, silica sand or blast 
furnace slag. A pozzolan is here defined as a siliceous or siliceous and aluminous material that 
has little or no intrinsic cementitious value but reacts chemically with calcium hydroxide at 
ambient temperatures when finely divided and exposed to water, forming compounds with 
cementitious properties. The EMC process was discovered in 1992 at Luleå University of 
Technology (LTU) and has since been developed extensively [3] - [7].
It is thus interesting to evaluate the self-healing performance of concretes incorporating
Energetically Modified Cements and its relationship with the microstructural characteristics of 
the cement. This paper presents laboratory and field test results relating to the self-healing 
performance of concretes with EMC. 

1.2 Self healing

Various Scandinavian groups have recently studied self-healing concretes [8] - [11]. RILEM’s 
Technical Committee 221 [12] distinguishes between autogenic and autonomic self-healing (see
Figure 1) and it has been argued that self-healing phenomena can also be classified in terms of 
process and action, as shown in Figure 2 [13] [14]. This article concerns autogenic self-healing, 
i.e. recovery processes involving material components that might be present even if the material 
had not been specifically designed for self-healing. 

Figure 1. Definition of Self-Healing according to RILEM-TC221 [12].
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Figure 2. Self-Healing defined in terms of action and process according to references [13] from
[14].

Autogenic healing has been attributed to the hydration of unreacted cement (leading to fresh C-
S-H gel formation, etc.), the expansion of concrete in crack flanks (i.e. swelling), crystallization 
of compounds such as calcium carbonate, closing of cracks by solid particles in water, and 
closing by spalling of loose concrete particles resulting from the cracking itself [8], [9], [14], 
[15]. Crystallization appears to be the most important mechanism in mature concrete. However, 
the hardening of many pozzolanic binders continues beyond the first month after pouring, so 
further hydration and C-S-H gel formation is considered to be the main reason for healing in 
concrete incorporating these binders. Through cracks in structures exposed to water pressure on 
one side can also heal via the precipitation of lime in the crack [16]. However, many 
applications do not involve any such one-sided pressure.   

Researchers have examined the effects of diverse factors on self-healing, including crack width;
the temperature; water pressure; the composition of the concrete and binder; and the chloride 
concentration, pH, and hardness of the water to which the concrete is exposed [8], [15], [17].
The relative importance of these factors is of course dependent on the dominant mechanism of 
self-healing in the structure of interest. 

The effects of self-healing on strength are considered to depend on three factors [8], [9], [17]:
(a) the moisture content in the crack and the duration of storage; water-stored concrete heals 
more effectively than concrete exposed to high relative humidity, (b) the initial crack width; 
smaller cracks seems to heal more completely whereas specimens that are completely broken 
clearly will not heal efficiently, and (c) the applied pressure; exposure to pressure clearly 
implies more effective healing than would be possible in a stress-free crack. 

1.3 Modifying the binder’s particulate structure – Energetically Modified Cement 
(EMC) 

EMC is produced by processing cement with various other inorganic materials in high intensity 
grinding mills or commuting devices that subject the solids to severe mechanical stress and
transient high temperatures, leading to particle surface modification (see Figure 3). These 
commuting devices have been called “mechano-chemical reactors” instead of traditional mills
because the physiochemical processes that occur during comminution (which include phase 
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transitions, melting and solidification) can induce a range of solid state chemical reactions in the 
treated material as well as modifying its physical structure. Binders treated in this way can be 
incorporated into concrete mixtures, yielding new materials with promising properties [3], [4], 
[18]. Moreover, their usage makes it possible to significantly reduce the proportion of Portland 
cement in concrete while maintaining and sometimes even improving the concrete’s properties 
[19]-[22]. Both traditional powders (fly ash and blast furnace slag) and new alternatives (fine 
quartz sand, recycled concrete) can be used, potentially reducing the content of Portland cement 
in concrete by more than 50 % relative to standard formulations. 

A product known as CemPozz is obtained by processing mixtures of pozzolans with 2%-5% 
ordinary Portland cement using EMC technology. Extensive field tests in the U.S.  have shown 
that replacing up to 70% of the Portland cement in concrete mixtures with CemPozz
significantly reduces cracking and greatly increases the concrete’s capacity for self-healing of 
cracks [20].

(a)

(b)

Figure 3. The key steps in the creation of a durable and environmentally friendly concrete using 
Energetically Modified Cement (EMC) materials: (a) the overall procedure (b) the mechanical 
activation process.
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2. EXPERIMENTAL

2.1 General

This paper reports the results of laboratory experiments and field tests on the self-healing 
performance of different types of concrete. Laboratory tests were performed by LTU and field 
tests by EMC Cement BV and Texas EMC Products LLC (USA). Microstructure assessments 
were performed by SINTEF, Norway as a continuation of the field test project, [22]. Preliminary 
results of these investigations were presented at the XXII Nordic Concrete Research Symposium 
in Reykjavik 2014 [18].   

2.2 Test Program –self-healing in laboratory

Laboratory tests were conducted in 2012 and 2013 at LTU’s Complab facility. EMC concrete 
beams were loaded 28 days after casting using the RILEM 3-point bending protocol [24], as 
shown in Figures 4 and 5. The loading induced crack formation, enabling assessment of the 
material’s self-healing capabilities. The tested concrete (total amount of binder: 350 kg/m³, 
w/cm ratio 0.40, max aggregate size 16 mm) contained 40% Portland cement (Byggcement, type 
Cem II/A-LL, 42.5, Cementa) and 60% CemPozz made from 5% Anläggningscement (type Cem 
I 42.5N, SR3 MH/LA, Cementa) and 95 % low calcium fly ash. The mean and maximum 
diameters of the CemPozz particles were 17 microns and 35 microns, respectively, meaning that 
their size distribution closely matched that of the product examined in the field tests. 

If the loading process failed to produce sufficiently wide cracks, the beam was returned to the 
test frame and the procedure described above was repeated. Once an acceptably large crack had 
formed, it was locked by gluing a small plate of carbon fibre to one side of the specimen (Figure
5). To assess the compressive strength of the concrete, unloaded control cubes were tested for 
compressive strength at different ages. The cracked beams were stored in the laboratory in a
water bath at a temperature of 20 – 22 °C. The cracks were inspected with an optical microscope 
at various points in time between 0 and 135 days after their initial formation. 

Figure 4.  A concrete test beam made with Energetically Modified Cement (EMC) undergoing 
RILEM 3-point bending [23] at Complab, LTU.
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Figure 5. The cracks were locked by gluing pieces of carbon fibre to the sides of the beams.

2.3 Field observation – self-healing

Field testing was performed on a highway pavement made of CemPozz concrete east of 
Houston, USA (see Figures 6 and 7). Three 20 km long sections of the pavement were paved 
with an ECM concrete made with CemPozz mixtures having different CaO contents. In addition, 
a fourth section was paved with a reference concrete containing no CemPozz. The reference 
concrete was prepared using a binder consisting of 80 % ordinary Portland cement (OPC) and 
20% Class F ash (by mass) with a CaO content of 5%. The three CemPozz concretes were 
prepared using binders consisting of 50 % OPC and 50 % CemPozz; the CemPozz was prepared 
using Class F fly ash as a raw material, and had a CaO content of 2 %, 5 %, or 10 %.The 
regulations of the Texan road authorities limit the maximum CaO content of raw ash used in 
paving concrete, preventing the assessment of CemPozz with a CaO content above 10%. The 
total cementitious content of the CemPozz concrete was 300 kg/m3, its OPC/CemPozz ratio was 
1:1 by weight, and its w/cm ratio was 0.30. 

The highway sections were paved over a period of four weeks during the summer time. Each 
section can be assumed to have experienced the same weather conditions and should thus have 
undergone the same levels of plastic and drying shrinkage. Due to the high humidity (80 – 85 
%) during the paving process, the risk of plastic shrinkage cracking was considered to be rather 
low, and paving contractors working in this region generally do not take measures to protect 
against evaporation. 

However, shortly after casting, all four of the concrete surfaces exhibited cracking, largely due 
to a combination of plastic and drying shrinkage. Three months after casting, samples with and 
without drying shrinkage cracks were drilled out from the pavements. Cylindrical samples with 
diameters of 100 mm and heights of 150 mm were tested in compression immediately after 
drilling and then subjected to curing in water at room temperature (20-22 °C). In addition, ten 
paved areas of 25 m2 each were inspected to determine the average total number of cracks and 
average crack length at different time points after casting.
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Figure 6. Pouring of self-healing concrete on highway IH-10, east of Houston, USA. 

Figure 7. Reinforcement ahead of concrete placers on IH-10, east of Houston, USA.

2.4 Test Program – Microstructure Evaluation

To investigate the relationship between cement paste microstructure and the kinetics of crack 
healing, the microstructure of a cement paste made from a 50/50 blend of OPC and CemPozz
was characterized at SINTEF, along with that of a paste prepared using a 50/50 blend of OPC 
and raw (unprocessed) fly ash The paste samples (cubes with 20 mm long sides) were prepared 
using CEM I 42.5N with a water-to-binder ratio of 0.40.
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Paste samples for DTA/TG (Differential Thermal Analysis/Thermo Gravimetry) analysis were 
cured for set time periods then crushed to a fine powder and dried at 105 °C to remove physically 
adsorbed water. The DTA/TG experiments were conducted using a NETZSCH 409 STA with a 
heating rate of 10 °C/min until 1000 °C and nitrogen as a carrier gas. The sample (≈150 mg) was 
held in an alumina crucible during the analysis, and alumina powder was used as a reference
material. The accuracy of the temperature determined for phase transitions was within ± 2 °C, 
while the accuracy of the mass loss measurements was within ± 0.3 mg.

MIP/HeP (Mercury Intrusion Porosimetry/Helium Pychnometry) experiments were performed 
using paste fragments around 5 mm in length. The MIP experiments were conducted with a Carlo 
Erba Porosimeter (Model 2000), which measures the sample’s pore size (radius) distribution over 
a range of 5 - 50,000 nm, assuming cylindrical pores. The density of solid samples, ρs, was 
determined with a Micrometrics AccuPyc 1330 He-pycnometer, while the particle density, ρp, was 
determined with a Carlo Erba Macropores Unit 120. The accuracies of the total porosity and 
density measurements were within ± 0.5 and ± 0.01 units, respectively.

3. RESULTS

3.1 Self-healing in laboratory

Figures 8a-c show optical microscope images of a crack whose width ranges from 0.06 to 0.15
mm after different curing periods in the water bath. Due to the high chemical reactivity of 
CemPozz manufactured with low calcium fly ash (i.e. with a CaO content of ca. 3 %), the first 
signs of fresh C-S-H gel formation via pozzolanic reactions are apparent within 30 days of 
curing (see Figure 8b). Self-healing of the crack was complete after about 135 days, and the 
average penetration depth of the newly formed C-S-H gel was around 0.20 mm (see Figures 8b 
and c). Without any external intervention, the high volume pozzolan concrete gradually filled 
the cracks that had formed as the concrete set. It is believed that this was due to the ongoing 
formation of C-S-H gel within the concrete via pozzolanic reactions.

The high volume pozzolan concrete also exhibited continuous increases in strength over the 
observation period as a consequence of the ongoing pozzolanic reactions: the concrete had a 
strength of 85 MPa after 30 days’ curing, rising to 94.5 MPa after 150 days. Such strength 
increases should appreciably increase the concrete’s durability.

3.2 Field observation

The field studies conducted in the U.S. showed that the self-healing effect of the high-volume 
CemPozz concrete has a beneficial impact on concrete strength.  Notably, the compressive 
strength of uncracked concrete samples was very similar to that of samples with self-healed 
cracks after 180 days of curing (see Table 1). This will undoubtedly increase the concrete’s 
durability and abrasion resistance.  The results obtained are consistent with previous findings 
[25], which indicated that concrete mixtures with higher fly ash contents exhibited enhanced 
self-healing leading to more effective recovery of compressive and bending strength as well as 
the dynamic modulus of elasticity after cracking.
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(a)                (b)

(c)

Figure 8. A concrete crack (a) shortly after its formation; (b) 30 days after its formation; and 
(c) 135 days after formation. Signs of [C-S-H gel] can be seen in (b) and the completely self-
healed crack is observed in (c).

The strengths of the concretes examined in the field tests are shown in Table 1 and the kinetics 
of their self-healing processes are presented in Table 2. Visual inspection of the 25 m2 

observation areas of each pavement section clearly showed that at all ages, the 50% CemPozz 
concrete had substantially fewer and shorter cracks than traditional 20% fly ash concrete due to 
its lower levels of drying shrinkage [20]. Table 2 also demonstrates that the average number of 
cracks in the high volume pozzolan concrete (50 % CemPozz) decreases over time, which is a 
direct consequence of the self-healing of its micro cracks. This increased self-healing ability is 
explained by the high pozzolanic activity of CemPozz manufactured with fly ashes having high 
calcium oxide (CaO) contents.
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Table 1. Compressive strength, MPa, of drilled cores collected during field tests in Texas
Type of sample Compressive strength

after 3 months in the field
Compressive strength
after 3 months in the field and 3
months under water

Control without drying 
shrinkage cracks

45.6 53.8

Samples with drying 
shrinkage cracks

38.7 52.1

Table 2. Number and average lengths of cracks in the 25 m2 observation areas of pavements
with different CaO contents as recorded during field tests in Texas.
Curing
period,
months

Ref. concrete
(20%  fly ash),
5% CaO

CemPozz 
concrete,
2% CaO

CemPozz 
concrete,
5% CaO

CemPozz concrete,
10% CaO

Number 
of 
cracks

Average 
crack 
length, 
mm

Number 
of 
cracks

Average 
crack
length,
mm

Number 
of 
cracks

Average 
crack
length, 
mm

Number 
of 
cracks

Average 
crack
length,
mm

2 12 24 8 17 9 15 6 11
3 14 22 10 18 10 15 8 12
6 12 18 7 12 5 11 5 8
9 11 17 6 10 4 8 4 6

3.3 Microstructure characterization

The results of Thermo Gravimetry, TG, and porosimetry experiments on the studied cement 
pastes after curing for up to 2.5 years (50/50 sealed/wet cured) are presented in Tables 3 and 4,
respectively. EFAP denotes energetically modified 50/50 OPC/FAP paste, while BFAP is a
50/50 OPC/FAP blended paste.

As shown in Table 3, the total mass loss from the EFAP (energatically modified) paste was only 
slightly greater than that for the BFAP (blended) paste at most time points, and was actually 
slightly lower after 910 days’ aging, probably because its denser matrix hindered its reactions. 
The calcium hydroxide (CH) content of EFAP exceeds that of BFAP after one day of aging but 
decreases more rapidly over time and is below the value for BFAP after 28 days. This indicates 
that the pozzolanic reaction of fly ash is faster in EFAP (in which it clearly begins after only 1-3
days of aging) than in BFAP (where the reaction apparently starts at some point between 7 and 
910 days). This is understandable because the spherical shells of untreated fly ash particles are 
crushed during the milling process used to produce EFAP, allowing reactions to occur 
simultaneously on both sides of the glassy fly ash wall [22]. CH is consumed far more rapidly in 
EFAP paste than in BFAP: after 28 and 910 days’ curing, its rate of consumption in EFAP is 13 
% and 27 % greater than in BFAP, respectively.
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Table 3 Thermal analysis results for Energetically modified (EFAP) and Blended (BFAP) pastes 
of 50% Ordinary Portland Cement (OPC) and 50% Fly Ash Paste (FAP) as a function of curing 
time. Results for the two pastes are separated by a slash (EFAP / BFAP).
Curing time Total mass

loss (%)
Degree of
hydration (%)

CH (%) CH/mass
loss (%)

6 h / 12 h 6.89 / 7.30 28 / 29 4.11 / 3.90 60 / 53
1 day 8.64 / 7.96 69 / 64 8.65 / 6.92 100 / 87
3 days 9.93 / 9.73 79 / 78 9.28 / 8.67 93 / 89
7 days 10.38 / 10.20 83 / 82 9.18 /  8.62 88 / 85
28 days 11.15 / 10.89 89 / 87 7.37 / 8.25 66 / 76
910 days 13.46 / 14.27 108 / 114 3.99 / 5.78 30 / 41

The general trends revealed in Tables 3 and 4 are that the porosity decreases as a function of 
time and the specific surface area increases over time as the pores becomes smaller in size but 
more numerous (possibly indicating the development of gel pores). The average density of 
solids decreases as a function of time because the amount of crystal water in the paste increases 
as hydration proceeds. The EFAP paste is less porous than the BFAP paste after around 7 days 
due to its greater degree of hydration and more rapid pozzolanic reactions. The difference 
between the pastes is especially pronounced after 910 days.

Table 4 Specific surface area, Sg, particle density (ρp), solid density (ρs), mercury-accessible 
porosity (εHg) and helium-accessible porosity (εHe) of EFAP / BFAP pastes as a function of 
curing time.
Curing
time

Sg (m2/g) ρp (kg/m3) ρs (kg/m3) εHg (vol%) εHe (vol%)

6 h /12 h 8.4/9.7 1,300/1,231 2,588/2,519 48.2/47.7 49.8/51.1
1 day 20.0/15.5 1,302/1,243 2,373/2,359 43.7/44.7 45.2/47.3
3 days 32.8/22.7 1,349/1,313 2,264/2,260 39.3/38.4 40.4/41.9
7 days 30.6/20.7 1,377/1,383 2,235/2,248 37.6/35.9 38.4/38.5
28 days 40.2/27.2 1,349/1,371 1,931/2,102 31.7/34.7 30.1/34.8
910 days 35.7/44.7 1,324/1,180 1,609/1,856 23.2/40.5 17.7/36.4

The pore size distributions of the two samples are plotted in Figure 9, revealing that both pastes 
have a relatively fine pore structure: the average pore openings of EFAP and BFAP are 11 and 
22 nm in diameter, respectively. However, the two pastes’ pore size distributions are very 
different. BFAP has a bimodal distribution with substantial numbers of pores having diameters 
of around 600 nm and the rest being smaller than 100 nm. EFAP, on the other hand, has only a 
few pores with diameters above 40 nm. The reason why εHg > εHe after 910 days’ curing (see 
Table 4) is probably that the highly pressurized mercury used to determine εHg crushes delicate 
structures that form in the paste after extensive curing, opening up otherwise inaccessible pores.



142 
 

Figure 9. Pore size distribution in EFAP and BFAP pastes at 7, 28 and 910 days. 

4. CONCLUSIONS AND FUTURE WORK

The results of the laboratory and field tests as well as visual inspections of the studied concretes 
indicate that: 

1.Cracks in the surfaces of high volume pozzolan concrete beams were gradually filled in 
without any external intervention. It is suggested that this was due to the synthesis of C-
S-H gel within the concrete, driven by ongoing pozzolanic reactions. The cracks were 
completely filled in after about 135 days. 

2.Crack healing during field tests conducted in the United States was even more rapid than 
in the laboratory. This may be due to the comparatively low CaO content of the raw ash 
used in the concrete studied in the field test, and the higher curing temperature. 

3.Self-healing of drying shrinkage cracks had a positive impact on the long-term strength of 
the tested concrete. After 90 days of curing, the compressive strengths of the control 
samples (without cracks) and concrete samples with self-healed cracks were about the 
same.

4.The number and length of cracks in paving made with 50 % CemPozz (EMC-processed 
pozzolan) decreased over time. This process was accompanied by a recovery of the 
concrete’s strength. 

5.Observations of a highway pavement indicated that increasing the content of calcium 
oxide had a favourable effect on the kinetics of crack healing in concrete mixes with 
50% Portland cement replacement.     

6.Cement pastes containing 50% by mass of highly reactive EMC-treated pozzolans (i.e. 
CemPozz) exhibited high levels of hydration with lower levels of porosity and much 
finer pores than traditional OPC/Fly ash blends. These features are expected to increase 
the self-healing capacity and overall durability of EMC concrete.      
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Future studies will build on the results presented herein by seeking to validate the hypothesis
that voids and cracks up to 0.2 mm wide can be filled by self-healing, and will assess the effect 
of such self-healing on the durability of concrete structures. In addition, efforts will be made to 
identify boundary conditions that can be used to select appropriate EMC concrete mixtures for 
various applications such as road construction. 
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ABSTRACT

A proper mix design optimizes the environmental impact and the 
cost effectiveness of a concrete mix. A minimum cement paste 
content is desirable without jeopardizing the concrete properties. 
As the paste content is dependent on the packing properties of the 
aggregates it is of interest to estimate the packing correctly. Three 
methods to optimize the aggregate distribution have been 
evaluated by concrete tests: one curve fitting method and two 
particle packing methods. Also mortar tests were performed. It is 
shown that the methods suggest very different aggregate 
distributions for an optimum concrete mix and they cannot handle 
fine crushed aggregate consuming a lot of mixing water correctly.

Key words: Aggregate, Mix design, Fresh concrete, Mortar, 
Cement paste

1. INTRODUCTION

The environmental impact and the cost effectiveness of concrete highly depend on the cement 
paste content as cement is responsible for a major part of the CO2 emissions in a concrete, see 
e.g. [1]. Water cement ratio, binder types, aggregates and admixtures have a big impact on the 
cement paste content in the concrete and it is of interest in mix design to optimize the paste 
content without jeopardizing the concrete properties. Moreover, 60-70% of the concrete volume 
consists of aggregate i. e. its properties and distribution have a large influence on the concrete 
performance. 
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Crushed fine aggregates have been introduced in concrete production as a replacement for 0-8
mm natural aggregate. The crushed fine aggregates have normally a higher content of fines (< 
63 μm) and a flakier shape which result in higher requirements of water, binder and admixture
[2]. The shape of the crushed particles can be adjusted by different crushing processes. For 
instance vertical-shaft impactors (VSI:s) can be used to cubisize flaky particles but the process 
generates a large amount of fines. 

One problem today is that the aggregate properties can be described in many ways among 
others: sieve curve, flakiness index, packing density, flow value, surface texture. Furthermore
there exist no standardized (package of) test methods that evaluate if the aggregate is suitable for 
concrete production. For crushed fine aggregates 0-2 mm, these test methods can give an 
indication how the concrete rheology is affected but none of them can be used as a fundamental 
parameter [2].

However it is clear that the aggregate distribution in the concrete can to some extent be based on
optimization curves and/or particle packing models to provide a low air void ratio of the 
particles leading to reduced cement paste content [1], [3]. Thus, loose and compacted packing 
measurements of crushed aggregate fractions tend to show a rather good correlation with 
concrete rheology [2].

Hence, the purpose with this examination is to evaluate three methods to optimize the aggregate 
distribution in concrete and to study if the methods are suitable for crushed aggregate fractions.
The research question is if the methods can be an input to the concrete mix design with suitable 
fresh concrete behaviour.

   
2. METHOD

2.1 Aggregate characterization

The following types of aggregate were used in this study

a) 0-4 mm crushed and cubisized rock
b) 0-8 mm natural sand
c) 4-8 mm crushed and cubisized rock
d) 8-16 mm crushed and cubisized rock 
e) 8-16 mm crushed rock
f) 8-16 mm natural stone

A VSI-crusher has been used by the aggregate supplier to make the crushed particles more 
cubical. Particle density, water absorption, sieve curve, flakiness index, loose particle packing 
and compressive particle packing were tested for each fraction. In the packing trials, the whole 
aggregate fraction was used i. e. no more fine or coarse material than the specified fractions was 
separated from the aggregate fraction by sieving. 

The loose particle packing tests were performed by simply pouring the aggregate fraction into a 
cylinder, see Figure 1, and the upper surface was adjusted. The packing value, φ as % by volume 
is calculated by the following equation
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𝜑𝜑 = 1 −  
𝜌𝜌𝑃𝑃−

𝑚𝑚
𝑉𝑉

𝜌𝜌𝑃𝑃
(1)

ρP = solid density, kg/m3

m = mass of aggregates, kg
V = cylinder volume, m3

A one litre cylinder was used for aggregate fractions up to 8 mm and a five litre cylinder was 
used for the 8-16 mm fractions. The packing values were not adjusted regarding the size of the 
cylinder. The compressive particle packing value was determined by filling a five litre cylinder 
in three levels. Each level was compacted by 80 hits on a jolting table, see Figure 2.

Figure 1 – Testing of loose particle packing.

Figure 2 – Testing of compressive particle packing.
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2.2 Methods to optimize aggregate distribution

Three models of optimizing the aggregate distribution were studied.

1. Fuller curve
2. Toufar model
3. 4C-packing

The Fuller curve is an optimum sieve curve presented by Fuller & Thompson [4] and it is often 
used in traditional concrete mix design. The Fuller curve optimizes the aggregates in the 
concrete, however not the whole particle mix. According to Vogt [3] the Fuller curve ensures 
continuous grading but not the highest possible grading. 
The Fuller curve P(d) is based on the following equation

𝑃𝑃(𝑑𝑑) = � 𝑑𝑑
𝑑𝑑𝑚𝑚𝑚𝑚𝑚𝑚

�
0,5

(2)

d     = particle size, mm
dmax = largest particle size, mm

The required input to the Fuller curve model is the sieve curve of each aggregate fraction, i.e. no 
packing value is considered.

The Toufar model is a particle packing model that was initially developed for binary systems 
but can also be used for three aggregate fractions [5], [6]. According to the inventors of the 
model [5], the packing density depends on the diameter ratio of the two particle fractions that 
are to be mixed. Ideally, it is assumed that each of the fine particles is placed exactly between 
four course particles. Input data to the model, which has been modified by Goltermann et al. [6], 
includes packing density φ and characteristic diameter dchar of each material used in the 
aggregate combination. It is the modified Toufar model that has been used in this examination.

The 4C-packing concept is a computer software based on the Linear Density Packing Model 
[7]. The software was developed by DTI in Denmark and can be used as a base for concrete mix
design. The 4C-tool calculates the total packing densities for various mixed fractions of 
aggregate and thus suggests an optimized grading curve. Input data needed is particle density, 
sieve curve and particle packing value of each aggregate fraction. There is also a parameter 
called μ that needs to be decided. The μ-value quantifies the so called loosening effect and will 
normally be in the range of 0.07 - 0.13 [8]. The value indicates possible ratio between small and 
large particles. Moreover, spherical particles have higher μ-value than flaky particles. 

2.3 Concrete trials

Concrete recipes were created based on the suggested optimum aggregate distribution as an 
output from the three methods above. The following aggregate compositions were tested.

I. 0-8 mm natural sand + 8-16 mm natural stone (aggregate b and f above).
II. 0-4 mm crushed and cubisized rock + 4-8 mm crushed and cubisized rock + 8-16 mm 

crushed and cubisized rock (a, c and d).
III. 0-4 mm crushed and cubisized rock + 4-8 mm crushed and cubisized rock + 8-16 mm 

crushed rock (a, c and e).
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Concrete mixtures with two w/c (0.40 and 0.65) were tested with a fixed dosage of 
superplasticizer per cement weight, 0.4% for w/c 0.40 and 0.1% for w/c 0.65. Concrete batches 
of 20 litres were mixed and slump, density and air content were documented on the fresh
concrete. The water cement ratio was kept constant. The cement paste content was varied to 
change the consistency.

2.4 Mortar rheology

The rheology of the mortar phase (< 1.0 mm particle diameter) from the fresh concrete was 
tested by sieving a mortar sample using a 1.0 mm sieve and a bottom container. Approximately 
500 gram of the fresh concrete was put on the sieve and the bottom container that were placed 
on the vibrating table. By vibration it was possible to collect mortar sample of approximately 50 
gram to be examined in a rheometer of type TA-Instruments AR 2000 ex, see Figure 3.

Figure 3 Rheometer TA-Instruments AR 2000 ex.

The used geometry in the rheometer is a serrated cup with diameter 32.0 mm and a serrated 
cylinder with diameter 24.0 mm, which provides a gap of 4 mm. The height of the cylinder is 
60.0 mm. The measurement testing sequence uses a 10 seconds pre-shear rate at 300 s-1

followed by 5 different shear rates in descending order; 300, 240, 180, 120, 60 s-1. Each shear 
rate lasts for 15 seconds and the average torque is read off the last 5 seconds. The Bingham 
model is used to calculate the yield stress and plastic viscosity.

3. RESULTS

3.1 Aggregate properties

The sieve curves of the aggregates, see Figure 4, show that the 0-4 mm crushed and cubisized 
material contains more fine particles than the natural, which means an increased water demand. 
It is also seen that the crushed 8-16 mm aggregate demonstrates a large amount of particles 
(36%) passing the 8 mm sieve.
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Other properties of the aggregates used are shown in Table 1, where it is observed that there is a 
big difference between the aggregates regarding loose packing. The difference is smaller for 
compressive packing since the crushed materials gets more compacted with this packing method 
compared to the natural material.

Figure 4 – Sieve curves for the aggregates used in this study.

Table 1 – Aggregate properties. Solid density is measured according to EN 1097-6 and 
Flakiness index according to EN 933-3. Packing values are presented as % by 
volume.

Solid 
density

(kg/m3)

Flakiness
index

(%)

Loose
Packing

(%)

Comp.
Packing

(%)

Increased
Packing

Loose to Comp
(%)

a) 0-4 mm crushed + cubisized 3020 - 61.7 76.4 23.8
b) 0-8 mm natural 2650 - 66.3 76.8 15.8
c) 4-8 mm crushed + cubisized 3100 - 54.4 61.1 12.3
d) 8-16 mm crushed + cubisized 2950 14 53.3 59.7 12.0
e) 8-16 mm crushed 3110 22 48.5 55.5 14.4
f) 8-16 mm natural 2660 4 60.5 64.8 7.1

3.2 Aggregate compositions

The aggregate properties above were used as input data to computer models of the methods
(Section 2.2). The outcome, i. e. the optimum distribution for the highest packing value is 
presented in Table 2. The μ-value in 4C-packing was set to 0.10 for natural aggregates and 0.07 
for crushed aggregates according to recommendations [8].
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Table 2 – Optimum aggregate distributions presented as % by volume for composition I - III.

Aggregate Composition 
Fuller Toufar 4C-packing

Loose Pack Comp Pack Loose Pack Comp Pack
I
0-8 mm natural 61% 43% 50% 49% 42%
8-16 mm natural 39% 57% 50% 51% 58%
II
0-4 mm crushed + cubisized 55% 43% 54% 39% 57%
4-8 mm crushed  + cubisized 12% 19% 14% 0% 0%
8-16 mm crushed + cubisized 33% 38% 32% 61% 43%
III
0-4 mm crushed + cubisized 55% 50% 66% 65% 75%
4-8 mm crushed  + cubisized 0% 19% 11% 0% 4%
8-16 mm crushed 45% 31% 23% 35% 21%

It is shown that there are big differences in optimum aggregate combination depending on 
method and packing technique. One logic reflection is that the 8-16 mm crushed aggregate is a 
flaky material with low particle packing and therefore the particle packing models suggest a 
very low amount (21-35%) from that fraction. Another observation from Table 2 is that the 4C-
packing model avoids using the 4-8 mm fraction – the reason of this is not clear.

The combinations in bold characters in the table were used in the concrete trials where
compressive packing values were solely chosen for 4C-packing based on the instructions in the 
user´s manual [8]. From the Toufar model results, the most realistic aggregate composition mix 
was chosen based on the authors´ experience.

3.3 Concrete results

The results from the concrete trials with aggregate composition I, see Figure 5, show that all
three methods work quite well for natural aggregates with quite spherical particles. The required 
cement paste content to reach 200 mm slump (consistency class S4 – upper limit) was 310 – 320
litres for w/c 0,40 and 300 litres for w/c 0.65. The corresponding cement contents are 
approximately 400 kg for w/c 0.40 and 285 kg for w/c 0.65. 

The lowest paste volume needed, i. e. the lowest environmental impact and thus the “best 
composition”, is obtained by means of the 4C-packing. However these concrete mixes were very 
unstable at the visual inspection which is explained by a very high amount of 8-16 mm 
aggregate (58%). Instead, it was judged that the Toufar model and the Fuller curve gave the 
most convincing concrete mixes regarding consistency and robustness for aggregate 
composition I, despite a somewhat larger amount of cement paste needed.
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Figure 5 – Slump as a relation to cement paste volume for concrete with aggregate composition
I. Fuller: 61% 0-8 mm ; Toufar 50% 0-8 mm ; 4C 42% 0-8 mm. 

With aggregate composition II, the clear impact of aggregate performance on required cement 
paste content is observed especially at low w/c ratios, see Figure 6. Compared to the natural 
aggregates in Figure 4, the required cement paste content to reach 200 mm slump has increased 
by approximately 100 – 120 litres when 100% crushed and cubisized aggregate is used.

It is also observed in the figure that there is a correlation between the cement paste content and 
the amount of 0-4 mm aggregate in the mix i. e. the lowest volume of fine particles, as suggested 
by the Toufar model, leads to the lowest paste content needed. Regarding fresh concrete 
performance, none of the mixes showed any tendencies to segregation. All of the w/c 0.40 
concretes have a high viscosity due to the high amount of fines.

Figure 6 – Slump as a relation to cement paste volume for concrete with aggregate composition
II. Fuller: 55% 0-4 mm ; Toufar 43% 0-4 mm ; 4C 57% 0-4 mm.
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For composition III, with a change of coarse aggregate type,  the required cement paste content 
is even higher, see Figure 7. Due to the poor particle packing values for the new crushed 8-16 
mm aggregate (some 3 - 5 % lower than the cubisized 8 – 16 mm, see Table 1), the packing 
models suggests this fraction on a low level. Instead, this leads to high amounts of 0-4 mm 
crushed and cubisized material, which consumes a lot of water which in turn has a negative 
influence on the concrete. 

The optimal packing based on the 4C-packing software suggest 75% of 0-4 mm which is rather 
unrealistic as the required cement paste content get very high. Again, it seems that the Toufar 
model is the best method for aggregate composition III, i. e. the method suggests the lowest 
cement paste needed without having a negative influence on the concrete performance as judged 
from the visual inspection. It is also noted that the concretes with w/c 0.40 were very viscous.

Figure 7 – Slump as a relation to cement paste volume for concrete with aggregate composition
III. Fuller: 55% 0-4 mm ; Toufar 50% 0-4 mm ; 4C 75% 0-4 mm. 

The air content was tested in the fresh concrete, see Figure 8 and 9. The increased slump was 
caused by an increased cement paste content and not by addition of superplasticizer since that 
dosag was constant. The results show that there is a general difference in air content between the 
w/c ratios. A possible reason is the difference in viscosity of the cement paste. A low viscosity 
(w/c 0.65) makes it easier for the entrapped air to release from the concrete. For w/c 0.65 also a
relation between the slump and the air content can be observed i. e. a higher slump value gives 
lower air content. In the concrete with w/c 0.40 there are two low air contents that differ from 
the others which are obtained with concretes with aggregate composition I and a high amount 
(58%) of 8-16 mm aggregates.
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Figure 8 – The relation between slump and air content at w/c 0.40.

Figure 9 – The relation between slump and air content at w/c 0.65.

3.4 Mortar results

The rheolocical properties expressed as yield stress and plastic viscosity are presented in Figures 
10 - 12. It is shown that the plastic viscosity increases by using crushed aggregates instead of 
natural, compare Figures 11 and 12 with Figure 10. This is expected since there are more fine 
particles in the 0-4 mm crushed and cubisized compared to 0-8 mm natural that logically 
increases the stiffness (i. e. yield stress) and viscosity of the mortar. For all compositions, the 
yield stress and plastic viscosity decreases by increasing the cement paste content in general. 
The results with composition II and III with crushed aggregates indicate that the distribution by
the Toufar model has the lowest plastic viscosity. This corresponds well to the lower amount of 
0-4 mm crushed and cubisized material suggested by the model as compared with the other 
methods.
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Figure 10 – Rheology of the mortar phase < 1.0 mm extracted from concrete with aggregate 
composition I, different cement paste contents and aggregate distributions.

Figure 11 – Rheology of the mortar phase < 1.0 mm extracted from concrete with aggregate 
composition II, different cement paste contents and aggregate distributions.
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Figure 12 – Rheology of the mortar phase < 1.0 mm extracted from concrete with aggregate 
composition III, different cement paste contents and aggregate distributions.

The relation between concrete slump and mortar yield stress is presented in Figure 13. A 
tendency of decreasing slump value by higher mortar yield value is seen. The correlation is quite 
good for aggregate composition I but  for II and III the scatter is evident.  

Figure 13 – The relation between concrete slump and mortar yield stress

4. DISCUSSION AND CONCLUDING REMARKS

Crushed aggregate in all fractions is already a reality for many concrete producers and the use of 
it will increase in the future. New opportunities with larger numbers of aggregate fractions to 
combine at the concrete plant will be possible but there will also be challenges to handle flaky 
particle shapes and more fine particles of the crushed aggregate than with natural aggregate.

In this study some existing methods to optimize the aggregate distribution were tested by 
laboratory test of fresh concrete behaviour. Interesting and logical results are obtained e. g. that 
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the slump i. e. the consistency increases by increasing cement paste and that the output 
aggregate compositions from the methods suggest complete different concretes. 

It is thus obvious that these methods are not fully suitable to optimize all the fractions of 
crushed aggregates among other things since the curve optimization and particle packing models 
do not take the water demand into account. In this case, the 0-4 mm crushed and cubisized 
material used, despite a high packing value, is a poor material for concrete production since it 
consumes a lot of mixing water. Thus, there is a risk that the suggested percentage of fine 
aggregates will be too high and the need for cement paste gets high for achieving an acceptable 
fresh concrete consistency.

Another disadvantage with the methods of aggregate optimization tested is that the w/c ratio is 
not taken into account and the aggregate distribution will be the same for all concrete qualities, 
from the lowest strength class to a high strength concrete. Normally, according to experience of 
concrete engineers, the coarse aggregate fraction is increased when the w/c gets lower since the 
amount of fine particles (cement) increases. 

The results in this study also show that the air content in the fresh concrete depends on the w/c-
ratio and the consistency. It might be possible to create more accurate concrete recipes by 
choosing air content based on the concrete quality and consistency class.

The method to evaluate the concrete rheology, by testing yield stress and plastic viscosity on a 
mortar with dmax < 1 mm extracted from the fresh concrete, seems promising. The mortar results 
look logical with a good correlation to the concrete behaviour. 
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