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Preface 
 
Nordic Concrete Research is since 1982 the leading scientific journal concerning concrete 
research in the five Nordic countries, e.g., Denmark, Finland, Iceland, Norway and Sweden. 
The content of Nordic Concrete Research reflects the major trends in the concrete research.  
 
Nordic Concrete Research is published by the Nordic Concrete Federation which also 
organizes the Nordic Concrete Research Symposia that have constituted a continuous series 
since 1953 in Stockholm. The Symposium circulates between the five countries and takes 
normally place every third year. The next symposium, no. XXII, will be held Reykjavik, 
Iceland 13 - 15 August 2014, in parallel with the ECO-CRETE conference. More information 
on the research symposium can be found on the webpage of the Nordic Concrete Federation; 
www.nordicconcrete.net 
 
Since 1982, 397 papers have been published in the journal. Since 1994 the abstracts and from 
1998 both the abstracts and the full papers can be found on the Nordic Concrete Federation’s 
homepage: www.nordicconcrete.org. The journal thus contributes to dissemination of Nordic 
concrete research, both within the Nordic countries and internationally. We are very pleased, 
that during the latest years, growing interests in participating in the Nordic Concrete Research 
symposia, as well as for publishing in NCR have been observed.  
 
The high quality of the papers in NCR are ensured by the group of reviewers presented on the 
last page. All papers are reviewed by three of these, chosen according to their expert 
knowledge.  
 
Since 1975, 75 Nordic Miniseminars have been held – it is the experience of the Research 
Council of the Nordic Concrete Federation, that these Miniseminars have a marked influence 
on concrete research in the Nordic countries. In some cases, the information gathered during 
such Miniseminars has been used as Nordic input to CEN activities.  
 
 
 
  
 
 
 
Vodskov, June 2013 
 
Dirch H. Bager 
Editor, Nordic Concrete Research 
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ABSTRACT 
 
In 2011, the first demonstration project in the Danish steel fibre 
concrete consortium was carried out. A large foundation slab for a 
new rainwater basin was cast with steel fibre reinforced SCC 
(SFRSCC). Two designs were prepared in order to assess the 
potential benefits of a steel fibre concrete solution i) a 
conventional reinforcement solution without steel fibres and ii) a 
combined reinforcement solution including both conventional 
reinforcement and steel fibres. Both were designed to fulfil the 
maximum crack width requirement of 0.2 mm, however, the total 
amount of steel was reduced by 40 % in the combined 
reinforcement solution. This paper presents results from 4 point 
bending of full scale beams comparing these two reinforcement 
solutions. The results verified that the combined reinforcement 
solution provides similar or enhanced crack control up to crack 
widths of 0.2 mm.  
 
Key words: steel fibre concrete, scc, mechanical properties, crack 
width. 
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1. INTRODUCTION 
 
Combining steel fibres with concrete – resulting in Steel Fibre Reinforced Concrete (SFRC) – 
has been known since the sixties and the structural use of SFRC has been known and applied for 
the past 30 years. Steel fibres introduce a ductile behaviour of the concrete and contribute to the 
load bearing capacity [1-6]. Thus, it may be possible to reduce some of the conventional 
reinforcement, and obtain steel savings, reduced costs, and improved working environment for 
the concrete workers on site. 
 
Unfortunately, common European design rules and standards do not exist to account for the 
ductility of steel fibre reinforced concrete, which is one of the main barriers to overcome for a 
more common use of steel fibres in structural applications. However, a number of different 
national and international guidelines have been proposed; see Gylltoft et al. [7] for an overview 
and comparison of these.    
 
In 2010, a Danish innovation consortium on sustainable concrete structures with steel fibre 
reinforced concrete was initiated in order to prepare Danish guides on design and execution of 
SFRC based on the German guideline DAfStb 2010 [8]. The German guideline was selected 
because it has recently been published as a supplement to the German code DIN1045 and 
contains detailed design rules in line with Eurocode. The Danish consortium focuses in 
particular on steel fibre reinforced SCC (SFRSCC), which is potentially an attractive building 
material and not covered by DAfStb. Firstly, because SCC is known to improve the working 
environment and productivity [9-11]. Secondly, because the flow of SFRSCC causes fibres to 
rotate and the fibre orientation can be significant leading to significant anisotropy in the 
strength, which can be viewed as both a strength and a weakness of the material [12-18]. For 
instance, Døssland [18] compared the load carrying capacity of beams with SFRC and SFRSCC 
and found quite a significant increase in moment capacity going from SFRC to SFRSCC due to 
fibre orientation.   
 
Thus, if flow induced fibre orientation is taken into account, the strength of SFRSCC in a certain 
direction may be significantly higher than that of conventional SFRC. The positive effect of 
fibre orientation may be utilised in some types of applications such as beams and walls. 
However, in slabs, significant fibre orientation in one direction is often not preferred, but 
SFRSCC is still an attractive building material from an overall sustainability point of view. 
Therefore, to study the applicability of SFRSCC for load carrying foundations slabs, a large 
foundation slab for a new rainwater basin was selected as the first full scale demonstration 
project (Figure 1). The slab dimensions were 50 m x 20 m x 0.4 m and it was cast with a C40/50 
SFRSCC. The total amount of concrete was 380 m3.  
 

 
 
Figure 1 – Construction of the foundation slab cast with SFRSCC. 
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To assess the benefits of a steel fibre concrete solution two designs were prepared, a 
conventional solution without steel fibres and a combined reinforcement solution including both 
conventional reinforcement and steel fibres. The crack width requirement wmax = 0.2 mm for 
cracks resulting from restrained shrinkage was governing for the reinforcement design. The 
crack width equation for conventional reinforcement according to the German code 
DIN1045:2008 

 cm
f

smrk sw   max,          (1) 

is amended for steel fibre reinforced concrete in the German DAfStb by  

     cm
f

smfrfk sw   11 max,   with ctmsctRf ff /,    (2) 

where αf is the ratio between the residual uniaxial post crack strength provided by the steel 
fibres fctR,s and the uniaxial first crack strength fctm. The calculated crack widths were 0.196 mm 
and 0.206 mm for the conventional and the combined reinforcement solutions, respectively. As 
SFRSCC is not covered by DAfStb due to the risk associated with fibre orientation, the 
combined reinforcement solution was designed under the assumption of a 3D random fibre 
orientation, which is typically assumed for normal vibrated SFRC. The conventional 
reinforcement solution consisted of Y16 at 100 mm in both directions at top and bottom (in total 
157 kg steel per m3 of concrete) and the combined reinforcement solution consisted of Y10 at 
100 mm welded mesh reinforcement in both directions at top and bottom and 30 kg/m3 
Dramix® RC-80/60-BN fibres (in total 92 kg steel per m3 of concrete).  
 
In order to verify the design basis and assess the applicability of SFRSCC for slabs, four full 
scale beams were produced and subjected to identical loading conditions. Four point bending 
was chosen as it is very difficult from an experimental point of view to establish a loading 
condition including restrained shrinkage.   
 
This paper presents the results from mechanical testing and subsequent evaluation of fibre 
orientation and distribution from drilled core samples. The details of the structural design and 
simulation of fibre orientation and distribution will be the subject of future papers. For the latter, 
a newly developed tool to predict fibre orientation and distribution is used [19].  
 
 
2. EXPERIMENTAL 
 
2.1 Casting of full scale beams  
 
A total of four full scale beams were produced as part of a trial casting, three of these with a 
combined reinforcement solution and the last beam with a conventional reinforcement solution 
without steel fibres. The dimensions of the beams were 5000 mm x 1000 mm x 400 mm. The 
concrete cover was 35 mm. The same concrete mix, but without fibres, was used for the beam 
without steel fibres.  
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The flow properties were measured using the so-called 4C-Rheometer, an alternative to classical 
concrete rheometers, which is designed to measure the rheological properties yield stress and 
plastic viscosity from the slump flow test [20]. The yield stress of the SFRSCC was in the range 
of 80-100 Pa, corresponding to slump flow values from 500 to 540 mm, and the plastic viscosity 
was in the range from 60-100 Pa.s corresponding to a medium viscosity according to the 
definition given in [20].  
 
To assess the effect of flow on fibre orientation and distribution, the casting conditions were not 
the same for the beams with a combined reinforcement solution. Two of the beams were cut out 
from the middle of a trial slab the size of 5000 mm x 5000 x 400 mm. The trial slab casting was 
representative of the full scale casting procedure i.e. the inlet was continuously being moved 
back and forth in a quite random way (Figure 2). The last two beams, one with the combined 
reinforcement and one with only conventional reinforcement, were cast directly in a beam 
formwork (Figure 3 and 4). The concrete was poured into the mould by placing the inlet at one 
end and then slowly moving it forward as the concrete reached the beam height. During casting, 
it was observed that the fibres had a tendency to accumulate on top of the reinforcement mesh 
when the inlet was kept for too long in the same position. Therefore the inlet was also moved 
from side to side and manual scraping was also applied. This was not as pronounced in the trial 
slab casting where it was possible to move the inlet more easily and avoid this phenomenon. 
Furthermore, the spacers between the top and bottom mesh affected the flow to some extent i.e. 
the velocity field was not complete unidirectional in the longitudinal direction.    
 

  
Figure 2 – Casting of trial slab with SFRSCC. Combined reinforcement solution.  
 

  
Figure 3 – Casting of full scale beam with SCC. Conventional reinforcement solution.  
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Figure 4 – Casting of full scale beam with SFRSCC. Combined reinforcement solution.  
 
 
2.2 Mechanical testing  
 
Figure 5 shows the setup for four point bending with a constant moment section of 2.4 m 
assuming that the self-weight of the concrete has only little effect on the resultant moment curve 
in the load range considered.   

 
 

 
Figure 5 – Full scale beam testing. Four point bending setup.  
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2.3 Fibre orientation and distribution 
 
The foundation slab design assumes a 3D random fibre orientation and one way to characterise 
fibre orientation is by the fibre count per unit area following the well-known equation derived 
by Krenchel [21]:  

f

f
f A

V
n            (3) 

where nf  = number of fibres per unit area,  = orientation factor, Vf = fibre volume fraction, and 
Af = cross section area of a fibre. The orientation factor varies from 0.0 to 1.0 referring to fibres 
parallel and orthogonal to the cross-section, respectively. The orientation factor is equal to 0.5 
for a perfect 3D random orientation. For the used fibre type and volume fraction, 1D fully 
aligned and 3D random orientation of fibres correspond to fibre counts of 8646 and 4323 m-2, 
respectively.  
 
After mechanical testing, drilled core samples were taken from one of the cut beams and from 
the cast beam with combined reinforcement. The drilled cores were located as shown in Figure 
6. Unfortunately, only five cores were obtained from the cut beam due to problems with the 
drilling equipment.  
 

                  

  
 
Figure 6 – Location of drilled cores (top). Cast beam (bottom/left). Cut beam (bottom/right).  
 
Subsequently, each core was split in sections as shown in Figure 7 to measure the fibre count in 
the x (longitudinal), y (transverse) and z (vertical) direction. The top and bottom sections 
represent the cover layer zones and the section was split on the inside of the inner reinforcement 
bars located 55 mm from the surface (35 mm cover layer + 2 times bar diameter of 10 mm). The 
diameter of each cylinder was 150 mm.  
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Figure 7 – Sectioning of drilled cores.   

 
 
3. RESULTS AND DISCUSSION 
 
For each beam, the crack pattern was monitored at different load steps. At each load step, all the 
cracks were detected, and the crack width and crack distance were measured (Figure 8). Figure 9 
shows the maximum crack width detected at different load levels. The results show that the 
cracks widths in the combined reinforcement solution are somewhat lower than or equal to the 
conventional solution up to a moment of approximately 150 kNm/m. This indicates that the 
combined reinforcement solution provides similar or enhanced capacity in the serviceability 
limit state (SLS) compared to the conventional solution without steel fibres. The average 
distance between the cracks in the combined and conventional reinforcement solution was 
approximately 100 and 150 mm, respectively.   
 
 

  
 
Figure 8 – Crack detection. 
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Figure 9 – Manually measured crack widths.   
 
The full moment-deflection curves are shown in Figure 10. The deflection represents vertical 
deflection at the centre of the constant moment section. The behaviour of the two solutions is 
quite similar up to a moment of approximately 180 kNm/m. The beams with the combined 
reinforcement solution were loaded until failure occurred at approximately 240 kNm/m. If fibres 
had not been included, the calculated yield moment with 10 mm bars is 154 kNm/m. Thus, the 
addition of steel fibres increased the load bearing capacity with approximately 56 %. In all the 
three beams with steel fibres, failure occurred just above one of the loading points where the 
moment is approximately 3% higher than in the centre of the “constant moment section” due to 
self-weight of the beam.     
 
As expected, the ultimate load carrying capacity of the conventional solution is larger than the 
combined reinforcement solution, however, to avoid damages to the equipment, the load was 
released after yielding had occurred but before failure. Yielding appeared at a moment of 
approximately 375 kNm/m which is in very good agreement with the calculated value of 379 
kNm/m.  
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Figure 10 – Moment versus vertical deflection over the constant moment section.    
 
Figure 11 shows the average fibre counts on the drilled cores from the cast and the cut beam, 
respectively. The red dashed lines represent theoretical fibre counts for 3D random and 1D full 
alignment. Comparing the fibre counts in the x-direction shows that the highest values are 
obtained for the cast beam except for the top section. This may explain why the cut beams 
exhibit a slightly better moment - crack width performance.  
 
Importantly, the fibre counts show that the values in the x and y-direction are close, in particular 
for the cut beam, and that these values are close to the 3D random value assumed in the design. 
Thus, it may be assumed that the slab performance is the same in both directions (x and y).   
 

  
 
Figure 11 – Average fibre counts on drilled cores from the cast and the cut beam, respectively.  
 
For the cast beam, the x-direction shows the highest values followed by the y- and z-direction. 
This corresponds to the x-direction being the dominant flow direction; however, for the top 
section the highest value is found in the z-direction. This may reflect the challenges observed 
during casting i.e. the tendency for fibre accumulation on the top mesh and the subsequent 
manual operations to avoid fibre balling.  
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For the cut beam the trend is somewhat similar with the lowest fibre counts found in the z-
direction. Due to the much more random casting procedure, a dominant direction is not expected 
and the values x and y-direction are more similar. The bottom fibre count is somewhat lower, 
which may indicate that fibres in some places had difficulties penetrating into the cover layer 
zone.  
 
Compared to conventional SFRC, the tendency for higher fibre counts in the x and y-direction 
may be an advantage over conventional SFRC. For the latter, one of the problems seem to be the 
tendency of steel fibres to orientate in the z-direction close to the poker vibrator.  
 
The comparison of fibre counts to the theoretical 3D and 1D values has assumed a constant fibre 
concentration of 30 kg/m3. To validate this assumption, the samples need to be crushed. These 
particular core samples have not been crushed, however, prior to cutting the beams out of the 
trial slab, another five core samples were drilled from the trial slab and crushed. Fibre 
concentrations from 28 to 31 kg/m3 were obtained with an average value 29 kg/m3. In the up-
coming work, the drilled cores from the full scale beams will also be crushed both to validate 
the overall fibre concentration but also to study the fibre concentrations from top to bottom. In 
this way, it will be possible to study fibre orientation from top to bottom in more detail as the 
fibre count is a function of both fibre orientation and fibre concentration according to equation 
3.    
 
The results of mechanical performance combined with fibre counts indicate that SFRSCC is 
applicable for this type of structure. Local variations in fibre counts will occur, which reflect 
variations in fibre orientation and/or concentration, but it is expected that over a larger area 
these are leveled out and as a result the mechanical performance is more or less the same in the 
two load carrying directions (x and y).   
 
 
4. CONCLUSION 
 
A large foundation slab was selected as the first demonstration project in the Danish innovation 
consortium on sustainable concrete structures with steel fibre reinforced concrete. The slab was 
cast using SFRSCC, which has some advantages over conventional SFRC in terms of working 
environment and productivity. However, the main question was whether existing design rules 
for SFRC also apply to SFRSCC where flow induced fibre orientation and distribution can be 
significant. Two designs were prepared, one without steel fibres and one with a combined 
reinforcement solution. Both were designed to obtain the same performance in the serviceability 
limit state i.e. a maximum crack width of 0.2 mm caused by restrained shrinkage. In the 
combined reinforcement solution the total amount of steel was reduced by 40 % compared to the 
conventional solution. As part of a trial casting, four full scale beams were produced in order to 
verify the design basis. The results show that the combined reinforcement provides a) similar or 
enhanced performance up to crack widths of 0.2 mm and b) lower ultimate bearing capacity. 
Results from fibre counts on drilled cores indicate that it is possible to cast SFRSCC in slabs 
and produce a similar performance in both of the two load carrying directions (x and y). Local 
variations in fibre counts will occur due to variations in fibre orientation and/or fibre 
concentration, however, seen over a larger area it is expected that these are leveled out.    
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ABSTRACT 
 
In this study fly ash concrete, 3-powder concrete (Portland 
cement, fly ash, silica fume) and concrete based on slag cement 
have been investigated. Self-compacting and slump concretes 
were designed using the same aggregate materials and to have as 
similar compositions as possible. The main differences between 
the self-compacting concretes and corresponding slump concrete 
mix compositions were that the self-compacting concretes had a 
slightly higher paste content, a higher dosage of superplasticizer 
and maximum aggregate size of 16 mm compared to 22 mm for 
slump concrete. The compositions of the slump concretes were 
selected as to meet the typical Danish requirements to concrete 
structures exposed to marine conditions, i.e. the concrete was air 
entrained and having a w/c-ratio of 0.40. The concretes were 
batched and mixed using an industrial scale concrete mixing 
station applying special procedures that ensured high batching 
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accuracy and identical mixing sequence. The fresh concrete 
properties of air content, density, slump, slump flow, plastic 
viscosity and initial setting time were measured and a suite of test 
specimens were cast comprising cylinders and cubes as well as 
larger size blocks for long term exposure testing. The strength 
development and accelerated durability parameters such as frost 
resistance and chloride migration coefficient were assessed. 
Chloride penetration profiles were obtained after 6 months of 
exposure to sea water. The results indicate that self-compacting 
concrete performs similar to the conventional slump concrete in 
all aspects of durability. 
 
Key words: Self-compacting concrete, slump concrete, 
supplementary cementitious materials, durability. 

 
 

1. INTRODUCTION 
 
Self-consolidating concrete (SCC) is widely used in DK. The majority of precast plastic 
concrete is SCC and close to 40 % of the ready-mixed concrete production is SCC. However, 
even if SCC in Danish regulations is fully allowed for any exposure, SCC is generally not used 
under severe exposure conditions such as marine environments, the purpose for which it was 
originally developed in Japan in the late 1980’s [1].  
 
One reason for the limited use of SCC might be a lack of economic benefit. It is easy for the 
contractor to see the benefit from needing only two people to do the job that with conventional 
concrete would require six people. This is typically the case for simple slabs on ground when 
comparing the required manpower of a SCC solution compared to a slump concrete solution, 
and therefore the extra cost per cubic meter of SCC pays off [2]. For the more complicated and 
perhaps vertical formwork often required for structures exposed to severe environmental 
conditions the picture can be less evident. The benefit of using SCC may be reduced for a 
number of reasons: 
 
 the labor cost for the actual casting process is relatively low 
 the cost of formwork is increased as hydrostatic pressure needs to be accounted for 
 the need for more careful control of concrete workability 
 the need for more careful planning and control of the concrete casting 
 the geometrical accuracy of free surfaces is not as good as can be achieved with slump 

concrete. 
 
However it must be realized, that even if SCC is allowed in any exposure class only limited 
documentation exists that SCC based on local materials and traditions will perform just as good 
in service in terms of durability as a conventional solution using slump concrete. This is 
obviously not an optimal situation for the promotion of SCC. 
 
Consequently, in Denmark there is a need for documentation of durability properties of SCC 
mix designs having comparable materials cost to conventional concrete mix designs. This was 
among the reasons why Femern A/S as owner of the coming Fehmern Belt Fixed Link between 
Denmark and Germany initiated laboratory and field tests on the durability of a variety of 
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concrete compositions - including SCC - all potentially suitable for marine structures. Selected 
durability parameters from accelerated testing as well as parameters from large marine exposure 
test specimens are presented and compared for SCC and conventional slump concrete with three 
different binder systems Portland cement (CEM I) + fly ash, Portland cement (CEM I) + fly ash 
+ silica fume, and blast furnace slag cement (CEM III/B). 
 
 
2. EXPERIMENTIAL WORK 
 
The concrete compositions and the testing program were designed in a co-operation between 
Femern A/S and Danish Technological Institute. The experimental work comprised mixing, 
casting and testing of six types of concrete, three self-compacting and three conventional slump 
concretes of similar binder compositions; Portland cement (CEM I) + fly ash, Portland cement 
(CEM I) + fly ash + silica fume, blast furnace slag cement (CEM III/B). For each concrete type 
two concrete blocks with dimensions 2000 x 1000 x 200 mm and 1000 x 1000 x 200 mm 
respectively were produced and furthermore a number of cylinders and cubes were cast. The 
large blocks were exposed to the marine conditions at the Fehmern Belt exposure site at 
Rødbyhavn, while the smaller block, the cylinders and the cubes were used for initial 
characterization of the different concrete types. 
 
The test program comprised the measurement of fresh concrete properties (air content, density, 
slump/slump flow, air void distribution, setting time, bleeding and for SCC furthermore yield 
stress, plastic viscosity and t500) on each batch of concrete. The cylinders were used for 
determination of compressive and splitting tensile strength developments (EN 12390‐3, EN 
12390‐6, EN 12390‐7) and the cubes were used for determination of frost resistance according 
to SS 13 72 44‐IA. Cores were drilled from the smaller elements after 28 maturity days and used 
for determination of compressive strength (EN 12504‐1) and frost resistance (SS 13 72 44‐IIIA), 
air void analysis (EN 480‐11), petrographic analysis (DS 423.41, DS 423.42, DS 423.43, DS 
423.44, DS 423.45) and measurement of chloride migration coefficient after 28 as well as 180 
maturity days according to NT Build 492. 
 
Cores were drilled from the large elements after 6 months of exposure and used for 
determination of compressive strength (EN 12504‐1), air void analysis (EN 480‐11), 
petrographic analysis (DS 423.41, DS 423.42, DS 423.43, DS 423.44, DS 423.45) and 
measurement of chloride profiles from 1m below the water level according to the principles of 
NT Build 443. Based on the chloride profiles the diffusion coefficient and surface concentration 
was estimated. 
 
Only selected important durability related parameters from the test program are presented in this 
article. More data on the six concrete types presented in this study as well as nine other concrete 
types can be found at www.concreteexpertcentre.dk. 
 
 
2.1 Materials and mix proportions 
 
The cementitious materials used were a CEM I 42.5 N Portland cement (low alkali sulfate 
resisting cement) from Aalborg Portland, class F fly ash (Emineral B4) from the coal-fired 
power plant in Asnæs, silica fume from Elkem in aqueous suspension (EMSAC 500S) and a 
CEM III/B 42.5 N slag cement from CEMEX’s plant in Schwelgern Germany.  
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The fine aggregate used was Storebæltssand 0/2 mm obtained by sea dredging at “Rønne 
Banke” near the Danish island of Bornholm in the Baltic Sea. The Storebæltssand was used 
back in the early 1990’s for the production of the tunnel lining elements for the Great Belt Link. 
The fine aggregate does primarily consist of quartz.  
 
The coarse aggregate used was crushed granite from Rønne on the Danish island of Bornholm in 
the fractions 4/8, 8/16 and 16/22 mm. The Rønne granite has a long track record in Danish 
infrastructure projects and was e.g. used for the concrete for the East Bridge of the Great Belt 
Link.  
 
Air entraining agent (Amex SB 22) and superplasticizer (Glenium SKY 532-SU) from BASF 
were used. In order to simultaneously meet the requirements to air content (3-5 %) and air void 
distribution (spacing factor below 0.2 mm) additional defoamer had to be added to the 
superplasticizer to minimize its entrainment of relatively large air voids. 
 
The slump concretes were proportioned to meet the typical Danish requirements to concrete 
structures exposed to marine conditions, i.e. the concretes were air entrained with a target air 
content of 4.5 % and having a w/c-ratio of 0.40. The w/c-ratio was calculated using activity 
factor of 2 for silica fume and 0.5 for fly ash according to the Danish concrete standard DS 
2426. The self-compacting concretes were proportioned based on the slump concretes, but with 
slightly higher paste content. Furthermore the maximum aggregate size was reduced from 22 
mm for the slump concretes to 16 mm for the self-compacting concretes. Target slump for the 
slump concretes was 160 mm and target slump flow for the self-compacting concretes was 580 
mm. The mix proportions of the six types of concrete are presented (without admixture content) 
in Table 1. 
 
 
2.2 Mixing, casting and curing of concrete 
 
The mixing of the concretes was performed in an industrial 375 liter counter-current panmixer 
with a capacity of 250 liter ready mixed concrete. The mixing station was equipped with 5 
aggregate silos and 4 powder silos. The use of an industrial mixing station ensures the 
applicability of the results to actual full scale concrete production. In order for the concretes to 
be produced with precisely the desired water/cement ratio (within ± 0.002 of the target 0.400), a 
special batching procedure was adopted, involving very accurate determination of moisture 
content of the aggregates. Each aggregate was weighed separately onto the conveyor belt, and 
samples were taken for determination of moisture content using microwave ovens, before the 
aggregate was transferred to the mixer. After determination of moisture content, the appropriate 
amount of water to be added to obtain a water/cement ratio of 0.400 was calculated and 
subsequently weighed into the mixing stations water tank. The mixer, already containing the 
aggregates, was started and the powder was added followed by water, air entraining agent and 
finally superplasticizer. The superplasticizer was added with a delay of 30 seconds from the 
addition of water and the final mixing time after dosage of all materials was 120 seconds. After 
mixing, the concrete was discharged to a 500 liter crane bucket and fresh concrete properties 
were determined. 
 
For the casting of cylinders/cubes and the small concrete blocks, batches of 230 liter concrete 
were produced. The cylinders/cubes were cast using a vibration table for the slump concretes, 
while no compaction was applied for the self-compacting concretes. For the casting of the larger 
concrete blocks, two batches of 230 liter concrete were produced. The blocks were cast from the 
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crane bucket into the formwork. The slump concretes were cast in 3 and 6 layers of 30-40 cm 
for the small and large blocks respectively and each layer was compacted using a Ø40 mm 
poker vibrator according to HETEK report no. 74 [3]. The self-compacting concretes were cast 
through an Ø100 mm fire hose mounted at the bottom of the crane bucket using a casting rate of 
approximately 20 meters per hour. 
 
 Table 1 ─ Composition and fresh concrete properties of the six concrete types tested. 

Concrete ID 

Fl
y 

as
h 

Fl
y 

as
h 

 
SC

C
 

3-
po

w
de

r 

3-
po

w
de

r  
SC

C
 

Sl
ag

 c
e-

m
en

t 

Sl
ag

 c
e-

m
en

t S
C

C
 

Po
w

de
r 

co
m

po
si

-
tio

n 

Portland cement %-wt 75 75 84 84     
Slag cement %-wt         100 100 
Fly ash %-wt 25 25 12 12     
Silica fume, solid %-wt     4 4     

C
on

cr
et

e 
co

m
po

si
tio

n Portland Cement kg/m3 300 336 300 350 360 410 
Fly ash kg/m3 100 112 43 50 - - 
Silica fume, solid kg/m3 - - 14 17 - - 
Water content l/m3 140 157 140 163 144 164 
Aggregate 0/2 
mm 

kg/m3 642 678 677 687 689 686 
Aggregate 4/8 
mm 

kg/m3 367 349 377 354 373 353 
Aggregate 8/16 
mm 

kg/m3 271 704 272 713 263 712 
Aggregate 16/22 
mm 

kg/m3 541 - 543 - 525 - 

C
yl

in
de

rs
 a

nd
 c

ub
es

 Slump mm 160 - 160 - 140 - 
Slump flow mm - 570 - 540 - 580 
t500 s - 4.5 - 6.0 - 3.5 
Yield stress Pa - 51 - 63 - 45 
Plastic viscosity Pa·s - 58 - 47 - 62 
Density kg/m3 2340 2350 2380 2340 2360 2310 
Setting time, 
initial 

hr:min 04:50 05:10 05:00 06:20 05:40 08:20 
Air content % 5.4 4.2 4.9 4.3 4.4 5.2 

Sm
al

l b
lo

ck
 

Slump mm 180   180 - 160 - 
Slump flow mm - 570 - 550 - 560 
t500 s - 5.0 - 4.5 - 4.5 
Yield stress Pa - 49 - 60 - 53 
Plastic viscosity Pa·s - 70 - 55 - 59 
Density kg/m3 2340 2390 2360 2349 2360 2340 
Setting time, 
initial 

hr:min - - - - - - 
Air content % 5.3 3.2 5.4 4.0 4.0 4.4 
Spacing factor mm 0.12 0.24 0.15 0.18 0.19 0.15 

La
rg

e 
bl

oc
k 

Slump mm 110 - 140 - 160 - 
Slump flow mm - 620 - 590 - 610 
t500 s - 5.0 - 3.5 - 3 
Yield stress Pa - 34 - 41 - 35 
Plastic viscosity Pa·s - 91 - 38 - 59 
Density kg/m3 2330 2360 2350 2370 2320 320 
Setting time, 
initial 

hr:min - - - - - - 
Air content % 5.5 4.3 5.2 3.5 4.8 4.8 
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Demolding of the cylinders/cubes and concrete blocks was carried out 24 hours after casting. 
The cylinders/cubes were placed in a 20 °C water curing tank until test, while the blocks were 
wrapped in plastic and placed indoors until a maturity of at least 14 days was reached for the 
larger elements and 28 days for the smaller elements. Thermocouples cast into the blocks were 
used to monitor the maturity. In early April 2010 the large concrete blocks were placed at the 
exposure site in Rødbyhavn when they had reached a maturity of approximately 45 days (43-49 
days).  
 
 
3. RESULTS AND DISCUSSION 
 
3.1 Compressive strength development 
 
The compressive strength developments of the six different concrete types are presented in 
Table 2 and Figure 1. Each data point represents the average of two measurements on Ø150 mm 
cylinders. 
 
The strength development of SCC and slump concrete are similar for concrete with 
corresponding binder systems. The 3-powder concretes and slag cement based concretes have 
very similar compressive strengths at all maturities. For the fly ash concretes the rate of strength 
development is the same for SCC and slump concrete, however, the SCC consistently exhibit 
roughly 10-20 % higher strength at all maturities than the slump concrete. This difference 
cannot readily be explained even with the 1.2 % lower air content of the fly ash SCC. 
 
Table 2 ─ Compressive strength development (Ø150 mm cylinders) of the six different concrete 
types tested. 

Fly ash Fly ash SCC 3-powder 3-powder SCC Slag cement Slag cement SCC 

Maturity 
(hours) 

Strength 
(MPa) 

Maturity 
(hours) 

Strength 
(MPa) 

Maturity 
(hours) 

Strength 
(MPa) 

Maturity 
(hours) 

Strength 
(MPa) 

Maturity 
(hours) 

Strength 
(MPa) 

Maturity 
(hours) 

Strength 
(MPa) 

13.4 4.5 16.1 7.5 13.2 5.3 15.7 6.8 15.8 1.9 20.8 2.3 
25.4 10.9 25.6 12.8 26.4 14.7 22.1 10.1 23.1 3.6 27.9 3.6 
48.8 17.6 48.5 21.1 48.6 20.1 45.9 19.0 41.1 11.2 51.2 13.7 
76.2 22.1 72.1 26.1 75.4 25.5 69.6 23.4 62.5 17.6 75.9 22.6 
168 29.7 168 36.8 168 35.4 168 37.6 168 36.0 168 38.9 
672 43.8 672 52.7 672 56.2 672 59.5 672 55.6 672 52.9 

1344 50.8 1344 55.4 1344 61.3 1344 61.5 1344 59.8 1344 59.0 
Air, fresh 

(%) 5.4  4.2  4.9  4.3  4.4  5.2 

 
 
3.2 Frost resistance and air void analysis 
 
The results from testing of frost resistance of the different concretes are presented in Figures 2 
and 3 for cast cubes and drilled cores from the small blocks respectively. 
 
For the cast cubes the frost resistance of slump concrete and SCC are virtually identical. The fly 
ash and 3-powder concretes have “very good” frost resistance (< 0.10 kg/m2 scaling after 56 
freeze/thaw cycles), while both the CEM III/B concretes have only what corresponds to “good” 
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frost resistance according to the SS 13 72 44 test method. The finding that concrete containing 
blast furnace slag has a reduced salt scaling frost resistance is in agreement with previously 
reported results [4], [5]. 
 
The results for the drilled cores again characterize the CEM III/B concretes as having as a 
“good” frost resistance. For the fly ash concretes the SCC exhibits significantly poorer frost 
resistance, “acceptable” as compared to “very good”, than the slump concrete, while the 
opposite trend although less pronounced is the case for 3-powder binder system. For the fly ash 
concretes, the observed difference might be explained by a low air content (2.8 %) and high 
spacing factor (0.24) in the hardened SCC compared to the slump concrete (see Table 2). 
Generally, the spacing factor should be below 0.2 to achieve good frost resistance. The air void 
analysis can however not explain why the 3-powder SCC concrete has a better frost resistance 
compared to the slump concrete. 
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Figure 1 — Compressive strength development (Ø150 mm cylinders) of the six different 
concrete types tested. 
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Figure 2 — Frost resistance of cast cubes representing the six different concrete types tested. 
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Figure 3 — Frost resistance of drilled cores taken from the small blocks. 
 
In general the results seem to suggest that there is no difference in the frost resistance between 
slump concrete and SCC of comparable air void structure provided that both types of concrete 
have been cast properly. Although not supported by any referenced results this was also the 
conclusion by the recent RILEM TC 205-DSC [6]. 
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3.3 Chloride ingress 
 
The results from testing of chloride ingress parameters are presented in Table 3. The measured 
NT Build 492 migration coefficients from drilled cores taken from the small block are also 
presented graphically in Figure 4, whereas the obtained chloride profiles after 180 days of 
exposure to sea water at Fehmern Belt exposure site at Rødbyhavn are shown in Figure 5. 
 
Table 3 — Chloride ingress parameters measured for the six different concrete types. 
 

Concrete type NT Build 492, 
28 days 

NT Build 492, 
180 days 

Chloride ingress profiles,                                    
6 month exposure 

 Migration 
coefficient  

(x10-12 m2/s) 

Migration 
coefficient  

(x10-12 m2/s) 

Diffusion 
coefficient 

(x10-12 m2/s) 

CS          
(%-wt) 

K 
(mm/(years)0.5) 

Fly ash 27.5 2.3 2.93 0.35 19.9 
Fly ash SCC 23.3 2.9 3.11 0.40 21.6 
3-powder 9.7 2.8 2.76 0.44 20.9 
3-powder SCC 9.9 3.1 1.68 0.46 16.6 
Slag cement 2.5 1.3 0.61 0.29 8.5 
Slag cement SCC 2.3 1.0 0.33 0.31 6.4 
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Figure 4 — Chloride migration coefficients of drilled cores taken from the small blocks. 
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No difference between slump concrete and SCC could be recognized in the chloride ingress 
parameters recorded.  
 
Quite similar chloride migration coefficients were obtained for the respective slump and SCC 
concretes with same binder systems at 28 maturity days as well as after 180 maturity days. The 
development in the migration coefficient over time is markedly different for the three binder 
systems investigated. At early stages (28 days) as expected the slag cement concretes have the 
lowest values, the 3-powder concretes have intermediate values, and the fly ash concretes the 
higher values. After 180 days the slag concretes still exhibit the lowest migration coefficients, 
but the fly ash concretes have “caught up” with the 3-powder mixtures; both binder systems 
having migration coefficients in the range 2 to 3 x10-12 m2/s or about twice that of the slag 
cement concretes. 
 
The chloride profiles of cores drilled below sea level from the larger blocks after six months of 
exposure are presented in Figure 5. As seen from the figure the ingress profiles of the SCC and 
slump concretes with similar binder systems are fairly similar. These similarities are also 
expressed in the diffusion coefficients, surface concentrations and K value parameters estimated 
from the best fit Fick’s second law solution to the profiles (Table 3). For the 3-powder and slag 
cement concretes, the SCCs generally have lower chloride contents at all depths than their slump 
counter parts, whereas the opposite is the case for the fly ash concretes. However, the 
differences are quite small and presumably within what can be expected between two profiles 
from the same level of the same concrete specimen. 
 
Only limited information has until now been made available in the literature concerning chloride 
ingress in SCC [6]. However, a recent Swiss study [7] investigating the chloride ingress into 
concrete by three different accelerated methods of four different binder systems at different 
water/powder ratios ranging from 0.35 to 0.60 supports the findings of the current study, i.e. that 
the chloride resistance of SCC is similar to that of slump concrete with corresponding binder. 
 
Likewise, Zhu and Bartos [8] found that the chloride migration coefficients of fly ash SCC and 
fly ash slump concrete with water to powder ratios of 0.35 and 0.36 respectively were almost 
identical, i.e. 6.3 and 6.6 x 10-12 m2/s. 
 
A discussion of the reasons behind the observed differences between the chloride ingress 
parameters of the three investigated binder systems is beyond the scope of this paper. 
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Figure 5 — Chloride profiles from 1m below the waterline after 6 months exposure of large 
blocks at the Fehmern Belt exposure site at Rødbyhavn. 
 
 
4. CONCLUSIONS 
 
 
For the three investigated binder systems Portland cement (CEM I) + fly ash, Portland cement 
(CEM I) + fly ash + silica fume and slag cement (CEM III/B) it may be concluded that self-
compacting concrete performs similar to conventional slump concrete with respect to the 
durability parameters investigated. 
 
The following sub-conclusions can be drawn: 
 
1) The compressive strength development up to 56 days of maturity when stored immersed in 
water are very similar. 
     
2) The frost resistance of slump and SCC concrete is similar provided that the air void structure 
of the concretes is fairly similar. The investigated fly ash and 3-powder concretes had good frost 
resistance, whereas the slag cement based concretes exhibited somewhat more scaling than the 
two other binder systems. 
 
3) The slump and SCC concretes have very similar chloride migration coefficient after both 28 
and 180 days. The slag cement concretes have the lowest chloride migration coefficients at both 
ages, while the fly ash concretes have the far largest reduction in migration coefficient from 28 
to 180 maturity days. 
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4) The chloride profiles are similar for the respective slump and SCC concretes after 6 months 
of exposure with some minor fluctuations. As a direct result of the profile similarities the 
estimated parameters (diffusion coefficient, surface concentration and K value) of the Fick’s 
second law solutions to the recorded profiles reveal no differences between SCC and slump 
concrete. 
 
The above conclusions are valid for well-proportioned concrete that has been correctly batch, 
mixed, cast and cured into a concrete body of homogeneous character.  For such concrete it 
seems, perhaps not surprising, evident that the durability is governed by the binder composition, 
while the workability of the concrete in the fresh state has no influence. 
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ABSTRACT 
  
A typical concrete sandwich panel consists of an outer layer, 
thermal insulation and an inner layer. Traditionally, the outer and 
inner layers have been connected by trusses. Our objective was to 
study a new kind of sandwich concrete panel structure without 
diagonal trusses. In the studied sandwich panels the traditionally 
used mineral wool boards were replaced with stone wool lamella 
insulation. Long-term tests (2700 hours) showed that the shear 
stiffness of stone wool lamellas was extremely high and that no 
significant displacement occurred even at relatively high stress 
levels. 
 
The safety of the structure must, however, be ensured by stainless 
steel connection pins. Tensile strength tests showed that a small 
number of connection pins is enough to ensure attachment of the 
outer concrete layer to the inner layer. 
 
Key words: Precast concrete panel, creep, long-term deformation, 
stone wool lamella, connection pin, diagonal truss 
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1. INTRODUCTION 
 
1.1 General 
 
Prefabricated concrete facades have been the most common facade type in residential buildings 
(at least blocks of flats) and office buildings in Finland since the late 1960’s. A typical concrete 
sandwich panel consists of an outer layer, thermal insulation and an inner layer. The outer and 
inner layers are connected by steel trusses. The thickness of the outer layer has typically varied 
from 40 to 85 mm, and the compression strength of the concrete has typically been about 
C20/25. The thermal insulation has traditionally been mineral wool with a design thickness of 
70 to 160 mm depending on the current building regulations. Traditionally, in sandwich panels 
has been used mineral wool boards and all strength related to outer concrete layer of the panel 
has been conducted to inner layer via trusses. The diagonals of the trusses have been made of 
stainless steel 5 mm in diameter since the early 1970’s. 
 
The Finnish requirement for thermal conductivity of external wall assemblies in regular 
buildings has been less than 0.17 W/Km2 since the beginning of 2010 [1]. In most cases, that 
requires 240 mm of mineral wool in sandwich panels. The requirements for low energy 
buildings and passive houses are even higher. Thermal conductivity of 0.14 W/Km2 (low 
energy) requires approximately 300 mm of mineral wool and 0.09 W/Km2 (passive house) 
approximately 490 mm. The compression strength of the concrete typically used in facades 
today is C30/37 and thickness of the outer layer with a centric mesh (#3-150) is 80 mm [2]. 
 
It is clear that an increase in the thickness of thermal insulation has a strong effect on the 
dimensions of the sandwich panel and consequently also on the length of the diagonals of 
trusses. The compressed bars of trusses will become so slender due to the drying shrinkage of 
the outer concrete layer that they will buckle [3]. The traditional way of manufacturing precast 
concrete sandwich panels with trusses is not cost effective in the case of low energy buildings or 
passive houses. 
 
The connectors between the concrete layers of concrete sandwich panels have been studied 
partly as a consequence of the cold bridge effect of the traditionally used steel and concrete 
connectors. The extra conductance caused by 5 mm connection pins (6 pcs/m2) is 0.0035 W/K 
which means that the cold bridge effect of metal connectors is minor [4]. Yet, people have 
started examining the possibility of using fibre-reinforced plastic connectors instead of 
traditional ones. Salmon et al. [5] have studied fibre-reinforced plastic (FRP) connectors while 
Oh et al. [6] have studied glass fibre-reinforced polymer (GFRP) connectors. Results of both 
studies show that plastic connectors are worth considering as an alternative to traditional steel 
and concrete connectors. 
 
Salmon et al. [5] found that some bonding occurs between the insulation and the concrete layers, 
but they also detected that it deteriorates over time and will not provide strength over the 
lifetime of a structure. However, they have not conducted any long-term tests. 
 
Oh et al. [6] studied vertically cast concrete sandwich panel structures (60 mm outer layer, 100 
mm insulation layer and 130 mm inner layer). The insulation layers were expanded polystyrene 
(EPS) and extruded polystyrene (XPS). Their results showed the shear strength of an EPS 
structure to be 135 kN/m² (same as kPa) and that of an XPS structure 168 kN/m². 
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Another study by Oh et al. [7] found that the casting position (horizontal or vertical) can 
significantly affect the ultimate shear strength of a structure. However, this series of tests was 
performed using only one test specimen and the natural variation of the results makes them 
uncertain. For example, since the shear strengths of the EPS structures were close to each other, 
it is difficult to estimate the effect of the casting position reliably. The weakest shear strength 
(66 kN/m²) of this study was reached with a horizontally cast XPS specimen. 
 
In any case, these studies showed that it is possible to attain sufficient shear strength without 
steel, plastic or concrete connectors using EPS and XPS insulation. They also showed that long-
term durability and long-term deterioration need to be studied further. It is also important to 
examine the use of other insulation materials (e.g. mineral wools). 
 
 
1.2 Curving of concrete due to uneven shrinkage 
 
The curving of the outer layer of a concrete sandwich panel is the result of uneven drying of 
concrete. A centrally placed mesh cannot prevent curving as traditionally used connection 
trusses can. The shrinkage of concrete is mostly caused by drying and hydration. Normally, 
drying shrinkage involves physical desiccation by evaporation without chemical drying due to 
the hydration. The influence of hydration on the external volume of a concrete body is called 
autogenous shrinkage, which is also caused mainly by desiccation. 
 
Usually only drying shrinkage is worthy of consideration. In the case of typical concrete 
mixtures, autogenous shrinkage is normally insignificant, but can be a concern with high 
strength concrete with a low water-to-cement ratio. [8] 
 
Concrete shrinkage can be divided into two parts: early age and long-term shrinkage. The 
mechanisms of both shrinkage stages are basically the same, but their influence is different 
because early age concrete has not yet gained much strength and stiffness. 
 
Early age shrinkage 
Early age shrinkage is caused by chemical reactions and drying. It is the part of total shrinkage 
that occurs before the concrete has gained much strength. This stage is critical because even the 
smallest stress during it can result in large shrinkage strains or cracking. Concrete also has the 
highest tendency to shrink at this stage because it contains a lot of free water and has no 
structure to prevent it from bleeding to the surface and evaporating, and because the hydration 
process is at its most intensive then. 
 
There is no exact definition for which part of total shrinkage is early age shrinkage and which is 
long-term shrinkage. Often it is considered that early age shrinkage takes place between 
completion of casting and the age of 24 hours or demoulding. During that period, concrete starts 
to change from a fluid to a rigid stage (sets) and starts to gain strength (hardens). [9] 
 
Long-term shrinkage 
Long-term shrinkage can continue over many years. Usually, only drying shrinkage is 
considered long-term shrinkage. It consists of both physical drying by evaporation and chemical 
drying by hydration. In the case of modern high-strength concretes with a low water-to-cement 
ratio, chemical self-desiccation can be of great significance [8]. 
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The pores of fresh concrete are water-filled. As the concrete desiccates, capillary stresses are 
generated at local water surfaces. The intensity of capillary stress is inversely proportional to 
pore size. Capillary stress pulls cement particles closer to each other causing shrinkage. Total 
shrinking stress depends on the size, number and humidity of pores in the concrete. 
 
Aggregate particles restrain drying shrinkage in concrete. It has also been shown that the larger 
the maximum aggregate size, the lower the drying shrinkage strain [10]. Moreover, non-uniform 
drying causes internal stresses which partially restrain local shrinkage strain. Some restraint also 
arises from reinforcing bars and connections to adjacent structures. All restraints cause stresses 
to shrinkable concrete. If the induced tensile stresses are greater than the tensile capacity of the 
concrete, cracks will arise. 
 
When shrinkage strains are restrained, partially or fully, creep causes internal stresses to 
decrease [11]. Therefore, the total shrinkage of a non-uniformly desiccated concrete body is less 
than that of a uniformly desiccated one. 
 
Besides drying and autogenous shrinkage, also carbonation causes shrinkage in the long run. 
Yet, because carbonation normally develops slowly and its contribution to total shrinkage is 
insignificant, it is usually ignored as a shrinkage factor and only considered as a durability 
factor. 
 
 
1.3 Objective 
 
The objective was to study a new kind of sandwich concrete panel structure without diagonal 
trusses. In the examined sandwich panels the traditionally used mineral wool boards were 
replaced with stone wool lamella insulation.  
 
The study consisted of two phases. The main objective of the first phase was to determine 
whether the shear stiffness of mineral wool lamellas can bear the weight of the outer concrete 
layer and the extent of long-term deformation. The second phase involving conducting tensile 
strength tests on connection pins had two main objectives: to determine the best connection pin 
types and to determine the tensile strength of the best connection pin type. 
 
 
2. EXECUTION OF THE TESTS 
 
The tests examined the tensile strength of connection pins and shear strength of mineral wool 
lamellas. Several test specimens were prepared for the various tests.  
 
2.1 Test specimens 
 
Specimens for long-term tests 
A total of 18 specimens were made for long-term tests using the normal production line of a 
precast concrete panel factory. The concrete used was a typical façade concrete in use in 
Finland.  It’s design compressive strength was 35-40 MPa (C30/37). Actual compressive 
strength was not measured during the study because it was not considered very important for 
long-term tests.  
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The thickness of the inner layer, onto which the specimen was mounted, was 80 mm in all 
specimens corresponding to the thickness of the inner layer of a sandwich panel. The width of 
specimens was 200 mm and their height 500 mm. The thickness of the stone wool lamellas was 
280 mm in all specimens. The thickness of the outer concrete layer of specimens was 40 mm, 70 
mm or 100 mm. Six specimens of each outer concrete layer thickness were used. There were no 
mechanical connections (like diagonal trusses or connection pins) between the concrete layers. 
The specimen is shown in Figure 1. 
 

 
Figure 1 – Test specimen of long-term tests 
 
Specimens for tensile strength tests on connection pins 
The specimens for tensile strength tests on connection pins were cast concrete panels in which 
different types of connection pins had been installed immediately after casting. The diameter of 
the connection pins was 5 mm and they were installed to a depth of 20 mm. The thickness of the 
concrete panels used in connection pins type tests was 40 mm, and six (types A, C, D and E) or 
10 (type B) connection pins of the same type were installed perpendicularly in each panel. 
Figure 2 shows the arrangement of the test specimens. Used connection pin types are presented 
in Figure 3. 

 
Figure 2 –Arrangement of test specimens 
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Figure 3 – Used connection pin types. 
 
Only the 20 mm installation depth was used because a company participating in the study 
wanted to find out the tensile strength of connection pins in a structure where the outer concrete 
layer is only 40 mm thick. Manufacturers of connection pins have not given recommendations 
for that type of structure [12-14]. 
 
The thickness of the concrete panel in the tensile strength tests on the best connection pin type 
(type D) was 100 mm and the anchors were installed at 45 degrees. Connection pins were 410 
mm long and 5 mm in diameter [12]. Installation depth was 50 mm. The test arrangement is 
shown in Figure 4. During the casting of the concrete panel, 150x150x150 mm³ concrete cubes 
were also cast for compression strength tests. 
 

 
Figure 4 – Test specimen of final tensile strength test on type D connection pins. 
 
 
2.2 Long-term tests 
 
Specimens were mounted on special racks by the inner layer so that displacement of the outer 
layer could occur freely. Displacement was measured right after installing the specimen (short-
term displacement due to own mass) and then daily for the first week, every other day for the 
second week, and once a week for the remaining period. Long-term tests were carried out from 
April 20th to August 10th 2009, for a total of 16 weeks (2700 hours). 
 
All specimens were subjected to outdoor temperature and relative humidity conditions but 
sheltered from precipitation and sunshine. Temperature and relative humidity were measured 
automatically at one hour intervals during the tests at three points within the shelter. Figure 5 
shows the long-term test specimens in the shelter. 
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Figure 5 – Long-term test specimens were mounted on special racks inside a well-ventilated 
shelter. 
 
2.3 Tensile strength tests 
 
Test specimens were attached to a floor in the laboratory hall of Tampere University of 
Technology (TUT). For testing, specimens of different types of connection pins were attached to 
the floor horizontally. To determine the best connection pin, the test specimen was attached to 
the floor at an angle of 45 degrees.  
 
The tensile load test was carried out using a loading device. The loading rate was 10 mm/min. in 
connection pin type tests and 2 mm/min. when testing the best type of connection pin. The 
loading rate was measured by the loading device. A computer recorded the tensile load every 
second. At the beginning of the tests, the computer recorded the tensile load at least 45 times 
(type C tensile strength, test number 2) and typically 60-180 times (types A, B, D and E) before 
ultimate strength was reached. In all the tests, the tensile load grew almost linearly before 
ultimate strength was reached. The typical growth rate was about 20-30 N/s. This means that the 
measurement uncertainty due to the loading rate was trivial. 
 
The principle of the second part of tensile strength tests (45 °) is shown in Figure 6. 
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Figure 6 – Principle of 45 degree tensile strength tests. 
 
 
3. RESULTS AND DISCUSSION 
 
3.1. Shear strength tests on mineral wool lamellas 
 
Short-term displacement occurred right after the specimens were lifted up and mounted on the 
racks. Average displacement was 0.27 mm in the specimen with an outer layer of 40 mm, 0.41 
mm with a 70 mm layer and 1.31 mm with a100 mm layer, see Table 1. Initial displacement was 
small enough with all concrete outer layer thicknesses which makes them suitable for practical 
applications. The thickness of the outer layer of concrete sandwich panels used today is between 
70 and 85 mm.  
 
Table 1 – Average short- and long-time specimen displacements during the tests. 
Thickness of 
outer layer 

[mm] 

Short-time  
displacement 

[mm] 

Long-time displacement (creep) Total 
displacement 

after 16 weeks 
[mm] 

After 12 
weeks [mm] 

After 16 
weeks [mm] 

Highest measured displacement 
[mm] Week 

40 0.27 0.37 0.29 0.50 12 0.56 
70 0.41 0.37 0.32 0.49 15 0.73 
100 1.31 0.46 0.49 0.68 14 1.80 

 
Long-time specimen displacements as a function of outdoor temperature and relative humidity 
during the tests are shown in Figure 7. There were problems with the data logger that recorded 
outdoor air temperature and relative humidity. Data for May 11th to May 27th (17 days) is 
missing. 
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Long-time specimen displacements as a function of outdoor 
temperature/relative humidity

Outdoor temperature (°C) Relative humidity (RH%) 40 mm
70 mm 100 mm  

Figure 7 –Long-time specimen displacements as a function of outdoor temperature/relative 
humidity. 
 
Primary creep occurred for 1500 hours in all specimens followed by a secondary creep phase. 
Average long-time displacement after 16 weeks was less than 0.50 mm with all specimens and 
outer layer thicknesses, see Table 1. Higher displacements were also measured during the tests, 
but they were the result of outdoor circumstances which were not constant during the test. The 
test period was from late spring to late summer. Temperatures varied from -4.0 °C to 28.2 °C, 
the average being 14.7 °C. Relative humidity varied from 22.6 RH % to 99.7 RH %, the average 
being 65.5 RH %. 
 
The total displacement of a specimen is the sum of its short- and long-time displacement. The 
total displacement after 16 weeks of tests was 0.56 mm with an outer layer of 40 mm, 0.73 mm 
with a 70 mm outer layer, and 1.80 mm with a 100 mm outer layer. The behaviour of all 
specimens with an outer layer thickness of 40 mm and 70 mm was similar during the tests. The 
total displacement of specimens with an outer layer thickness of 40 mm and 70 mm was less 
than 1 mm. The total displacement of specimens with an outer layer thickness of 100 mm was 
almost 2 mm. It was more than double compared to thinner outer layer specimens, but still 
acceptable in practice. 
 
In specimens with a 100 mm outer layer displacement was biggest during the first 24 hours and 
was thus short-time displacement. It was 4.8 times bigger compared to a specimen with a 40 mm 
outer layer, and the displacement of a specimen with a 70 mm outer layer was 1.5 times bigger 
than that of one with a 40 mm outer layer. The weight of the outer layer of a specimen with a 
100 mm outer layer was 2.5 bigger and that of one with a70 mm outer layer 1.8 times bigger 
than the weight of a specimen with a 40 mm outer layer. The long-time displacements were 
much closer. 
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Some permanent deformation must have occurred in the mineral wool lamellas during the first 
24 hours’ displacement in specimens with a 100 mm outer layer but not in thicker specimens. 
The shear tension of the mineral wool lamellas was rather low with all specimens: 0.94 kPa (40 
mm), 1.65 kPa (70 mm) and 2.35 kPa (100 mm). No signs of failure were found in the mineral 
wool lamellas after tests. However, the mechanical behaviour of mineral wool lamellas under 
stress is not linear. 
 
3.2 Tensile strength tests on connection pins 
 
The ultimate tensile strength of the connection pins was between 1.7 and 5.3 kN. The best 
connection pin was type D whose embedded part was wavy. The weakest type was the straight 
connection pin (type C). Average ultimate tensile strength and standard deviation of test results 
are presented in Table 2.  
 
Table 2 – Tensile strength of different types of connection pins. 

Type of 
connection 

pin 

Number of tensile 
strength tests 

Average ultimate 
tensile strength (kN) 

Standard deviation of 
ultimate tensile strength (kN) 

A 
B 
C 
D 
E 

6 
10 
6 
6 
6 

5.2 
4.4 
1.7 
5.3 
4.4 

2.3 
1.2 
0.5 
1.2 
1.2 

 
Figure 8 shows the normal test result distributions. There were only six (type A, C, D and E) 
and 10 tests results (type B) per connection pin type, which means that the normal distributions 
are just estimates of the results of larger scale tests. Despite the uncertainty of the mathematical 
distribution, it enabled determining a confidence level for the tensile strength of connection pins. 
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Figure 8 – Normal distributions of test results for different connection pin types. 
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The tensile strength values varied quite a lot for some types of connection pins (especially A, B, 
D and E). One reason for this was the way the connection pins were installed in concrete. They 
were just pressed into the concrete whereby they displaced concrete, which led to anchoring that 
was not sturdy enough. This can be clearly seen from the test specimens of Figure 9. The 
manufacturers of connection pins recommended that pins be moved back and forth in the 
concrete during installation [3, 14] or that they be installed by a vibrating tool [12]. Such 
installation methods would certainly provide better anchoring.  

 
Figure 9 – Example of a poor installation method. 
 
Another reason for the poor tensile strength results was the small installation depth: only about 
20 mm for all trusses. The manufacturers of trusses recommended an installation depth of at 
least 40 mm [14], and at least 50 mm [13] for the truss types tested in this research. 
 
The second part of tensile strength test was done only with trusses similar to type D. The second 
part focussed on tensile strength at 1 and 2 days after casting of the concrete. These strength 
values are important for concrete panel manufacturers as they allow speeding up production. 
Type D trusses were installed according to the manufacturer’s instructions, which require 
installation by vibration [12].  
 
Two tensile strength tests were carried out at the age of 24 hours (1 day) and ten at the age of 48 
hours (2 day). Tensile strength was 3.4 kN at the age of 24 hours and 7.2 kN at the age of 48 
hours. Compressive strength of concrete was tested in parallel with tensile strength and the 
results were 12.1 MPa (24 hours) and 17.9 MPa (48 hours). More details are shown in Table 3. 
 
Table 3 – Statistics on different tests. 
Number of 

tensile 
strength 

tests 

Installation 
depth of 
trusses 
(mm) 

Average 
ultimate 
tensile 

strength 
(kN) 

Standard 
deviation of 

ultimate 
tensile 

strength (kN) 

Properties of concrete 
Age of 

concrete 
(days) 

Number of 
test cubes 

Average 
compression 

strength (MPa) 

Standard 
deviation of 
compression 

strength (MPa) 
2 

10 
47 

49.7 
3.4 
7.2 

2.1 
1.3 

1 
2 

3 
6 

12.1 
17.9 

1.6 
1.2 

 
The normal distribution of test results at the age of 48 hours is shown in Figure 10. With a 
99.7% confidence level (same as 0.03 % fractile), the 48 hour test results indicate a tensile 
strength of 3.6 kN. The data are assumed to follow a normal distribution. It is important to note 
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that the results do not reflect the final tensile strength (i.e. at 28 days) of this connection pin, 
which is likely to be even higher. It rather tells the possibility of lift the panel safety up the 
moulds in the precast concrete panel factory. 
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Figure 10 – Normal distribution at the age of 48 hours. 
 
There are two loading conditions which must be paid attention to when designing concrete 
sandwich panels: lateral service load (e.g. wind pressure) and self-weight of structures or other 
vertical loads. The volume weight of reinforced concrete is about 25 kN/m³, which means that 
the vertical load from a 40 mm outer panel is 1 kN/m² (that from a 70 mm outer panel is 1.75 
kN/m² and that from a 100 mm outer panel 2.5 kN/m²). The outer concrete panels commonly 
used in Finland are 70 mm or 85 mm thick. The vertical load caused by an 85 mm concrete 
panel is 2 kN/m². 
 
The national instructions, RIL 201 Requirements for design and actions on structures [15], give 
a simplified method for the evaluation of wind pressure based on Eurocode 1 EN 1991-1-4 [16]. 
The typical prefabricated concrete structure in Finland is a 5- to 8-storey block of flats in a 
suburb. Thus, the typical terrain category is III.  
 
Wind pressure in this terrain category at a height of 25 metres is 0.65 kN/m². The external 
pressure coefficient for the vertical walls of a rectangular building is 1.4 at the maximum. Thus, 
the dimensioning wind load is -0.91 kN/m². [15, 16] which makes the total load on the 85 mm 
outer concrete panel 2.2 kN/m², as shown in Figure 11. 
 



 

 

37 

 
Figure 11 – Typical loading condition of concrete sandwich panels. 
 
The test results clearly show that it is possible to support the typical outer layer of concrete 
panels (in Finland between 70 and 85 mm thick) with a small number of the described 
connection pins and still achieve sufficient total certainty. 
 
 
4. CONCLUDING REMARKS 
 
The results show that the shear stiffness of stone wool lamellas was extremely high and no 
significant depression occurred even at relatively high stress levels. Therefore, concrete 
sandwich panels can be made without diagonal trusses if the insulation layer is rigid enough and 
the safety of the structure is ensured with steel pins between the concrete layers. 
 
The tensile strength tests, the second part of this study, showed that the safety of the structure 
can be ensured by a small number of stainless steel connection pins. The results indicate that the 
slenderness issues concerning the traditional diagonal trusses, a consequence of increasing 
thickness of the insulation layer, can be avoided. One possible solution, as the study shows, is a 
structure with insulation of sufficient shear stiffness and an outer concrete layer securely 
attached by connection pins. 
 
The vertical loads of the outer layer of a concrete sandwich panel can be taken by thermal 
insulation of mineral wool lamellas without traditional trusses. However, the outer layer of a 
concrete sandwich panel will always be subject to some wind load in normal outdoor climate 
conditions which means that connection pins are required against wind loads. Handling of 
concrete sandwich panels, such as lifting them from a mould, transportation and installation, 
exerts various forces on the panel which must be taken by the connection pins. 
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ABSTRACT 

 
Heat of hydration has long been of importance since it affects the 
temperature levels within a concrete structure, and thus, potentially affects 
its durability. The only source of energy is the reaction between cement 
and water. This energy warms up the concrete sample and all the ambient 
materials. Therefore, in order to model these energies, the TSA (traditional 
semi-adiabat) setup is transformed into an associated sphere. By this, the 
temperature distribution and the energies within each layer of the TSA can 
be calculated. The sum of all energies gives the total heat of hydration. A 
refined model using a correction factor is introduced, which accounts for 
energies lost to the TSA setup materials. Results show that the effect of this 
factor cannot be disregarded, especially not for TSAs with low cooling 
factors. 
 
Key words: concrete, heat of hydration, adiabatic calorimetry, semi-
adiabatic calorimetry, heat flow, correction factor, cooling factor. 
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1. INTRODUCTION 
 
1.1 General 
 
The energy quantity of the exothermic reaction between cement and water has long been of 
importance since it affects the temperature levels within a concrete structure, which can, based 
on risks of thermal cracking, affect the durability. The temperature influences the development 
of the pore structure in concrete [1, 2] and naturally its mechanical properties, e.g. strength [3]. 
For building engineering purposes heat of hydration has commonly been determined by various 
versions of adiabatic calorimeters, see Figure 1. 
 

Figure 1 – Schematic presentation of adiabatic calorimetry. 
 
In both the true-adiabatic and the semi-adiabatic setups the concrete temperature is registered as 
a function of time. The difference is that in the true-adiabatic setup no heat loss to the 
environment is supposed to be present. The semi-adiabatic setup allows for energy losses, which 
are accounted for in the evaluation process. 
 
The true adiabatic measurement is in theory preferred, since it could give a correct value of heat 
of hydration direct from the test results. However, in A) it is hard to regulate the temperature, 
which can drift, and therefore the results are not always reliable [12]. In B) temperature 
measurement in the centre of a large concrete block is estimated to have true adiabatic 
temperature. However, in [6] they account for heat flow as in C) for better accuracy. In the 
semi-adiabatic methods, when heat flow is calculated from the temperature of the concrete 
sample, the following conditions have to be fulfilled 
 

 The temperature in the concrete sample and the ambient air are equal when starting the 
semi-adiabatic measurement. 

 The air temperature is constant during the test period. 
 
To ensure these conditions limits are usually specified, e.g. the temperature of the fresh concrete 
mix should be within ±2C of the calorimeter temperature [5], and the ambient temperature 
where the calorimeter is placed should be within the limit 20±1C [5]. In [10] the laboratory, 
where the mixing of the constituents of the concrete occurs, the air temperature should be within 
20±2C. The room, where the test is conducted, have the corresponding limit 20±1C, and the 
reference temperature should not differ more than ±0.5C throughout the test [10]. 

Adiabatic calorimetry 

True-adiabatic Semi-adiabatic 

A) Regulation of a 
small insulated 

container, 
see [4, 5] 

B) Large insulated 
concrete block, 

see [4, 6] 

C) Heat flow is 
determined with a 

calibrated 
temperature 
transducer, 

see [4, 7, 8, 9] 

D) Heat flow is 
determined from a 
cooling factor or 

coefficient of 
temperature loss, 
see [5, 6, 10, 11] 
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When heat flow is directly measured with a calibrated temperature transducer, the points above 
are not that important. However, limits are still used, and in [7] the laboratory, where the test is 
conducted and where the mortar constituents are stored, the room temperature should be within 
20±2C. In this paper, heat flow is calculated from the sample temperature, and, our limits are 
the same as in [7]. 
 
 
1.2 Existing models and limitations 
 
In order to determine the quantity of heat of hydration in a semi-adiabatic test, heat losses must 
be determined. In [11] a “traditional” semi-adiabatic (TSA) setup is presented, and the cooling 
factor were formally expressed as 
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Based on measured values of a  [11] heat energy within the concrete sample, and heat losses 
based on heat flow, was expressed as 
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where a [1/s or 1/h] = cooling factor; ih [W/m2 C] = heat transfer coefficient of the individual 
insulation material; iA [m2] = heat flow area of the individual insulation material; cV [m3] = 
volume of the concrete sample; cc [J/kg C] = heat capacity by weight of concrete; c [kg/m3] = 
concrete density; cemq [J/kg] = heat of hydration per kg of cement; C [kg/m3] = cement content;  

 cT t [C] = concrete temperature; and airT [C] = air temperature. 
 
When heat of hydration is determined by Eq. 2 the following conditions are usually stated. 
 

 There should be small temperature gradients within the concrete sample. Then the 
average concrete temperature is easily measured and is representative when calculating 
energy stored in the concrete. 

 A large temperature increase in the concrete sample is favourable, since the measured 
temperature hereby gives a reasonable picture of the energy involved. 

 
The consequence of these conditions is that low values of the cooling factor or heat loss 
coefficients are needed. Recommended values are less than 100 J/hC for the total heat loss 
coefficient in [5, 10] and for the cooling factor less than 0.035 h-1 in [13]. In [12] cooling factors 
between 0.020-0.025 h-1 are used, and lower values are recommended for reliable long term heat 
release measurements. However, when the amount of insulation is increased, more energy will 
be stored within the materials of the calorimetric setup during the test, and this is not accounted 
for by the traditional method using Eq. 2. For the thermos vessels in [5, 10] this is taken into 
account. However, these test setups are relatively complicated and expensive compared with 
TSAs. Therefore, this paper will focus on TSAs, and investigate the need of taking into account 
the energy stored within its relatively few parts. 
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2. AIMS AND PURPOSES 
 
The TSA has the advantage that it can be built with inexpensive parts that are easily assembled. 
The temperature sensors are generally few, and the measurements can be performed quickly. 
The aims and purposes in this paper is to 
 

 Demonstrate the existence and need of taking into account the energy that is heating up 
the equipment using a TSA. 

 Develop a reasonable simple model for evaluation of the heat of hydration in concrete, 
which accounts for energy stored within the different parts of a TSA. 

 Investigate how the different components of a TSA setup affect the amount of energy to 
be compensated for. 

 
 
3. REFINED HEAT OF HYDRATION EVALUATION METHOD 
 
3.1 Test preparation and procedure 
 
First, concrete admixture proportions are determined in order to fulfil the specific recipes 
requirements, i.e. slump, air entrainment etc. Dry recipe constituents are mixed in the blender 
for 1 minute before adding water, and the total mixing time is 5 minutes. The concrete sample, 
of volume 4L is placed in a cylindrical metal bucket. The heating device, a Teflon carpet, is 
fixed around the bucket with a steel girdle and steel clamps. The mass of the sample is recorded 
before and after the semi-adiabatic test to ensure that no drying out has occurred. The concrete 
sample is put into the TSA about 15 minutes after mixing, and the temperature is recorded every 
5 minute with sensors according to the numbers in Figure 2. In the square setup only sensors 
Nos. 1, 2 and 4 exist. Temperature sensors Nos. 1, 2 and 3 are placed in the concrete sample, 
and number 4 is located in the ambient air. In our laboratory, there exists two large (denoted A) 
and two small (denoted B) cylindrically shaped TSA, and three square (denoted C) TSAs.  
 
The ambient air temperature in the laboratory varies very little and can be considered to be well 
within the range 20±2C. Heat of hydration is measured until the concrete sample has 
approximately reached the temperature of the ambient air, which usually takes about 7 days. 
Then, without removing the concrete sample from the TSA, the concrete sample is heated to a 
level of maximum measured hydration temperature + 5C. An empirical value of the cooling 
factor can then be determined by analysing the spontaneously cooling behaviour. 
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Figure 2 – Sample, cylindrical and square TSA units are shown in order from left to right. All 
TSAs use cellular plastic as insulation material. In addition, the square setup has an outer layer 
of plywood. 
 
 
3.2 Empirical determination of the cooling factor 
 
For a specific TSA setup with a constant volume of the concrete sample, the only variables 
should be the density and the thermal capacity of the concrete sample, see Eq. 1. However, other 
influencing factors may exist, e.g. aging of the TSA or some deviations in the placing of 
different components in the TSA setup. Therefore, to take possible variations into account, it is 
preferred to measure the cooling factor on each concrete sample before removing it from the test 
setup. A spontaneous cooling behaviour for a concrete sample is illustrated in Figure 3. 
 

 
Figure 3 – Cooling behaviour for a mature concrete sample. 
 
The common definition of the cooling factor is 
 

 
  c air

dT a T t T
dt

    (3) 
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Integrating this expression with the information given in Figure 3 results in Eq. 4, which can be 
fitted against empirical data with regression analysis. Here, the so called least square method is 
used. 
 

 

 
 

 
1

1

ln c air

c air

T t T
T t T

a
t t

 
 

 


 (4) 

 
where  cT t [C] = temperature in the concrete sample at time t [s or h];  1cT t [C] = 
temperature in the concrete body at time 1t [s or h]. 
 
 
3.3 Evaluation and modelling of heat of hydration 
 
From the TSA measurement the evaluated heat of hydration produced per kg of cement can be 
determined by summation for each time step of the energy stored within the concrete sample, 
within the TSA components, and the energy loss due to heat flow from the concrete sample to 
the surrounding air, expressed by 
 

 
     

0

t
c c

cem c air c air
cq T t T a T t T dt

C
 

 
        

 
  (5) 

 
where  [-] = correction factor introduced in this paper accounting for heat energy used to warm 
up the TSAs components. 
 
It must be noted that the model in [5, 10] could have been formulated in this way in order to fit 
both a thermos vessel and a TSA. Therefore, the model in this paper has been designed to suit 
any semi-adiabatic setup. 
 
For normal weight concrete an approximate linear relationship exists between the water/cement 
ratio (w/C) of the concrete mixture and its thermal capacity [14]. However, it is quite 
cumbersome to determine the “correct” thermal capacity from material point of view. We 
calculate energies from measured temperatures, and then, before application in calculations, 
translate these energies back to temperatures. This is a “mathematical recirculation”, which 
implies that information regarding concrete density and thermal capacity does not need to be 
known as “time” material properties. However, it is important to use the same values in the 
complete chain of methodology [15, 16], and acceptable constant values may be set to 
 

 2350 1000c cc    [J/m3C] (6) 
 
It has been shown that the heat of hydration is approximately proportional to the degree of 
hydration [17]. The formulation for the degree of hydration in [15] and [18] is modified and 
fitted against the empirical heat data expressed by 
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1

1

* exp ln 1 e
cem u u

tq q q
t




                

 (7) 

 
where * [-] = is the “relative” degree of hydration; 1t [s or h], 1  [-] and uq [J/kg] are fitting 
parameters determined by the so called least square method; et [s or h] = equivalent time. The 
notation relative means that * = 1 reflects the ultimate heat of hydration, uq , at the individual 
final value for a tested concrete. 
 
It should be noted that the heat of hydration in Eq. 7 gives about the same results as the 
commonly used Danish TPM (three point model) formulation in [19] for the “decisive” part of 
the heat of hydration description. However, Eq. 7 is favourable for predictions outside the most 
decisive interval, specialty for more mature concrete [16], and, besides, Eq. 7 is zero when 

0et  , which is preferable in programming. 
 
 
4. DEVELOPED MODEL FOR THE CORRECTION FACTOR 
 
4.1 General 
 
In order to get a reasonable estimation of the generated heat in concrete, hydration heat flow to 
the environment and heat energy stored in the involved materials must be determined. Thus, 
temperature measurement from initiation of the test until the system is in equilibrium “in 
practice” with the ambient air temperature is needed. The following observations are of 
importance for the presented model 
 

 The exothermic reaction between cement and water is the only source of energy. 
 The reaction energy heats up the concrete body and the ambient materials. 
 Heat flow in the surrounding insulation materials can be described by Fourier’s Law of 

conductive heat transfer. 
 
 
4.2 Prerequisites for the model for the correction factor 
 

 The TSA unit can be transformed into an associated sphere, where the concrete volume 
is retained, and the measured cooling factor is reflected by the actual amount of 
insulation in the associated sphere. 

 There is good thermal contact between the materials involved. In reality, there is a small 
amount, less than 5L, of air between the concrete sample and the cellular plastic for the 
TSAs in Figure 2. This air volume is assumed to be quickly warmed up to the same 
temperature as the concrete. The thermal capacity by weight of air is high and its density 
is low. Thus, its stored energy can be neglected in relation to the other involved 
materials, see Table 1. Calculations have shown that the energy stored in the air affects 
the correction factor by less than one thousandth for TSAs evaluated in this paper. 
Therefore, in the presented model using an associated sphere the first layer of insulation 
(cellular plastic) starts where the concrete ends. 
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Table 1 – Chosen values for the components involved in our TSA tests. Values within brackets 
are currently not needed for the model in this paper. In literature, these values may vary. 

 Concrete Steel Teflon Air Cellular 
plastic 

Plywood 

k  [W/m C] (2.1-1.7) 60 (0.25) (0.026) 0.036 0.18 
c  [J/kg C] 1000 450 1000 (1000) 1500 1700 
  [kg/m3] 2350 7850 (2150) (1.2) 25 800 

 
 The thermal conductivity in the concrete is significantly higher than in the surrounding 

insulation materials, see Table 1. Thus, if enough insulation material is used, it is 
reasonable to assume that there are no, or neglectable, temperature gradients within the 
concrete body. For our TSAs presented in Figure 2 laboratory measurements show that 
the maximum temperature difference from the centre of the sample to its surface is 
within the accuracy of the temperature sensors (0.5C). 

 The temperature changes in the concrete sample are relatively slow. Therefore a 
stationary heat flow is assumed for the associated sphere, which significantly simplifies 
the temperature calculations in the insulation materials. To verify this claim, a 
cylindrical TSA that corresponds to the approximate average cooling factor observed 
during laboratory tests, 0,028a  [1/h] was simulated in 2D with ConTeSt Pro [20].  The 
resulting non-stationary temperature profiles were then compared with stationary 2D 
calculations for a cylinder, see Figure 4. The stationary estimation is based on the 
average concrete temperature and follows the same procedure as the 3D stationary 
calculations presented in this paper for the associated sphere. 

 

 
Figure 4 – Stationary and non-stationary temperature profiles in 2D simulations. The concrete 
radius cr =0.066m and the insulation thickness is 0.094m. The chosen concrete mix is based on 
the “standard” cement used in this paper, see ByggC in Section 5.1. 
 

A non-stationary behaviour can be observed for the hours that follow from start of the 
hydration process, where the stationary calculation shows a higher temperature within 
the insulation. This type of deviation increases for larger amount of insulation. The 
energy effect of this difference is illustrated by the correction factor for non-stationary 
and stationary conditions in Figure 5. Here, the correction factor is approximately equal 
after 10 hours. However, the consequences using a temporary “wrong” correction factor 
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during this “heat up” period is negligible in practice, as the total heat of hydration energy 
is very small in this period. 

 

 
Figure 5 –The quotient between the energy stored within the insulation and the energy in the 
concrete when estimating the stationary and non-stationary correction factor. 
 
 
4.3 Spherical heat transfer 
 
In order to fit the model of an associated sphere to our laboratory setups, the concrete sample 
with radius cr  is surrounded by two materials, thicknesses 1ml and 2ml , see Figure 6. 
 

 
Figure 6 – A cross section of an associated sphere with a concrete sample surrounded by two 
layers of insulation materials.  A r [m2] = heat flow area at any radius ( r [m]). 
 
Based on the information in Figure 6 the heat flow can be described by 
 

 
   1 2

1 1

,
, 4m

m m

dT r t
Q r t k r
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       for 1c c mr r r l    (8) 

 

 
   2 2
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       2
3 1 24air air air c m mQ t h T t T r l l         at 1 2c m mr r l l    (10) 

 
      24tot tot c air cQ t h T t T r       at cr r  (11) 
 
where  ,iQ r t [J] = energy in material i  depending on time ( t [s or h]) and radius ( r [m]), and 

index i = m1 or m2;  ,iQ r t [W] =  ,idQ r t dt  = heat flow in material i ; ik [W/m C] = 

thermal conductivity in material i ;  ,iT r t [C] = temperature in material i ; il [m] = thickness of 

material i ;  airQ t [W] = heat flow from the outer surface to air; airh [W/m2 C] = heat transfer 
coefficient from the outer surface to air; 3T [C] = temperature at the outer surface;  

airT [C] = air temperature;  totQ t [W] = heat flow from concrete to air; toth [W/m2 C] = heat 
transfer coefficient from concrete to air;  cT t [C] = temperature in the concrete body. 
 
For a stationary heat flow Eqs. 8-11 describe the same flow formulated by 
 

          1 2, ,m m air tot hfQ r t Q r t Q t Q t Q t     (12) 
 
where  hfQ t  [W] = is the stationary heat flow at time t . 
 
All equations concerning heat flow and temperature distribution in the subsequent text in this 
chapter are based on stationary heat flow conditions. In order to determine the temperature 

 1 ,mT r t  at specific point at time t  within the material 1, the following integration needs to be 
performed 
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,
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m r T
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if the boundary conditions are known it becomes 
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which gives 
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 (15) 

 
The boundary temperature in the concrete sample,  cT t , can be measured at any time. Then, 

the temperature  1 ,mT r t  can be calculated for any point 1c c mr r r l    at time t  within the 
material 1 expressed by 
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 (16) 

 
At the end of material 1, where 1c mr r l  , we let    1 2,mT r t T t , see Figure 6. Then, the 
corresponding expression for material 2 becomes 
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  (17) 

 
At the end of material 2, where  1 2c m mr r l l   , we let    2 3,mT r t T t , see Figure 6. 
 
Now, when the boundary conditions are known, 2T and 3T from Eqs. 16-17, by use of Eqs. 8-12 
the temperature difference within each material is expressed as 
 

 
     

 
1

2
1 14

hf m
c

m c c m

Q t l
T t T t

k r r l


 
    

 (18) 
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Summation of the temperature differences from the concrete sample to the air gives 
 

               2 2 3 3c air c airT t T T t T t T t T t T t T        (22) 
 
Substituting Eqs. 18-21 into Eq. 22 gives the total heat transfer coefficient from the concrete 
sample to the air expressed by 
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(23) 

 
Thus, the individual temperatures within each material, Eqs. 18-21, can be determined by the 
heat flow expression in Eq. 11. 
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4.4 Heat energy stored within the materials of the TSA 
 
In order to account for the amount of energy heating up material 1 of the TSA, the average 
temperature within the material, 1

ave
mT , is expressed as 
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The corresponding expression for the average temperature in material 2, 2

ave
mT , is expressed by 
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Thus, the thermal energy in each of the materials are expressed as 
 
 Concrete     c c c c c airQ t c V T t T      (27) 
 
 Material 0        0m j j j c air

j
Q t c V T t T      (28) 

 
 Material 1     1 1 1 1 1

ave
m m m m m airQ t c V T t T      (29) 

 
 Material 2     2 2 2 2 2

ave
m m m m m airQ t c V T t T      (30) 

 
where 0m = material 0 reflects the stored thermal energy for materials in direct contact with the 
concrete sample, which are considered to have the same temperature as the concrete sample; j = 
index for individual materials within material 0. In the TSA setup presented here, material 0 
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consists of a steel bucket ( 1j  ), a steel girdle ( 2j  ), steel clamps ( 3j  ) and a heating 
carpet of Teflon ( 4j  ). 
 
The heat of hydration energy stored within material 0, material 1 and material 2 are all 
proportional to the heat of hydration energy stored in the concrete sample. Therefore the energy 
correction factor is expressed by 
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Eq. 31 formally describes the correction factor as a function of time. However, the energy in 
each material is proportional to the energy stored in the concrete sample reflected by the term 

  c airT t T . Therefore, the correction factor is constant and can be evaluated for any time t . 
 
In Figure 7 the total heat of hydration energy at any time t  is the sum of the energy stored in the 
materials of the TSA, i.e. the sum of Eqs. 27-30, and the energy loss from the TSA due to the 
accumulated heat flow, see the second part of Eq. 2. Based on a measured value of the cooling 
factor, a  in Eq. 4, the energy due to heat flow,  hfQ t , is expressed by 
 

 
      

0 0

t t

hf hf c c c c airQ t Q t dt c V a T t T dt           (32) 

 

 
Figure 7 – The total energy is the sum of the energies stored in the concrete, the ambient 
materials and the energy loss to the surrounding air, see Eqs. 27-30 and 32. Note that this 
figure only illustrates the energies involved without respect to real size relations. 
 
 
4.5 Determination of stationary heat transfer coefficient 
 
In order to calculate the associated stationary temperature distribution the total heat transfer 
coefficient, toth , has to be calculated. The stationary heat flow based on the rate of temperature 
changes in the concrete sample is expressed by 
 

 
   c

hf c c c

dT t
Q t V c

dt
     (33) 
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Combining Eq. 11 with Eqs. 3 and 33 gives 
 

 
     

3
2 44

3
c

tot c air c c air c c
rh T t T r a T t T c  

            (34) 

 
which results in 
 

 3
c c c

tot
a r ch   

  (35) 

 
Eq. 35 expresses the parameter toth for an associated sphere with the same cooling factor as the 
real TSA. 
 
 
4.6 Steps to determine the correction factor 
 

1. Determine, or use Eq. 6, concrete density and heat capacity by weight. The volume of 
the concrete sample is known and is transformed into the associated concrete sphere with 
radius cr . Heat capacity by weight for all materials in the TSA is also needed. 

 
2. Determine, using data sheets or calibration, the thermal conductivity of all material 

layers, ik , in the associated sphere. 
 

3. The heat transfer coefficient from outer surface to air should be estimated. For our 
laboratory conditions airh  is approximately set to 10 W/m2 C. 

 
4. Evaluate a cooling factor from the laboratory tests and calculate the total heat transfer 

coefficient, toth  using Eq. 35. 
 

5. The total heat transfer coefficient, toth  in Eq. 35, reflects the real cooling factor. By using 
Eq. 23 and an iteration technique 1ml  and 2ml  can be determined. In cases with only one 
insulation material ( 1 0ml   and 2 0ml  ) the use of Eq. 23 is straightforward. This is the 
case here for two cylindrical TSAs, see Figure 2. 

 
6. The square TSA used here, see Figure 2, has an outer layer of plywood. The associated 

sphere is constructed with the condition that the relation between the stored energy per 
temperature unit is maintained between the two materials, which is expressed by 

 

 
1 1 1

1, 2
2 2 2

m m
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m m
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c V
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 (36) 

 
which gives 
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where 1V  and 2V are the real volumes of material 1 and material 2, respectively. 
 

The volume of material 1 in the associated sphere is given by 
 

 
 3 3

1 1
4

3m c m cV r l r        (38) 

 
and the volume of material 2 in the associated sphere using Eq. 37 results in 
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and 
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2 1 2 1
4
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which gives 
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7. The consequences of Eqs. 36-41 are that 2ml  and 2mV  are expressed as functions of 1ml . 

So, toth  in Eq. 23 is solely a function of 1ml , and the size of 1ml  is here determined by an 
iterative technique. 2ml  is calculated using Eq. 41, and the size of the associated sphere is 
established. Now, the constant correction factor, Eq. 31, is determined for time t , see 
Figure 7.  

 
 
5. EVALUATION OF THE EFFECT OF THE CORRECTION FACTOR 
 
5.1 Tested concrete recipes 
 
Here the purpose is to show how the correction factor affects the actual temperatures in a 
concrete structure. Two common Swedish cements are used, see Tables 2 and 3. AnlC is a 
“moderate heat” cement, that generally is used for civil engineering structures. ByggC is a 
“standard” cement causing higher concrete temperature than AnlC, and its application area is 
usually concerning housing. 
 
Table 2 – Oxides, clinker minerals and specific surface of tested cements. ByggC is of type CEM 
II/A-LL 42,5 R containing about 13% LL, and AnlC is of type CEM I 42,5 N SR3 MH/LA 
produced by CEMENTA AB. 
Cement Oxides [%] Clinker minerals [%] Specific surface 

[m2/kg]  CaO SiO2 Al2O3 Fe2O3 SO3 C3S C2S C3A C4AF 
ByggC 61.4 18.7 3.9 2.8 3.5 54.1 8.9 5.1 7.8 460 
AnlC 64.1 22.4 3.7 4.5 2.4 48.0 28.0 2.1 13.8 316 
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Table 3 – Main constituents of tested concretes. 
Recipe Cement Cement content [kg/m3] w/C [-] 

1 ByggC 360 0.55 
2 AnlC 340 0.55 

 
 
5.2 Calculated values of the correction factor 
 
The materials in direct connection with the concrete sample in the TSAs are weighted in order to 
determine their stored energy, see Table 1 and 4. 
 
Table 4 –Weighted components in direct connection with the concrete sample. The weight of the 
steel bucket includes the weight of a steel lid. 

 Steel bucket [kg] Steel clamps [kg] Steel girdle [kg] Teflon carpet [kg] 
TSA A and B 0.427 0.164 0.069 0.099 

TSA C 0.465   0.408 
 
The heat of hydration for the recipes in Table 3 was evaluated from measurements performed in 
TSA A and B. The cooling factors and other parameters needed for the iteration process and 
their resulting correction factors are presented in Table 5. 
 
Table 5 – Parameters used in the iteration process, and the resulting correction factor. 
Recipe/ 

TSA 
 [1/h]a  2 [W / m C]toth   2 [W / m C]airh   1  [W / m C]mk    [m]cr  1  [m]ml  3

1  [m ]mV   [-]  

1/A 0.0237 0.5071 10 0.036 0.0985 0.2508 0.174 1.157 
1/B 0.0327 0.7014 10 0.036 0.0985 0.1035 0.031 1.078 
2/A 0.0259 0.5552 10 0.036 0.0985 0.1862 0.093 1.118 
2/B 0.0324 0.6933 10 0.036 0.0985 0.1062 0.032 1.079 

 
In the associated sphere the radius depends on the thickness of the concrete sample and the 
insulation, see Figure 6. A small decrease of the cooling factor gives a small increase of 
insulation thickness in material 1 ( 1ml ). However, the volume is significantly greater since it is a 
cubic function, see Eq. 38. Therefore, a small difference in cooling factor ( a ) for TSA A 
between recipe 1 and 2 in Table 5 results in a quite large difference in calculated volume ( 1mV ). 
The difference in energy stored within these insulation volumes are reflected by the correction 
factor in Table 5.  
 
 
5.3 Evaluated heat of hydration 
 
Both the traditional method, Eq. 2, and the refined method, Eq. 5, were used to evaluate heat of 
hydration ( cemq ) for recipes 1 and 2 in Table 3. The parameters of Eq. 7 were fitted against the 
test results in Figure 8 from TSA A and B for each recipe, see Table 6. 
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Figure 8 – Evaluated heat of hydration using the traditional method, Eq. 2, and the refined 
method, Eq. 5. Fitting parameters using Eq. 7 are presented in Table 6. 
 
TSA A has a considerable lower value of the cooling factor compared to TSA B, see Table 5. 
This is caused by a higher amount of insulation material in TSA A. The energy stored in the 
insulation is reflected by the correction factor, which always is increased with decreased cooling 
factor. The consequence of not taking this energy into account using a larger TSA will result in 
a lower heat of hydration compared to a smaller TSA. This effect can be seen for the traditional 
evaluation in Figure 8 using the traditional evaluation, where TSA B is higher than TSA A. 
These results show that general recommendations concerning low cooling factors may result in 
too low heat of hydration using TSAs that are evaluated with the traditional method. 
 
By using the refined evaluation the heat of hydration curves become approximately equal for the 
decisive part of the curves, see approximately equivalent time up to 100h in Figure 8. These 
results show that it is important to consider energies stored within the TSA materials. 
 
Table 6 – Model parameters for evaluated heat of hydration results, see Eq. 7. 

Recipe/TSA Traditional evaluation (Eqs. 2 and 6) Refined evaluation (Eqs. 5 and 6) 
 [J/kg]uq  1  [h]t  1  [-]   [J/kg]uq  1  [h]t  1  [-]  

1/A 296000 6.54 2.28 300000 5.91 2. 27 
1/B 309000 6.50 2.34 300000 6.23 2.96 
2/A 420000 21.83 0.58 345000 11.01 0.85 
2/B 358000 12.61 0.79 345000 10.39 0.87 
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5.4 Simulation of temperature development within walls 
 
In order to determine the effect of the correction factor, the maximum temperature reached 
within a concrete structure was determined using the parameters in Table 6. This simulation was 
performed with ConTeSt Pro in 2D [20], where five concrete walls of different thicknesses with 
a formwork of plywood were studied. The air temperature was kept constant at 20C, and the 
heat transfer coefficient from the outer surface to air ( airh ) is set to 10 W/m2 C. The results are 
presented in Table 7 and 8 
 
where AT  and BT  show the temperature difference between traditional and refined evaluation 
for TSA A and B, respectively; ABRT  shows the temperature difference between the refined 
evaluation using TSA A and B. 
 
Table 7 – Maximum temperature reached within a wall of different sizes, based on recipe 1. 

Wall 
thickness 

[m] 

Calculated temperatures, recipe 1, ByggC [C] 
1/A 1/B 1/(A+B) 

Traditional 
evaluation 

Refined 
evaluation 

AT  Traditional 
evaluation 

Refined 
evaluation 

BT  ABRT  

0.1 36.6 40.7 -4.1 37.0 38.9 -1.9 1.8 
0.2 42.9 47.4 -4.5 43.6 45.7 -2.1 1.7 
0.4 49.3 53.6 -4.3 50.3 52.2 -1.9 1.4 
0.8 55.3 58.9 -3.6 56.7 58.2 -1.6 0.7 
1.6 60.0 62.4 -2.4 61.7 62.6 -0.9 -0.2 

 
Table 8 – Maximum temperature reached within a wall of different sizes, based on recipe 2. 

Wall 
thickness 

[m] 

Calculated temperatures, recipe 2, AnlC [C] 
2/A 2/B 2/(A+B) 

Traditional 
evaluation 

Refined 
evaluation 

AT  Traditional 
evaluation 

Refined 
evaluation 

BT  ABRT  

0.1 27.9 29.1 -1.2 28.9 29.7 -0.8 -0.6 
0.2 31.7 33.2 -1.5 32.9 33.9 -1.0 -0.7 
0.4 36.4 38.0 -1.6 37.7 38.8 -1.1 -0.8 
0.8 41.8 43.4 -1.5 43.1 44.1 -1.0 -0.7 
1.6 47.8 48.9 -1.1 48.7 49.4 -0.8 -0.5 

 
The general behaviour for both ByggC and AnlC in Tables 7 and 8 are 
 

 The maximum temperature level is higher for thicker walls for both traditional and 
refined evaluation. 

 Traditional heat of hydration evaluation for TSA B gives a higher maximum temperature 
compared with TSA A, since less energy is lost to the smaller insulation material in TSA 
B. 

 The temperature level is always higher for the refined evaluation compared to the 
traditional evaluation, since the energy in the surrounding materials are considered. 

 ByggC is the “standard” cement with significantly higher heat of hydration during the 
decisive period and shows a higher maximum temperature compared to AnlC. 

 ByggC shows a larger temperature difference between TSA A and B compared to AnlC, 
which is a consequence of that ByggC is the “faster” cement. 

 The differences in ABRT  are smallest for the refined evaluation and the largest wall. 
This indicates that the refined evaluation reflects the “true” material parameters, as the 
centre point of the thickest wall is most dependent on the heat of hydration. 
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The deviation of maximum temperatures between the traditional and the refined evaluation are 
of importance both for strength growth and crack risk calculations. For the larger TSA A and the 
faster cement ByggC the maximum difference in temperature is within 4.5°C, which for the 
estimation of strength growth can be regarded on “the safe side”, i.e. too low strength values and 
too long hardening times are calculated, but this “extra margin” might not be wanted in practice. 
For the calculation of crack risks, and especially for risks of through cracking at high restraint, 
4.5°C underestimates the crack risk substantially. This is explained by the maximum addition of 
the design strain ratio [ = additional tensile strain/failure tensile strain] might be as big as 
0.7·4.5/10 = 0.32 [21, 22]. Let us assume that the design strain ratio is calculated to be at most 
0.7 (rather common requirement for civil engineering structures), the “true” strain ratio will be 
0.7 + 0.32 = 1.02. A strain ratio > 1 means obvious risk of cracking. Even a small temperature 
difference of about 2°C might result in an underestimation of the strain ratio with 0.14, which 
also is a too large difference in the calculations (0.7+0.14=0.84). Even if the underestimation in 
calculated strain ratios does not result in cracking, the margin in the safety factors are 
significantly reduced. Therefore, these results show that it is important to consider energies 
stored within the TSA materials. 
 
 
5.5 Pre-calculated correction factors for TSAs at Luleå University of Technology 
 
It has been shown that the correction factor will change due to the amount of insulation material 
in the TSA. For our cylindrical and square TSAs a normal span of cooling factors is between 
0.023-0.034 1/h and 0.040-0.045 1/h, respectively. Therefore, an extended span with pre-
calculated correction factors for corresponding cooling factors will simplify future evaluations, 
see Figures 9 and 10. In addition, a reasonable interval for normal weight concretes and their 
effect on the correction factor is shown. The thermal capacity by weight is kept constant at 1000 
J/kg C since it is cumbersome to establish in hydrating concrete. 
 

 
Figure 9 – Cooling and correction factor concerning TSA A and B. 
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Figure 10 – Cooling and correction factor concerning TSA C. 
 
In Figure 9 and 10 it can be seen that the higher the density, the lower cooling and correction 
factor. An increased amount of insulation gives a lower cooling factor, but a higher correction 
factor. Thus, it is again shown, that recommendations regarding low values of the cooling factor 
may result in too low hydration energy when evaluation is performed with the traditional 
method, Eq. 2. 
 
 
6. SUMMARY AND CONCLUSIONS 
 
The energy quantity of the exothermic reaction between cement and water has long been of 
importance since it affects the temperature levels within a concrete structure. Several adiabatic 
methods have been used to determine heat of hydration. The traditional semi-adiabat (TSA) has 
been popular to use for engineering purposes because of its simple construction with cheap 
parts. 
 
The traditional evaluation method was presented in 1954 [11] and is still used today. 
Improvements to this evaluation method are found in [5] and [10], where energy stored in the 
semi-adiabatic setup is accounted for. However, the evaluation method in [5] and [10] only 
works for their specific semi-adiabatic setup using thermos vessels, and not for TSAs. 
Therefore, this paper presents a refined and general model that accounts for energies stored in 
the concrete sample and within all its surrounding materials, which is reflected by a correction 
factor formally increasing the energy in the concrete sample. 
 
The concrete sample and the TSA are transformed into an associated sphere. The volume of the 
concrete sample is maintained in the associated sphere as the real volume in the TSA. The 
relative volume of the additional TSA materials within the associated sphere is determined by an 
iterative process, with the condition that the measured cooling factor is the same in the sphere. 
This paper presents a technique in which the only iterated parameter is the thickness of the first 
layer of insulation. Heat of hydration energy is calculated as the sum of energies in the concrete 
sample and all the surrounding materials. The correction factor reflects these additional energies 
in the surrounding materials. For our laboratory additional materials consist of a steel bucket, a 
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steel girdle, steel clamps, a heating carpet of Teflon and two layers of insulation. All these 
additional materials have a significant effect on the correction factor. 
 
Two common Swedish cements are studied in this paper. ByggC is a “standard” cement and its 
application area is usually housing, and AnlC is a “moderate heat” cement generally used for 
civil engineering structures. The results from the heat of hydration evaluation using these 
concrete mixes show that TSA A has a considerable lower value of the cooling factor compared 
to TSA B. This is caused by the higher amount of insulation material in TSA A, as TSAs with 
lower cooling factors always store more energy in the surrounding material for a specific mix. 
Without compensation for this additional energy in the evaluation process, a lower cooling 
factor always results in a lower heat of hydration. Using the refined evaluation, i.e. including the 
energy compensation, the heat of hydration curves become approximately equal for TSA A and 
B. This shows that it is important to consider energies stored within the TSA materials, and that 
general recommendations concerning low cooling factors may result in too low heat of 
hydration using TSAs that are evaluated with the traditional method. 
 
In order to investigate effects of the correction factor for our two mixes, the evaluated 
parameters were applied in 2D structural simulations. Five concrete walls of different 
thicknesses were used. The results show that temperatures are almost underestimated by 5°C for 
an “ordinary” cement, and 2°C for a “moderate heat” cement. The consequences for calculated 
strength development are that the lower strength causes longer hardening time than needed, 
which might be regarded as being “on the safe side”, but this “extra margin” might not be 
wanted in practice. For crack risks, the calculated strain/stress ratios are underestimated with at 
most 0.32 (ordinary cement) and 0.14 (moderate heat cement). A rather common strain/stress 
ratio in design is 0.70, and based on that the “true” strain/stress ratio might be 1.02 and 0.84, 
respectively. For the true situation these underestimated temperatures may result in an obvious 
risk of cracking or at least a significant reduced safety factor. This confirms that it is important 
to consider energies stored within the TSA materials. 
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ABSTRACT 
 
This paper describes studies carried out to examine the influence 
on strength and chloride ingress when Portland cement is replaced 
with limestone filler. In the chloride ingress study both an 
accelerated method and field exposure measurements up to one 
year were employed. The results show that the method of 
measuring the resistance to chloride ingress can have a major 
influence on the assessment of the effect of different binders. 
Further, the effect on chloride resistance, when replacing Portland 
cement with limestone filler is strongly dependent of the 
replacement ratio. The effect on compressive strength when 
replacing Portland cement with limestone filler is also strongly 
dependent of the replacement ratio. 
 
Key words: strength, chloride transport, limestone filler, 
cementitious efficiency, k-value. 
 
 

1. INTRODUCTION  
 
Different mineral additions for partial replacement of Portland cement (PC) in concrete and in 
other cement based materials are widely used, and will become more and more common as there 
are environmental, economic, and technical benefits of using mineral additions. Limestone is 
one of these mineral additions. The European standard EN 197-1[1] permits use of limestone as 
an ingredient in CEM II cements in two ranges: CEM II/A cements containing between 6% and 
20% limestone (by mass) and CEM II/B cements containing between 21% and 35% limestone. 
From the data presented in [2] it can be concluded that Portland limestone cement (PLC) was 
the single largest type of cement used in 2004 in Europe. 
 
The substitution of parts of the Portland cement by limestone filler has been shown to have 
several effects on the properties of cement-based materials. In studies of pure compounds of 
clinker, various authors have reported that the C3S hydration rate is accelerated by limestone 
filler addition [3, 4], that the hydration rate of C3A is also enhanced [5], and that calcium 
carboaluminates are formed [5,6]. Investigations on cements have also shown that the overall 
hydration rate of cement is accelerated with the incorporation of limestone filler [7]. The higher 
degree of hydration at an early age is also reflected by higher early age strength. It has been 
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shown that the use of limestone filler as a replacement for cement may improve or at least not 
affect significantly the strength of both mortars and concretes at early ages, but this 
improvement has been found to disappear at a later age [8, 9, 10, 11,12]. 
 
Limestone does not possess any hydraulic or pozzolanic properties and consequently it does not 
produce C-S-H. This means that a replacement of clinker with limestone gives an increased 
water to cement ratio (w/c-ratio). It is generally accepted that the durability of cement-based 
materials to a large extent is governed by their resistance to penetration of aggressive media [13, 
14]. The most dominant parameter determining mass transport in cement-based materials is the 
w/c-ratio [15, 16], which also is given as a criterion in standards and regulations concerning 
durability aspects [17]. One of the major causes of deterioration of concrete structures is the 
ingress of chloride ions into the concrete initiating reinforcement corrosion [18]. Usually, 
chloride ions enter into concrete due to the application of de-icing salt or exposure to a marine 
environment.  
 
The literature is found to be quite limited and sometimes conflicting about chloride ion 
penetration and Portland limestone cement. It has been stated that to achieve similar durability 
properties with a PLC as that of the corresponding PC, both cements must be in the same 
strength class [19, 20]. This is accomplished by grinding the PLC to a higher fineness. Chloride 
penetration studies have partially confirmed this statement, at least for a limestone replacement 
up to 15% [20, 21]. The results of Dhir et al. [22] showed a minor increase of chloride migration 
(potential diffusion index) for the limestone replacement rate of 15% compared with PC. For 
replacement ratios beyond this level a more progressive increase in chloride migration with 
limestone content and w/c-ratio was observed. Other studies have shown that limestone addition 
was associated with larger chloride penetration despite the fact that the compared cements were 
in the same strength class [23, 24]. It must be emphasized that conflicting results can originate 
due to different methods used in the cited literature and also to somewhat different testing ages. 
The testing took place within a month after casting in most studies, i.e. on rather young 
specimens. 
 
This paper describes studies carried out to examine the influence on strength and chloride 
ingress when Portland cement is replaced with limestone filler. The laboratory tests were 
performed on one year old mortar specimens. In the chloride ingress study both an accelerated 
method (NT-BUILD 492) and field exposure measurements up to one year were employed. 
Additionally, the influence of limestone on the long-term (one year) strength was also 
investigated. Results from corresponding laboratory tests on 28 days old mortars have been 
previously published by the author [25]. 
 
 
2. EXPERIMENTAL 
 
2.1 Materials 
 
The physical and chemical properties of the cement and limestone fillers used throughout the 
experimental program as given by the producers are shown in Tables 1 and 2. The aggregate 
used was CEN standard sand in accordance with EN 196-1 [26], and the cement was a CEM I 
52.5 R product conforming to EN 197-1 [1]. 
Limestone fillers, produced from three different qualities of natural calcium carbonate, were 
used in this study, see Table 2. Type LL is calcium carbonate filler manufactured from a high-
purity white limestone from France, type MA is a white marble powder with high purity from 
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Austria, while type CH filler is a Danish calcium carbonate powder from a more recent origin 
than the two others, and can be defined as a fine microcrystalline sedimentary chalk. The 
calcium carbonate content of all three limestone qualities was  98% by mass. The limestone 
fillers also had different fineness, as can be seen in Table 2; CH has the highest specific surface 
area followed by MA and LL. All materials were obtained in single bulk deliveries and stored in 
airtight barrels to prevent deterioration with time.  
 
Table 1 – Chemical composition of the cement. 

Chemical composition Cement 
(%) 

Mineralogical composition 
of cement 

(%) 

CaO 64.1 C3S 62.8 
SiO2 20.9 C2S 12.4 
Al2O3 3.8 C3A 5.5 
Fe2O3 2.7 C4AF 8.3 
SO3 3.4   

MgO 2.8   
K2O 1.1   
Na2O 0.3   

Cl 0.02   
 
Table 2 – Physical characteristics of the cement and limestone fillers. 

Material Designation Mean particle size 
(μm) 

Specific surface, BET 
(m2/kg) 

Cement1 CEM 8 1760 
Chalk CH 2.3 2200 

Limestone LL 5.5 1000 
Marble MA 7.0 1500 

(1) Blaine fineness of the cement: 550 m2/kg. 
 
Five different mortar mixtures were cast with pure Portland cement as binder, with water-binder 
ratios (w/b) ranging between 0.4 and 0.8. Another five different mortar mixtures were cast 
where a part of the Portland cement was replaced with limestone filler. The w/b is here defined 
as the water to [Portland cement + limestone] ratio. The mixture compositions for the mortars 
with pure Portland cement are shown in Table 3 and for mortars with limestone blended cements 
are shown in Table 4. 
 
Table 3 – Mix proportions for Portland cement mortars. 

Mortar mix w/c w/b Cement Water Aggregate Air Consistency  
(flow value) 

   (kg/m3) (kg/m3) (kg/m3) (%) (mm) 
PC04 0.40 0.40 702 281 1263 2.9 169 
PC05 0.50 0.50 500 250 1500 4.9 170 
PC06 0.60 0.60 413 248 1593 3.8 176 
PC07 0.70 0.70 345 242 1666 7.5 168 
PC08 0.80 0.80 319 255 1654 6.5 172 

 
The limestone was added in the mixer, together with the cement and sand and was first dry 
mixed (1 min) to attain a homogeneous mixing, and then the water was added followed with 
additional mixing for 2 minutes. 
 
The mortars where the w/b were 0.5 were proportioned as principally specified in the European 
Standard EN 196-1 [26], one part of cement, three parts of standard sand and one half part of 
water. One modification compared with the standard [26] was the batch size which in this case 
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was increased to 40 litres. In those cases where the w/b was not 0.5, the proportions by mass in 
the mix differed from those given in the standard. For all the mixes, the aim was to reach a flow 
value with the flow-table test for mortars (EN 1015-3 [27]) of about 170 mm. This was 
accomplished by keeping the water content more or less constant and altering the binder content. 
 
The air content was measured in accordance with Swedish Standard SS 13 71 24 [28] on the 
fresh mortars. Relatively high air contents can be seen in Table 3 and 4 although no air 
entraining agents were used; for normal concrete without air entraining agent the air content is 
about 2%. This is probably a result of the high paste volume.  
 
Table 4 - Mix proportions for limestone blended cement mortars. 
Mortar mix w/b w/c Cement Limestone filler Water Aggregate Air Consistency 

(flow value ) 
   (kg/m3) (kg/m3) (kg/m3) (kg/m3) (%) (mm) 
LL12% 0.50 0.57 440 60 250 1500 5.0 175 
LL24% 0.50 0.66 380 120 250 1500 4.7 180 
LL24%-07 0.70 0.92 262 83 242 1666 5.4 164 
MA24% 0.50 0.66 380 120 250 1500 6.0 178 
CH24% 0.50 0.66 380 120 250 1500 4.8 173 
 
 
2.2 Methods 
 
Compressive strength 
The compressive strength test was performed in accordance with the European Standard EN 
196-1[26], on one year old mortars. The test principle is that three prismatic mortar specimens 
(40 mm x 40 mm x 160 mm) are cast and water-cured until the time of testing, which in this 
investigation means one year. The prisms were then broken into two halves by flexure. Each 
half prism was then tested for compressive strength (each value is the mean result of six 
specimens). 
 
Chloride migration 
Chloride migration testing was performed in accordance with NT BUILD 492 [29], from which 
chloride migration coefficients can be obtained and used in defining the chloride penetration 
properties. The principle of the method is that an external electrical potential is applied across 
the specimen and forces the chloride ions on the outside to migrate into the specimen. After a 
certain test duration, specified in the standard, the specimen is split and a silver nitrate solution 
is sprayed on to one of the freshly split surfaces. The chloride penetration depth can then be 
measured from the visible white silver chloride precipitation, after which the chloride migration 
coefficient can be calculated from this penetration depth as specified in the standard. Cylinders 
450 mm long with a diameter of 100 mm were cast in steel moulds. After demoulding, the 
cylinders were stored under water until the time for testing, i.e. one year. Immediately before 
testing, 50 mm thick specimens were sawn from the cylinders, with the 50 mm thick discs at 
each end of the cylinders being discarded. 
 
Chloride diffusion (field exposure) 
The specimens for field exposure were cast in plastic moulds with an inner diameter of 145 mm 
and a length of 250 mm. After one month of wet curing 20 mm thick slices were cut away from 
the end sides of the specimens. The specimens were then transported to the field exposure site 
and submerged in the sea in “open” plastic boxes, exposing the two newly cut surfaces to 
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seawater, see Fig. 1. The moulds were not removed at any time, which means that chloride 
penetration was one-dimensional when the specimens were submerged in the sea water. 

 
Figure 1 – Specimens, and the arrangement for immersing them in the sea. 
 
The field exposure site is situated in the south-western part of Sweden (Träslövsläge). The 
exposure conditions at the field site are well documented in [30]. In general the chloride 
concentration in the seawater varies with time from 10 to 18 g per litre, and the water 
temperature has a normally annual variation between + 20 C and + 2 C. 
 
After about one year submerged in the sea, one specimen of each kind of mortar was brought 
back to the laboratory for analysis. Each specimen was individually sealed in double, thick 
plastic bags, and stored at room temperature for no longer than three weeks prior to measure-
ment of chloride profiles. The specimens were sawn in the middle, and one part was used for 
measurement of chloride profiles and the other piece was used for measurement of moisture 
profiles. The moisture profiles were measured by putting samples taken from several depths, in 
a test tube and inserting a Vaisala RH-probe into the test tube and sealing the whole 
arrangement as described in [31]. 
 
For the measurement of chloride profiles, powder samples were taken by dry-grinding with a 
drill gradually from the exposed surface to a certain depth. Powder from each millimetre was 
taken for the first 5 mm, and then powder was taken for every second millimetre until 20 mm, 
after which the distance between where powder samples were taken was increased gradually. 
The acid-soluble chloride content in each sample was determined principally in accordance with 
AASHTO T260 [32] using potentiometric titration on an automatic titrator (Metrohm Titranor 
716). This method has shown good repeatability and reproducibility in round-robin tests [33]. 
After titration of chloride ions, the soluble calcium content of the same sample solution was 
determined, and recalculated to calcium oxide (CaOsample) in order to estimate the binder 
content. The method for determining the soluble calcium content is described in detail in [34]. 
The following equation was used to estimate the binder content in each sample: 
 

binder

sample
sample CaO

CaO
Binder          (1) 

 
where CaObinder is the calcium oxide content of the binder. For the Portland cement used in this 
study the CaOPC is 64.1% (see Table 1). When the binder consisted of Portland cement and 
limestone filler (PLC) the CaObinder was calculated by the following expression: 
 

LSPCbinder CaOLSCaOPCCaO        (2) 
 

 

Chloride penetration 

~210mm 
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where PC and LS are the Portland cement and limestone filler as percent by weight of the 
binder, and CaOPC and CaOLS are the respectively calcium oxide amounts. The CaOLS for 
limestone filler is 56.08% and was calculated by the following expression: 
 

 
3CaCO

CaO
LS M

MCaO          (3) 

 
where MCaO and MCaCO3, are the molar masses for calcium oxide and calcium carbonate. In the 
result section chloride content for the PLC-mortars are in some cases also given as the chloride 
percentage by mass of PC In those cases the following expression was used to estimate the PC 
content from the measured CaOsample. 
 







 



PC
LSCaOCaO

CaO
PC

LSPC

sample
sample       (4) 

 
The chloride ingress model chosen to evaluate and describe the measured chloride profiles in 
this study is the frequently used semi-infinite solution to the empirical model based on Fick´s 
second law [35], expressed as: 
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where C(x,t) is the chloride concentration at depth x after an exposure period t, Ci is the initial 
concentration in the mortars (in this study measured at around 0.05 mass% of binder for all 
mixtures), Cs is the chloride concentration at the exposed surface, DF2 is the chloride diffusion 
coefficient, and erf is the error function. Curve-fitting of the measured chloride profiles to Eq. 5 
was used to obtain the regression parameters DF2 and Cs. These two parameters should not be 
seen as direct material properties, but as regression parameters, describing the chloride ingress 
under a specific exposure condition and after a specific exposure time [30]. In this paper DF2 and 
Cs will be referred as the “apparent diffusion coefficient” (Da) and the “apparent surface 
chloride content” (Csa), respectively, as is suggested in reference [35]. 
 
Efficiency of limestone 
The efficiency of limestone as replacement of Portland cement was evaluated by the 
methodology first suggested by Smith [36]. In this methodology, when mineral additions are 
used the water/cement ratio (w/c) is substituted with the equivalent water/cement ratio ((w/c)eq) 
and an efficiency factor, called k-value, also referred to as the coefficient of efficiency, is 
introduced. The equivalent water-cement ratio is expressed as: 
 

 
)( kRc

wcw eq 
         (6) 

 
where R and c are the amount of mineral addition and Portland cement by mass, respectively. 
The k-value can be determined by taking the following steps: 

1. Determine the relationship between the property to be studied (strength, permeability, 
etc.) and w/c for the Portland cement used. 
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2. Determine the value of the property to be studied for a given concrete mixture containing 
the mineral addition to be investigated. 

3. Figure 2 illustrates how to determine the (w/c)eq by using the property/water cement 
relationship and the results from step 2. 

4. By using the known values of c, R and w and the value of (w/c)eq determined in step 3, 
the k-value can be calculated using Eq. 2. 
 

 
Figure 2 – Graphical illustration of the steps to be taken for determining the k-value for a 
mineral addition with regard to a certain property. 
 
The k-value defines the cementitious efficiency of the mineral addition, i.e. to what amount by 
mass the mineral addition can be regarded as Portland cement. 
 
 
3 RESULTS 
 
3.1 Compressive strength 
 
The results from the compressive strength tests for all mortars are shown in Fig. 3. The 
compressive strength is plotted versus the inverse of the w/b. The limestone replacement ratios 
are also given in Fig. 3. Each value is the mean result of six specimens; the standard deviations 
are also included. Fig. 3 shows linear relationships with good correlations for the PC-mortars 
between the compressive strength and the inverse of the w/b ratio, i.e. Bolomey’s formula [37] 
is valid. The values for the PLC-mortars with 24% limestone filler replacement ratio are lower 
than the corresponding values for the PC-mortars with the same w/b, meanwhile the 
compressive strength does not seem to be appreciable affected by replacing Portland cement 
with 12% limestone filler. 

0

10

0,3 0,4 0,5 0,6 0,7 0,8 0,9W/C

Pr
op

er
ty

(W/C)eq

Measured value



 68 

 
Figure 3 – The one-year compressive strengths as a function of binder/water ratio for all mixes. 
 
3.2 Chloride migration 
 
Fig. 4 shows the results from the chloride migration tests. The chloride migration coefficient 
(Dm) is plotted versus the w/b. Each value is the mean result of three tested specimens; the 
standard deviations and the limestone replacement rates are also included in Fig. 4. A linear 
relationship with good correlation is found in Fig. 4 between the migration coefficient and the 
w/b-ratio for the PC mortars. Close to linear relationship between Dm and the w/c has also been 
reported by Frederiksen et al. [38]. In relation to the PC-mortars the chloride migration 
coefficients of the LPC-mortars depend on the replacement ratio. For the lower replacement 
ratio (12%) the Dm is equal to that of the corresponding PC-mortar with the same w/b, while 
when the replacement ratio was doubled to 24%, the Dm increased. Due to technical problems 
no result is available for mix LL24-0.92. 
 

 
Figure 4. Chloride migration coefficient versus water/binder ratio tested at an age of one year. 
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3.3 Chloride diffusion (field) 
 
The chloride profiles from the field exposure tests are summarized in Figs. 5 and 6. One 
chloride profile for each mix was determined and the chloride content is expressed as percentage 
by mass of binder for all mixes, for all samples the binder content was estimated according to 
the procedure described in section 2.2 (Eq. 1 and Eq. 2). The general trend in Fig. 5 is that an 
increased w/b-ratio results in more chlorides diffusing into the mortar. One exception from this 
trend is the mortar with w/b 0.50. 
 

 
Figure 5. Chloride profiles after one year exposure time for the PC mortars.  
 
Fig. 6 shows that both an increase in replacement ratio with limestone filler and increase of the 
w/b-ratio results in increased chloride ingress. However, in Fig. 6 it can also be observed from 
the measured chloride profiles that mortar mix LL24% shows lower chloride contents compared 
with mortar mixes MA24% and CH12%, which have the same replacement ratio and w/b. 
 

 
Figure 6 – Chloride profiles (where the chloride content is expressed as percentage by weight of 
binder (Portland cement + limestone filler))after one year exposure time for mortars with 
limestone blended cement. 
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In Figs. 5 and 6 the fitted curves to the error-function solution of the results are also included. 
The curve-fitting procedure of measured chloride profiles is a very subjective matter. One of the 
reasons for this is the often irregular behaviour observed close to the exposure surface on 
measured chloride profiles. This irregularity occurs as a deviation of the measured profile 
compare to the fitting curves obtained from Eq. 5. From the results in Figs. 5 and 6 this 
deviations between measured profiles and fitted curves exist, but are not so pronounced. Not 
showed here, but when the chloride profiles were expressed as chloride content by weight-% of 
sample the deviation of the measured profiles compare to the fitting curves was more 
pronounced. The point from where the curve-fitting is started, and the amount of accessible 
measured points in this critical area, will have a huge influence on the regression parameters, Da 
and Csa. For most measured chloride profiles, the deviation from an expected diffusion profile 
seemed to occur at the same depth as that at which the parallel measured binder content had a 
tendency to decrease from the bulk quantity. The majority of the regression analyses were 
therefore made with this certain depth as starting point, which was around 2 mm from the 
exposed surface. For the chloride profiles which did not follow this pattern, the starting point 
was chosen by omitting the first one or two measuring points if the values significantly diverged 
from the expected diffusion profile. The coefficient of correlation, R2, for all fitted chloride 
profiles was ≥ 0.96. 
 
Fig. 7(a) shows the apparent diffusion coefficients (Da) as a function of w/b. The Da is evaluated 
by curve fitting the chloride profiles shown in Figs. 5 and 6. The w/b is as previous mentioned 
defined as water to Portland cement ratio for the PC-mortars, respectively water to Portland 
cement plus limestone filler ratio for the PLC-mortars. 
 
Fig 7(b) shows the Da as a function of the w/c. The evaluation of Da is made by curve fitting the 
same chloride profiles as previous (Figs 5 and 6), but in this case the chloride content was 
expressed as percentage by mass of Portland cement for all mixes when the data were fitted to 
the error function solution. The estimation of Portland cement content from calcium 
measurements for the PLC-mortars is described in section 2.2 and Eq. 4. The procedure adapted 
in Fig. 7 (b) to estimate the Da does not influence the results for the PC-mortars as the binder 
content and Portland cement content is the same. However, for the PLC-mortars when the 
chloride content was expressed as percentage by mass of Portland cement the curve fitting gave 
a small increase of Da of about 2%. One exception is the LL24%-mortar where the increase was 
~4% compared with the result in Fig. 7(a).  
 
Fig. 7 (a) shows that despite some scatter in the results, an increase in the w/b for the PC-
mortars generally results in an increased Da. The Da for the PC-mortar with w/b 0.50 deviates 
from what would have been expected, as it is lower than for the PC-mortar with w/b 0.40. A 
factor that to some degree could influence the results can be that after one year of marine 
exposure, growth of algae to various extents was found on the specimen surfaces. Despite the 
occurring uncertainties in the results, the results for the PC-mortars were fitted to a linear 
regression line in Figs 7(a) and 7(b). Close to linear relationship between the Da and the w/c has 
previous been reported by Frederiksen et al. [38]. 
 
In Fig. 7(a) the response of the PLC-mortars with the alternation of the w/b is not 
straightforward. A lower limestone replacement ratio (12%) seems to have a beneficial effect on 
the Da (lowering it) compared to the expected value for a corresponding PC-mortar, while the 
opposite is true for the PLC-mortars with higher replacement ratio. These results conform to the 
results from the migration test (see Fig. 4). However, when the Da for the PLC-mortars is plotted 
as a function of the water-Portland cement ratio (w/PC) the response is similar to that of the PC-
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mortars (see Fig. 7(b)), i.e., an increase in the w/PC results in higher Da. It can also be noticed in 
Fig. 7(b) that the Da for all PLC-mortars is lower than the expected value of a PC-mortar with 
the same water-Portland cement ratio. 
 
Figs. 8(a) and 8(b) show the apparent surface chloride content (Csa) as percentage by mass of 
binder respectively as percentage by mass of Portland cement. The Csa is the other regression 
parameter obtained from the curve fitting procedures described in section 2.2 (Eq. 5). As in Figs. 
7(a) and 7(b) the results for the PC-mortars does not change in Figs. 8(a) and 8(b), while for the 
PLC-mortars the difference in the results when comparing Figs. 8(a) and 8(b) is obvious. For the 
PLC-mortars the absolute value of Csa is about 30% higher when it is expressed as percentage by 
mass of Portland cement instead of as percentage by mass of binder. One exception is the 
LL12%-mortar where the Csa is about 14% higher when expressed as percentage by mass of 
Portland cement.  
 
The Csa has been suggested to give an indication of the chloride binding capacity [39]. The 
chloride concentration of the exposure solution (in this case chloride ion concentration in the sea 
water) represents the free chloride concentration and together with Csa one point in the binding 
isotherm could be estimated. The value of Csa depends primarily on the concentration of the 
exposure solution, on the porosity and on the binding capacity of the cement gel [38]. In Figs. 
8(a) and 8(b) the mean value of Csa for the PC-mortars is plotted. This value is 3.3 ± 0.4% Cl- by 
weight of binder (or weight of Portland cement, which is the same). The value of PC05-mortar 
is not included in this mean value as it seems to deviate from the rest of the results without any 
conceivable explanation.  
 
In Figs. 8(a) and 8(b) also the mean value of Csa for the PLC-mortars with higher replacement 
ratio (24%) is plotted. In this case the value of LL24% is excluded from the mean value for the 
same reason as the PC05-mortar. The Csa mean value in this case is 2.5 ± 0.3% Cl- by weight of 
binder (Portland cement + limestone filler) and 3.3 ± 0.5% when expressed as Cl- by weight of 
Portland cement. This means that the lines representing the mean values of the Csa coincide in 
Fig. 8(b). The lowest value of Csa was measured for the LL12%-mortar. The reason for this is 
somewhat ambiguous whether it depends on material properties or natural scatter found in field 
data. 
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Figure 7 – Apparent chloride diffusion coefficient as function of (a) w/b-ratio and  
(b) w/c-ratio after 370 days of field exposure. 
 
 
 
 

 

(a) 

(b) 
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Figure 8 – Apparent surface chloride content as function of (a) w/b-ratio and (b) w/c-ratio after 
370 days of field exposure. 
 
 
Fig. 9 shows the results of the moisture measurements after one year of submerged exposure. 
All mortar qualities except one were almost saturated, showing an RH ≥ 95% (RH 95% is the 
upper limit of the calibration of the RH-probes) throughout the specimen depth. The Portland 
cement mortar with w/c 0.4 deviates from the general results (see Fig. 9). For a depth larger than 
10 mm a continuous decreasing RH profile was measured. 
 

(a) 

(b) 
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Figure 9 – Moisture profiles from samples after one year of exposure in sea water. 
 
3.4 Efficiency of limestone 
 
By following the concept for evaluating the coefficients of efficiency (k-values) described in 
section 2.2 the cementitious efficiency of limestone filler was determined regarding compressive 
strength chloride migration and chloride diffusion, the results are presented in Table 5. The k-
values with regard to chloride diffusion were determined from the curve fitting results where the 
chloride profiles were expressed as percentage by mass of binder (Fig. 7(a)). Because the k-
values with respect to chloride diffusion presented in Table 5 are based on one measured 
chloride profile for each mortar quality the uncertainties of those values are difficult to foresee. 
 
Table 5 – k-values for limestone filler based on different properties. 

Mortar mix k-values 
Compressive strength Migration Diffusion 

LL12% 0.8 1.2 1.3 
LL24% 0.5 0 0.9 

LL24%-07 0.3 - 0.6 
MA24% 0.2 0.2 0.6 
CH24% 0.4 -0.2 0.4 

 
However, apart for the LL12%-mortar when comparing the calculated k-values from the 
migration test with the corresponding values from the natural diffusion test in Table 5 it is 
obvious that limestone filler seem to be less efficient as replacement of Portland cement when 
tested with the accelerated migration method. A possible explanation to the discrepancy between 
the k-values determined with the different chloride ingress methods is illustrated in Fig. 10, 
where the ratio between the Dm and the Da for the different mortar qualities is shown. In Fig. 10 
the mean values of this ratio for PC-mortars respective PLC-mortar is also given, the results for 
PC05-mortar and LL24% -mortar are considered as outliers and therefore excluded from the 
mean values shown in Fig 10. 
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Figure 10 – The ratio between the migration coefficient and the diffusion coefficient for the 
different mortar qualities, also the mean values of this ratio for PC-mortars respective PLC-
mortar are given. The mean values do not include PC05 and LL24%, which are considered as 
outliers. 
 
The mean value of the Dm/Da-ratio for the PC-mortars is lower than for the PLC-mortars, 
implying deeper chloride ingress in the accelerated migration test than in the natural diffusion 
test for the PLC-mortars compared to the PC-mortars. This is apparent when comparing Fig.4 
with Fig. 7(a). 
 
In Table 5 the k-values from the compressive strength seem to be of the same magnitude as the 
k-values from the natural diffusion for the higher replacement ratio, while for the lower 
replacement ratio k-value is lower. 
 
 
4 DISCUSSION 
 
Limestone can be regarded as inert concerning the ability to form C-S-H. There is, however, 
much agreement that limestone reacts with the aluminate phases producing monocarbonate [40]. 
Other effects observed when inert (don´t form C-S-H) mineral additions are used as cement 
replacement are: cement dilution, modification of the particle size distribution and 
heterogeneous nucleation [41, 42]. The dilution effect is connected with the replacement ratio of 
cement with the mineral addition, and equivalent to an increase in water-cement ratio. The effect 
of particle size distribution depends on the fineness and amount of the mineral addition, and is 
related to the modification of the initial porosity of the mix, concerning mostly the fresh 
properties. The heterogeneous nucleation is a physical process enhancing the cement hydration 
by providing nucleation sites (on the mineral addition) for the cement hydrates.  
 
The influence of the dilution effect will be an increase of the total porosity resulting in a lower 
compressive strength and higher chloride ingress coefficient, which is quite obvious in Figs. 3, 4 
and 7 for the mortars with the higher replacement of Portland cement with limestone filler. 
Porosity measurements were made for some of the PLC-mortars used in this study and a higher 
porosity was confirmed [43]. Further, from mercury intrusion studies Pipilikaki et al. [44] 
reported that an increased limestone addition gave an increased intruded mercury volume 
indicating an increasing porosity. However, in the same study [44] a decreased threshold 
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diameter (dth) with increased limestone addition was also reported. The threshold diameter 
corresponds to the narrowest path in the interconnected pore, and it has been found that 
permeability of cement paste to be more sensitive to the dth than the total porosity [45]. The 
dilution effect and the effect of a microstructural refinement (due to heterogeneous nucleation 
and/or the filler effect) can be seen as two antagonistic effects concerning chloride ingress. In 
this study, for the mortar with lower replacement of Portland cement with limestone the effect of 
a microstructural refinement predominate the dilution effect as can be seen in Table 5, while the 
opposite is true for the higher replacement ratio.  
 
In Table 5 it can also be observed that for the higher replacement ratio the efficiency of 
limestone filler concerning the resistance to chloride ingress also depends on the test method. 
Fig.10 shows the Dm/Da-ratio for the different mortar, where for all mortars this ratio is higher 
than one. This is reasonable as the driving force for the chloride ingress is different for the two 
methods. An external electrical field can be expected to cause deeper chloride ingress than the 
movement of ions as the result of a concentration gradient. It has also been suggested that 
interaction with seawater can improve the microstructure of concrete surface during field 
exposure and consequently block chloride ingress [46]. That the Dm/Da-ratio is higher than one 
can also be found in data reported in [30, 47]. 
 
Fig. 10 reveals also that the mean value of the Dm/Da-ratio for the PC-mortars is lower than for 
the PLC-mortars, implying deeper chloride ingress in the accelerated migration test than in the 
natural diffusion test for the PLC-mortars compared to the PC-mortars. This can be due to two 
conceivable explanations; one is that the microstructural refinement of the PLC-mortars is less 
beneficial in the migration test than in natural diffusion and the other is differences in the 
binding capacity for the different binders. 
 
Some kind of microstructural change other than the dilution effect is also evident in Fig. 7(b). 
The diffusion coefficient is in fact increased with increased limestone filler replacement ratio. 
However, the Da is lower for the PLC-mortars than the corresponding PC-mortars with the same 
water-Portland cement ratio. If this effect is thought as the result of a microstructural refinement 
such as narrowing of paths to the interconnecting porosity, then the movement of ions though 
natural diffusion (‘random walk’) can be expected to be more prohibited by this refinement than 
the movement of ions through an external imposed electrical field. 
 
Two main mechanisms are general accepted to be responsible for chloride binding, those are, 
physical adsorption to C-S-H surfaces and chemical reaction with the aluminate phases [48, 49]. 
As an external electrical field is applied in the migration test forcing chloride ion to penetrate it 
is possible that the part of chloride binding associated to physical adsorption on the C-S-H 
surface will decrease, so the remaining chloride binding capacity will mostly be attributed to the 
chemical reaction with the aluminate phases. When Portland cement is replaced with limestone 
filler less aluminate phases will be available for chloride binding. Further, as limestone filler has 
been identified to react to some extend with the aluminate phases, this can further decrease the 
available aluminate phases for binding chlorides. Some indication for the effect on chloride 
binding capacity for the different binders can be found in Figs. 8(a) and 8(b). In Fig 8(a) where 
the Csa is expressed as percentage by mass of binder the PC-mortars have generally a higher Csa 
than the PLC-mortars implying a higher binding capacity. In Fig. 8(b) the Csa is expressed as 
percentage by mass of Portland cement, here the mean values of Csa  for the both binders 
coincide, which suggest that the chloride binding capacity is determined by the Portland cement 
content. The consequence of this is that in the migration test the chloride binding capacity for 
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the PLC-mortars will be exhausted both by the nature of the test and also by the less available 
clinker aluminate phases. 
Similar tendency as for chloride ingress can be observed in the result for compressive strength 
when Portland cement is replaced by limestone filler. When compared with PC-mortars with the 
same w/b a higher replacement ratio results in a clear reduction of the compressive strength, 
while the lower replacement ratio results in a marginal reduction (Fig. 3). However, one 
difference do exist between the effect on chloride ingress and compressive strength, that is, for 
chloride ingress a small replacement of Portland cement with limestone filler is beneficial, while 
for compressive strength even if small the effect is negative (Table 5). This is not surprising as 
compressive strength is a property mainly governed by total porosity while chloride ingress is 
also strongly influenced by the pore structure. 
 
In this study also moisture profiles for the different mortars were measured which showed that 
all mortars except one were almost capillary saturated. The PC-mortar with a w/c 0.4 (PC04) 
showed close to saturation at 10 mm depth, thereafter the RH decreased likely due to self-
desiccation. These results are in agreement with the results reported in [31]. An implication of 
the RH result for the PC04-mortar is the chloride transport process differs compared to the rest 
of the mortars that are saturated. 
 
 
5 CONCLUSIONS 
 
The following conclusions can be drawn from the results obtained in this investigation: 
 
The method of measuring the resistance to chloride ingress can have a major influence on the 
assessment of the effect of different binders.  
 
The effect on chloride resistance when replacing Portland cement with limestone filler is 
strongly dependent of the replacement ratio. Compared to neat Portland cement moderate 
replacing ratio (12%) shows decreased chloride ingress, while the opposite is true for a higher 
replacement ratio (24%). 
 
The effect on compressive strength when replacing Portland cement with limestone filler is 
strongly dependent of the replacement ratio. A moderate replacing ratio (12%) shows marginal 
decrease in compressive strength, while the decrease is more pronounced for a higher 
replacement ratio (24%). 
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ABSTRACT 
 
Shotcrete (sprayed concrete) is, together with rock bolts, the most 
important material used for reinforcement in hard rock tunnelling. 
Sprayed concrete differs from ordinary concrete through the 
application technique and the addition of accelerators which give 
immediate stiffening. The bond between sprayed concrete and 
rock is one of the most important properties in the quality 
assessment of shotcreted concrete. During the very early age after 
spraying the physical properties of the concrete and the bond to 
the rock depend on the accelerator and the micro structure that is 
formed. In this work a laboratory test method for measuring early 
bond strength for very young shotcrete is presented. 
 
Key words: Shotcrete, sprayable, rock, bond strength, testing. 
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1. INTRODUCTION  
 
Shotcrete (sprayed concrete) is a very important material for rock reinforcement and repair 
work. It is either used in combinations with rock bolts or other mechanical connectors or as a 
shell or lining that bond directly to the substrate, which e.g. can be rock or concrete. The ability 
to bond strongly to the substrate is one of the most important material properties of shotcrete. 
This is particularly important in tunnelling through hard rock using shotcrete linings not secured 
by rock bolts. A fast developing shotcrete strength is often a high priority in tunnelling since 
displacements in the rock mass may occur soon after the excavation of the rock. By immediately 
spraying the tunnel walls and the roof with shotcrete loosening of smaller blocks will be 
prevented which secures the arch shape of the tunnel and its load carrying capacity. Bond failure 
can occur already at deformations of about a few millimetres which can lead to catastrophic 
failures for un-reinforced linings. If the shotcrete is reinforced with e.g. fibres or steel mesh it 
can maintain its functionality also when bond failure has occurred partly over the concrete–rock 
interface [1]. When shotcrete interacts with rock bolts in the rock mass surrounding a tunnel, or 
other shotcreted underground openings, the lining may be subjected to concentrated punch loads 
from the bolts, or from loose rock blocks. In such cases the supporting function of the shotcrete 
lining will be maintained through three stages [2]. During the first stage, the bond along the 
concrete–rock interface will be dominant. After primary bond failure flexural resistance from 
bending in the undamaged lining will carry the load, during continuous crack growth. Then, 
during the third and final stage, the lining acts as a membrane before totally losing its supporting 
effect. The importance of the rock-shotcrete bond was demonstrated during in situ testing of 
young shotcrete subjected to vibrations from blasting [3]. It was concluded that shotcrete, up to 
24 hours old, can withstand vibration levels at which a cracked rock mass is seriously damaged 
and that the main failure mode is loss of the bond between shotcrete and rock. During the 
evaluation of the test results (see e.g. [4] and [5]) it became evident that accurate estimations of 
the early bond strength are needed as input to numerical models. It was also found that different 
rates of growth for material parameters such as tensile strength, elastic modulus and bond 
strength will lead to stress concentrations during certain periods of the shotcrete hardening 
process. It is not possible to analyse these phenomena using known material data for ordinary, 
cast concrete. Shotcrete has basically the same material composition as cast concrete but the 
method of placement, also including the use of set accelerators, gives a material with unique 
properties and performance. 
 
The bond strength, or adhesive strength, between two materials in contact is determined by a 
combination of mechanisms, where mechanical interlocking and adsorption can be mentioned 
among others [6]. Other factors, such as the material microstructure and interface surface 
geometry, also contribute to the overall strength and reliability of a bonding situation. The bond 
strength of shotcrete can thus be defined as the ability to adhere to a particular surface, which 
often is rock or concrete. The bond strength possible to obtain on hard rocks surfaces is 
governed by type of rock, the condition of the rock surface and the method of spraying, i.e. 
using wet-mix or dry-mix method, see [7]. In the following, conditions that primarily applies to 
wet-mix shotcrete are assumed, unless otherwise stated. In the case of wet-mix shotcrete, care 
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must be taken when using accelerators since these will, apart from accelerating the rate of 
strength growth, also affect the rate of shrinkage which may lead to severe loss of bond [1]. 
Therefore the skill and accuracy of the operator handling the spraying equipment are of vital 
importance. Thus, there is a need for data on the early age bond strength development for 
shotcrete and this also requires reliable test methods. In this paper a new laboratory test method 
that can be used immediately after shotcreting, or casting, is presented and evaluated. Results 
from tests with cement mortar and concrete, cast not sprayed but bonding to concrete and rock, 
are given. These results will be used as reference for future tests that will be performed with 
shotcreted samples. By comparing the results obtained in the two types of test the effect of the 
shotcreting process, also including the set accelerators, will be possible to evaluate. 
 
 
2. BOND STRENGTH 
 
Sections of shotcrete with partial loss of bond to the rock substrate can usually be detected in 
situ with the simple and fast method of manual hammer soundings, where drummy sound is the 
indicator. The bond strength between shotcrete and rock, or other substrates, is usually 
determined by pull-out tests directed perpendicularly to the rock wall. A variety of testing 
techniques exists but most of these methods are intended for testing of fully hardened shotcrete 
and are not suitable for very young and un-hardened shotcrete. The following section discusses 
existing methods for bond strength measurements. The knowledge of the bond strength which is 
possible to obtain for fully hardened shotcrete on various types of rock, and concrete, is then 
summarized, followed by comments on strength levels which can be expected for young 
shotcrete.  
 
 
2.1 Bond strength testing 
 
The most common technique for bond strength testing of shotcrete is to pull cores, pre-drilled 
through the concrete and the outer layer of the rock, see e.g. [1]. As schematically shown in 
Figure 1(a) there are three failure modes possible; complete bond failure, shotcrete tensile 
failure and rock failure. It is also possible that combinations of these modes will occur. The 
technique is well adapted for use in situ but can also be suitable for laboratory testing, also on 
horizontal surfaces. One drawback of the method is that friction may occur between the test core 
and the cylinder casing of the drill which may damage the bond at the shotcrete-rock interface. 
The method cannot be used with very young shotcrete which is not hard enough for drilling. 
Also, it must be possible to support the pull-out device on the shotcrcte surface. An alternative 
technique is to pull steel discs through the shotcrete lining [8], as shown in Figure 1(b). The 
discs, mounted on the rock surface prior to spraying, will displace a conical piece of concrete 
with a failure mode that is a mix of bond loss and tensile failure. This method will not give a 
direct measure of the bond strength but can, however, be used immediately after the concrete 
has been sprayed. 
 



84 
 

This paper suggests and evaluates a new approach intended for laboratory testing with cast or 
sprayed specimens, possible to use immediately after applying the material on the substrate. The 
principle of the method is schematically described in Figure 1(c) where it can be seen that the 
direction of pull is reversed compared to the other two methods. This is possible since the 
method is intended for laboratory work where the substrate is represented by a slab of finite 
thickness, of e.g. rock or concrete. The slab will be prepared with a pre-drilled hole in which a 
solid, cylindrical core is placed and fixed in position prior to application of the test material. 
This can be shotcrete or concrete cast on top of the slab, covering the core and bonding to its 
cross section surface and the surrounding slab. Since the core is pre-drilled there will be no 
disturbance on the shotcrete-rock bond prior to the pull-out and as there is no contact between 
core and slab, due to the gap, there will be no friction losses. The test set-up can be arranged 
either with the shotcrete side facing downwards, as in the figure, or upwards. 
 

SHOTCRETE FAILURE

ROCK FAILURE

BOND FAILURE

a) b) c)

 
Figure 1 – Methods for bond strength testing. Pull-out of drilled test cores (a), pull-out of 
shotcrete covered steel discs (b) and pull-out in the reversed direction of a substrate core (c). 
 
 
2.2 Fully hardened shotcrete on rock or concrete 
 
Examples of documented bond strength values, from laboratory testing and in situ 
measurements, are presented and compared in Table 1, from a compilation published by Bryne 
et al. [9]. Each of these tests is briefly summarized and commented in the following. First, 
measured values for shotcrete on concrete surfaces are given. These are of interest as reference 
values since a concrete surface is plane and more even than most in situ rocks, and with a 
mineralogical composition nearly identical to that of shotcrete. Tests with shotcrete on a well-
cleaned concrete wall were performed by Malmgren et al. [10] presenting values within 0.6–2.0 
MPa. The concrete surface had been sandblasted prior to spraying. The results are similar to 
those presented by Silfwerbrand [11] who presents results from test carried out with shotcrete 
sprayed on old concrete that had been tooled with a jackhammer. The results from these pull-out 
tests show values between 1 and 2 MPa and it is interesting to note that torsional testing in the 
same material gave higher values for the bond shear strength. Bond strength values possible to 



85 
 

obtain on different types of rock are presented by Hahn & Holmgren [12]. The tests were 
conducted in a tunnel under well controlled conditions with shotcrete older than 28 days that had 
been sprayed on rock panels with different surface configuration. The variation in results 
depending on if the rock surface was smooth or rough is shown in Figure 2. It is concluded that 
the type of rock mineral is more important than the roughness of the surface and that the 
increase in bond strength due to surface roughness is mainly caused by the surface 
magnification gained compared to a smooth surface. Results obtained with shotcrete on 
sandstone and shale are also presented by Kumar et al. [13], who show results within 0.1–0.5 
MPa, comparable to those put forth by Hahn & Holmgren [12]. The influence of surface 
roughness was observed and it is also concluded that there is no effect on the bond strength from 
an increase in tensile strength of the rock. As a conclusion from laboratory testing, Saiang et al. 
[14] comment that the bond strength between shotcrete and rock is almost similar in size to the 
tensile strength of the shotcrete. 

 

 

Figure 2 – Obtained bond strength between sprayed concrete and various types of rock, from 
testing by Hahn & Holmgren [12]. Figure from [4]. 
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Table 1 – Examples of bond strength obtained from pull-out testing of fully hardened shotcrete, 
sprayed on different substrates. From Bryne et al [9]. 

Bond strength (MPa) Surface Reference 

0.6–2.0 Concrete Malmgren et al. [10] 

1.0–2.0 Concrete Silfwerbrand [11] 

0.1–0.3 Shale Kumar et al. [13] 

0.2–0.3 Shale Hahn & Holmgren [12] 

0.6–0.9 Mica schist Hahn & Holmgren [12] 

0.1–0.5 Sandstone Kumar et al. [13] 

1.1 Sandstone Hahn & Holmgren [12] 

0.3–0.4 Magnetite (iron ore) Malmgren et al. [10] 

0.7–1.1 Magnetite (iron ore) Ansell [3] 

1.4–1.5 Marble Hahn & Holmgren [12] 

0.3–1.7 Granite Hahn & Holmgren [12] 

1.6–1.7 Gabbro Hahn & Holmgren [12] 

0.2–1.8 Gneiss Hahn & Holmgren [12] 

1.5–1.8 Lime stone Hahn & Holmgren [12] 

1.0–3.0 Quartz diorite O’Donnell & Tannant [8] 

   

0.0–2.0 Usual results Holmgren [2] 

>0.5 At normal tunnelling conditions Holmgren [2] 

≤0.5 Recommendation, hard granite Vandewalle [7] 

1.4 (mean) Tunnelling, wet-mix method Ellison [15] 

1.0 (mean) Tunnelling, dry-mix method Malmberg [16] 

0.9 (mean) Tunnelling, wet-mix method Malmberg [16] 

 
Pull-out tests in situ usually give results between 0 and 2 MPa, depending on the conditions. For 
tunnelling in hard rock, values higher than 0.5 MPa are realistic [2]. This should be compared to 
the in situ mean values measured during tunnelling work, [15] and [16], listed in Table 1 that are 
within 0.9–1.4 MPa. However, relatively low values are often used for practical design work 
due to uncertain rock performance and lack of knowledge. E.g. for shotcrete on hard granite a 
recommended design value of 0.5 MPa is often given, see e.g. Vandewalle [7]. Tests conducted 
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in a Canadian mine, where the rock type was quartz diorite of good quality [8], showed results 
within 1–3 MPa. It should be noted that these results in some cases exhibited higher values than 
the results presented by Hahn & Holmgren [12]. However, in this case the bond strengths were 
obtained by calculation from measured pull-out forces using the method with a pull-out disc, see 
Figure 1(b). It is well known that a clean rock surface is of outmost importance if a good bond 
to the shotcrete is to be reached. This was pointed out already by Barbo [17], who showed that 
surfaces polluted by diesel exhausts reduce the bond strength. It is also well known that free 
water on the rock surface has a negative effect, [18]. The effect from various types of surface 
treatment was investigated by Malmgren et al. [10]. Three different methods of surface 
preparation on iron ore (Magnetite) were tested; mechanical scaling, scaling and high-pressure 
water washing and water-jet scaling. The results show that for areas with only mechanical 
scaling over one third of the samples indicated no bond between rock and shotcrete. For the 
other two methods only 7–17 % of the tests resulted in zero bond strength, which demonstrates 
the importance of spraying on a well-cleaned rock surface. The results showed an overall poor 
bond strength of 0.3–0.4 MPa but another, smaller test series carried out in the same mine gave 
values within 0.7–1.1 MPa [3].  
 
 
2.3 Early age shotcrete 
 
Due to the practical problems associated with pull-out testing of very young shotcrete there are 
few documented test results available. Most results that can be seen as relevant and of interest 
deal with shotcrete older than 48 hours. The tests reported by Malmgren et al. [10], with 
shotcrete on a well-cleaned concrete wall, show 0.3–0.6 MPa bond strength after 2 days and 
0.6–1.0 MPa after 7 days. At 28 days the corresponding strength is 0.8–1.4 MPa, finally 
reaching up to 2.0 MPa as seen in Table 1. The results had a significant scatter, which is thought 
to be due to the variation in distance between nozzle and substrate rather than variation in 
concentration of the set accelerator used. The results indicate that there is a correlation between 
the growth of compressive and bond strengths, respectively. Results for shotcrete ages of 1–90 
days are presented by Seymour et al. [19]. The pull-out tests with shotcrete on concrete test 
panels showed a bond strength of 0.4 MPa at 24 hours of shotcrete age and 1.1 MPa at 72 hours. 
When fully hardened, in this case defined as 90 days of age, the bond strength was 1.6 MPa. It 
was concluded that this is within the normal range of bond strengths specified for shotcrete 
sprayed on concrete substrates. The test series with shotcrete on sandstone and shale presented 
by Kumar et al. [13] also contain values for 2–7 days old shotcrete. For sandstone the bond 
strengths, at 2, 3, 4, 5 and 7 days, are approximately 0.03, 0.13, 0.21, 0.29 and 0.30 MPa. This 
should be compared with 0.50 MPa at 28 days, which is listed in Table 1. For shale a bond 
strength value of only 0.03 MPa was reached after 7 days, which should be compared with 0.30 
MPa at 28 days. From tests using a method with a pull-out slab, see Figure 1(b), similar to what 
was used by O´Donnell and Tannant [8], strength values from testing at the first few hours after 
shotcreting are presented by Bernard [20]. The focus was, however, not primarily on the bond 
strength but on the load resistance associated with shear or flexural failure in the concrete lining. 
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The bond strength of shotcrete on rock for age of 24 hours was observed to be as low as 0.2 
MPa in this case. 
 
 
3. MATERIALS AND TEST METHOD 
 
In this initial study no sprayed shotcrete samples were tested, instead samples cast from cement 
mortar and concrete with a composition equal to that of shotcrete were used. The suggested test 
method can be adopted for use with both cast and sprayed samples and the focus of this part of 
the investigation was on the practical aspects of the bond strength testing procedure and to 
compile reference data to be used for comparison with future results obtained with shotcreted 
samples. For this reason the compressive strength development was also investigated. 
 
 
3.1 Tested materials 
 
For this laboratory investigation shotcrete was substituted with cast concrete with a composition 
comparable to standard concrete used for spraying, with a water-cement ratio of 0.45. Earlier 
results from tests with cement mortar are also included for comparison. The two materials are 
sprayable but contain different types of cement, thereby demonstrating the different rates of 
strength growth that is obtained with the two most common Swedish cement types. The 
composition of the cement mortar is given in Table 2. This material contains the cement type 
“Byggcement” which is of quality CEM II/A-LL 42.5 R, a “cement for housing”, [21]. 
Preliminary results from tests with this material are presented by Bryne et al. [9] and Bryne & 
Ansell [22]. 
 
Table 2 – Composition of cement mortar used in the earlier tests. The cement is Swedish type 
“Byggcement” (cement for housing, CEM II/A-LL 42.5 R). From [9]. 
 

Composition  

Cement type 
 

Cement content 

CEM II/A-LL 
42.5 R 

   427 kg/m3 

Water content    192 kg/m3 

Aggregates, 0–6 mm  1923 kg/m3 

Density  2542 kg/m3 

 
The composition of the tested concrete is given in Table 3. The cement used is Swedish type 
“Anläggningscement” (CEM I 42.5 N – SR 3 MH/LA), which is a slower reacting cement for 
“civil engineering use”, [21]. The maximum aggregate size is here restricted to 8 mm, which 
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often is the norm for standard wet-mix shotcrete. To investigate the effect on the bond strength 
from set accelerators used in shotcrete two series of bond strength tests were performed, first 
with non-accelerated concrete and then with addition of an alkali-free set accelerator, at 3% of 
the cement weight. The set accelerator was mixed in by hand and the mix then had to be applied 
quickly for bond strength testing. No concrete cubes including accelerators for compressive 
strength testing were cast for this investigation. This was mainly due to the practical problems 
with quickly mixing and casting homogeneous volumes of accelerated concrete. The effect of 
the set accelerator inside a concrete cube is probably also different from that in a thin shotcrete 
shell, since the early cement hydration reactions will take place in a stiff structure produced by 
the set accelerator, see [23]. Preliminary results, and comments, from compressive strength 
testing of the concrete described in Table 3 are given by Hedenstedt & Ryberg, [24]. 
 
Table 3 – Composition of the concrete used in the tests. The cement is Swedish type 
“Anläggningscement” (cement for civil engineering use, CEM I 42.5 N – SR 3 MH/LA). 
 

Composition  

Cement type 

 

Cement content 

CEM I 42.5 N 
–SR 3 MH/LA 

   495 kg/m3 

Silica U 

Water content 

   19.8 kg/m3 

   221 kg/m3 

Glenium 51     3.5 kg/m3 

Aggregates, 0–2 mm    394 kg/m3 

Aggregates, 0–8 mm  1183 kg/m3 

Density  2316 kg/m3 

 
 
3.2 Compressive strength 
 
The two tested materials (Tables 2–3) were cast as 150 mm cubes, tested to determine the 
growth in compressive strength. Tests were performed according to standard [25], which was 
possible from 6 hours of age for the mortar (Table 2) and from 10 hours for the concrete (Table 
3). The cube strength results are shown in Figure 3, where curves fitted to the results, using the 
method of least squares, also are shown. For the mortar, the equation of the curve is as follows: 
 

0.8211.706/
cc 139.5e  (MPa)     for   0  24 hrs.tf t    (1)  
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and for the concrete the corresponding equation is: 
 

1.6530.661/
cc 28.4e   (MPa)     for   0  48 hrs.tf t    (2) 

 

 
Figure 3 – Compressive cube strengths vs. age of concrete from laboratory tests for cement 
mortar and concrete, compared with the strength growth curves specified in guidelines [26]. 
 
The equations are on the form suggested by Byfors [27] and it should be noted that they are 
valid within the time intervals specified for t, which should be given in hours. The mortar was 
only tested up to 24 hours of age, see [9, 22], while the concrete was tested up to 48 hours, see 
[24]. As can be seen in Figure 3 the initial strength growth rate for the mortar is almost twice as 
that for the concrete, which is due to the slower hardening cement type “Anläggningscement” 
(CEM I). It should, however, also be noted that the mortar was tested at a temperature of +22 °C 
and the concrete at +20 °C, which may contribute somewhat to the more rapid hardening of the 
mortar. The relative humidity was held constant at 50% during the tests presented in [9,22] and 
30 % during the tests in [24], respectively. As a comparison, the average strength growth curves 
for concrete with Swedish types of cement according to the guidelines [26] are also shown. As 
seen, the test results for the mortar is between the curves for C45/55 and C50/60 while the 
corresponding curves for the concrete are C35/45 and C45/55, respectively. Since the 
composition of the tested concrete (Table 3) is intended for shotcrete use, slump testing [28] was 
also carried out in this case. The results showed slump values within 210–245 mm, thus 
indicating a sprayable concrete.  
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3.3 Test procedure 
 
The test method schematically described in Figure 1(c) is intended for use with shotcrete 
sprayed on different types of rock materials, or concrete. The initial tests were, however, 
performed with cast concrete and mortar, bonding to granite and concrete, respectively. For the 
cast test specimens a 450×450 mm2 mould was used, as seen in Figure 4. The concrete, or 
mortar, was cast to a level of 40 mm, in line with the wooden blocks at each corner of the 
mould. On these blocks precast C25/30 concrete slabs 350×350×40 mm3 were then placed. 
Through the centre of the slabs a circular 100 mm hole had been drilled which was later 
covered by a 95 mm core, with a coupling steel ring on its upper surface, fixed with a hardened 
adhesive (glue), see Figure 5. For the initial tests using cement mortar (see Table 2) the concrete 
cores from the slabs were used and for the later test series with concrete (see Table 3) these were 
replaced by granite cores. To get a proper wetting of the mortar (or concrete) to the core a 1–2 
cm layer of concrete was applied on the surface before the core was mounted back in the hole 
and pushed into the fresh cast material. The gap between slab and core was sealed with wetted 
paper, allowing the core to be pulled out without friction resistance. The bond strength tester 
was then applied and mounted to the test disc concentrically, as seen in Figure 6. Then, the 
entire equipment was covered by a plastic sheet in order to prevent drying shrinkage before 
testing. The testing device was driven manually but instrumented with a load cell and a strain 
gauge (LVDT) connected to a PC. 
 

 
 
Figure 4 – Casting mould with wooden block supports for precast concrete slabs. 
 
When used for shotcrete testing the cores will be fixed centrally in the holes of the slabs and the 
gap sealed prior to spraying. The testing device can also be positioned in the reverse direction, 
so that the cores can be pulled downwards. In the case of shotcreting the material will be 
compacted during spraying. In the case with cast specimens there will be a minimum of 
compacting pressure at the contact interface between the core and the newly cast material and, 
thus, these bond strength results will not be affected by the impact from spraying. Also, the 
surface of the test cores are plane and therefore more even than rock in situ. The surface texture 
was un-polished but fine grained for the concrete cores, while the granite cores were sawn or 
ground. 
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Figure 5 – Core of concrete adhered to a steel disc to be mounted to the testing device. 
 
 

 
Figure 6 – Precast concrete slab on top of newly cast concrete and bond strength testing device 
with load cell and strain gauge (LVDT).   
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4. TEST RESULTS 
 
The results from bond strength testing of the cement mortar described in Table 2 are shown in 
Figure 7. The test series was used as a pilot test including mortar 6–24 hours old with concrete 
cores used for the pull-out, see [9]. Two samples (each time) were tested at 6, 10, 12, 18 and 24 
hours. Only one measurement at the age of 10 hours was successful since the second test failed 
due to delamination between the steel coupling disc and the concrete core. The high value of 
1.15 MPa at 24 hours was actually a tensile failure in the concrete core and not a bond failure 
between mortar and core, thus indicating a possibly even higher strength value at this age. The 
failure was superficial and could have been caused by low quality in the concrete slab from 
which the core was taken. A curve of the same type as given by Eqs. (1)–(2) has been fitted to 
the results, also in this case using the method of least squares, giving: 
 

1.2300.571/
cb 1.68e  (MPa)     for   0  24 hrs.tf t    (3) 

 

 
Figure 7 – Bond strength test results vs. age of cement mortar (Table 2).  
 
The concrete defined in Table 3 was tested at 4, 8, 12, 18, 24, 36, 48 and 72 hours, also in this 
case using two samples at each age. The cores used for these tests were of granite while the 
surrounding slabs were of precast concrete, as in the first test series. The concrete was mixed 
with and without set accelerator, giving two separate series. With the addition of the alkali-free 
set accelerator it was possible to get measurable bond strength results already after two hours. 
The results are shown in Figure 8 where it can be seen that the bond strength development is 
faster for the accelerated concrete within the first 10 hours but after this lower values are 
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obtained compared to the non-accelerated samples. For values over 0.7 MPa, failures frequently 
occurred in the adhesive between the granite core and the steel coupling ring. These tests have 
been excluded in Figure 8 and the test cores were later replaced by 100 mm steel discs, for 
comparison with the smaller 50 mm ones previously used, thus reducing the tensile stress in 
the adhesive between steel disc and granite core that could be well over 1.5 MPa, in this case 
enough to cover concrete ages up to 72 hours. It should be noted that in both series there is a 
comparatively large scatter in the results at 48 hours. As for the cement mortar in Figure 7, 
curves have been fitted also to these results. For the non-accelerated test series the curve is as 
follows: 
 

1.2500.690/
cb 1.30e  (MPa)     for   0  72 hrs.tf t    (4) 

 
for the accelerated series a less convex shape is given below as: 
 

0.4472.154/
cb 3.64e  (MPa)     for   0  72 hrs.tf t    (5) 

 
The failure types that were observed during the tests were perfect delamination, i.e. full bond 
failure, and tensile material failures close to the bonding interface. In the latter case areas of 
concrete, or mortar, remained on the surface of the test cores. The two types of failures occurred 
with the same frequency and the results have not been separated. Examples of the two failure 
types are shown in Figure 9. 

 
Figure 8 – Bond strength test results vs. age of concrete (Table 3). Results obtained with and 
without set accelerator. 
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Figure 9 – Typical failure surfaces, delamination (left) and tensile, material failure (right). 
 
 
5. CONCLUSIONS 
 
The new laboratory test method was tested and evaluated and it was shown that the method can 
be used for bond testing in laboratory, from a couple of hours after the placement of cast cement 
based specimen. The test results presented can be used as reference for the evaluation of future 
tests with shotcreted samples.  
 
 
5.1 Test method 
 
The newly developed test method proved to be well suited for use in laboratory environments 
and reliable for testing of cast samples. Experiences from the trials with the new method will be 
of great importance when it is adapted for use with shotcreted test samples. Steel discs with a 
larger diameter were used from 24 hours hardening time, capable of higher pull-out forces since 
adhesive failures could be prevented. It should be mentioned that the difference in weight of the 
different sized steel discs is 1.3 kg. The type of adhesive between the test cores and the steel 
coupling rings has been upgraded for larger pull-out forces. The tests also showed that the used 
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concrete cores were of low strength which resulted in some concrete tensile failures for bond 
stresses over 1.2 MPa. For further testing with concrete cores a higher strength class must 
therefore be used for tests with shotcrete older than 24 hours. It should be pointed out that the 
method is intended for use with rock cores of high quality. Other details that must be adjusted 
before shotcreting is possible are to arrange a practical re-fixation of the cores to the slabs and to 
seal the gap between core and slab. The latter must withstand the pressure from the impacting 
shotcrete without disturbing the pull-out by inducing friction resistance. The precast concrete 
slabs will be replaced by larger, more rigid slabs of granite in which several holes will be drilled 
in each slab. The pull-out cores will be the drilled out parts of the slabs. In the case with sprayed 
samples the pull direction will be upwards as shown schematically in Figure 1(c). 
 
 
5.2 Early age bond strength 
 
The pull-out test method resulted in a combination of bond and tensile failure, as shown in 
Figure 9. However, for concrete samples older than 24 hours pure bond or delamination failures 
occurred. The pull-out test method resulted in pure bond strength failures until about 1.1 MPa 
was reached and after this a combination of bond and tensile failures occurred in some cases. 
However, some material failures also occurred during the first 8 hours, especially in the test 
series with the granite cores, which probably is due to low tensile strength for the cast mortar or 
concrete. The results shown in Figures 7–8 cover the bond strength growth up to 1 MPa. For the 
cement mortar, containing the faster cement type “Byggcement” (cement for housing, CEM 
II/A-LL), this level is reached in 24 hours while for the concrete, based on the slower 
“Anläggnings-cement” (cement for civil engineering use, CEM I), it takes almost 72 hours to 
reach this strength. By comparing the curves in Figure 8 it is evident that the set accelerator after 
about 10 hours has a negative effect on the rate of the bonding strength growth. The curves have 
started to converge at 72 hours but the largest difference that occurs is 0.2 MPa at approximately 
36 hours of concrete age. In comparison to other work, e.g. the study presented by Malmgren et 
al. [15] who show 0.3–0.6 MPa bond strength after 2 days and 0.6–1.0 MPa after 7 days, the 
bond strength in the present study has developed faster. This is probably due to the climate 
conditions which in the latter case were +12 °C with a relative humidity of 80 %, in 
underground environment, in comparison with the laboratory environment with +20–22 °C and 
30–50 % relative humidity. Comparing the rate of bonding strength growth with that of 
compressive strength in Figure 3 is of great interest for future modelling of the stresses that 
occur in hardening shotcrete on rock. The direct relation between bonding and compressive 
strengths for the presented test results is shown in Figure 10. It can be seen that the accelerated 
concrete shows significantly lower bond strength than the other two materials, for the same 
compressive strength. The exception is for the lowest strength levels where the bond strength of 
the accelerated concrete shows a rapid development. A comparison between material age and 
the rate of strength growth is made in Figure 11. 
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Figure 10 – Compressive strength vs. bond strength of cement mortar and concrete.  

 
 

  
Figure 11 – Compressive (fcc) and bond strengths (fcb) vs. age of cement mortar and concrete. 
Values given in relation to the 24 and 48 hour strengths, respectively.  
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5.3 Further research 
 
The material properties of shotcrete sprayed on rock need to be further investigated in order to 
provide values representative for in situ conditions. Next step in the investigation of the bond 
strength for hardening shotcrete will be laboratory investigations using sprayed test samples. 
This test series should focus on the development during the first 3–4 days after shotcreting. The 
effects of set accelerators are of special interest. Microstructural studies will be made in 
connection with the pull-out tests in order to investigate e.g. the formation and development of 
ettringite in the interfacial zone of hard rock. Surface chemical studies of the hard rock surface 
will also be carried out, together with investigations of the surface roughness on microscale. It is 
also of interest to study the development of shotcrete material properties under different climate 
conditions, i.e. temperature and humidity conditions other than in the indoor laboratory. The 
laboratory test results will provide a reference basis for comparison with future in situ tests, 
where a great scatter is always found and which are difficult to analyse due to variations in rock 
quality, rock wall geometry and the shotcreting process. 
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