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Preface
Nordic Concrete Research (NCR) has during more than 35 years been an important publication
for publishing scientific contributions on concrete research conducted in the Nordic countries,
i.e., in Denmark, Finland, Iceland, Norway, and Sweden. During these years, there has been a
rapid development in the concrete area and the Nordic concrete research has had an important
role for the development in several sub-areas, e.g., durability, high performance concrete and
self-compacting concrete.
The need of further research is still great and seems to be endless. The subjects for the concrete
research changes slowly and the research methods have to a large extent moved from
experimental to numerical studies but laboratory experiments and field studies will always be
necessary for at least verification. While the changes in subjects and methods are slow, there is a
rapid change in publication activities. Paper books and paper journals are to a large extent
replaced by Internet searches and electronic journals. Young researchers search their
background information, comparison test series, and references on Internet and not in the
libraries. PhD students and young researchers have always constituted the lion’s part of Nordic
concrete research and these are the primary authors of NCR. The Nordic Concrete Federation
and its Research Committee, that also constitutes the Editorial Board of NCR, have decided that
NCR shall transfer from a paper journal to an electronic journal, where readers may read all
papers free of charge. This system is called “Open Access” and is recommended by both
universities and research councils to facilitate dissemination of new knowledge. Thereby, we
are confident that NCR will attract both more authors and more readers. Due to highly
appreciated financial support from the Nordic cement industry, also submitting papers will be
free of charge. This volume of NCR is the last paper version.
You are most welcome to submit research articles to the new, electronic Nordic Concrete
Research and its first volume that is scheduled for June 2018. For more information on the
Nordic Concrete Federation and Nordic Concrete Research, see www.nordicconcrete.net. But
for time being, I wish you an interesting reading of this volume’s eight papers covering both
new materials, e.g., textile reinforced reactor powder concrete, basalt fibre concrete, and light
weight aggregate concrete, and analysis of existing concrete structures.
Stockholm in December 2017
Johan Silfwerbrand
Editor of NCR
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ABSTRACT
This paper discusses the possibility and challenges of the assessment
of the structural integrity and safety of existing reinforced concrete
(RC) structures by virtue of the nonlinear finite element method
(FEM). The possibility and viability of applying this tool to predict
the mechanical behaviour of existing RC structures are discussed
through two sample applications, which deal with the estimation of
the actual loading capacities of a RC column-slab joint strengthened
by steel plates and a RC parapet element with inadequate transverse
reinforcements according to current design codes. The numerical
results demonstrate that when properly used, the nonlinear FEM is
able to effectively remedy the inadequacy of conventional design and
analysis procedures. Some remaining challenges for the utilisation of
nonlinear FEM to assess existing RC structures are then discussed.
Key words: Existing reinforced concrete (RC) structures, structural
safety, remaining loading capacity, finite element method (FEM),
microplane model
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1.

INTRODUCTION

The assessment of the real structural integrity and safety of existing reinforced concrete (RC)
structures is becoming a more and more important issue for civil engineers. The actual load
carrying capacities or the safety factor of existing RC structures need to be known owing to the
following reasons:
− Increased loads on existing structures (particularly on bridges due to the increase of the
traffic load);
− Material deteriorations such as the corrosion of reinforcing steel and the alkali silica
reaction (ASR) damage in concrete;
− The generation of new design codes;
− Pre-existing damages in the structures (e.g. premature cracking in concrete) as well as
structural faults (e.g. design and construction error).
Nonlinear finite element method (FEM) provides an efficient tool for the realistic assessment of
the actual behaviour and failure of existing RC structures. Since the pioneering work of Ngo and
Scoreless [1], numerous efforts have been made in this field, mainly in constitutive modelling of
the material behaviour and development of sophisticated analysis algorithms [2]. Given these
continuous progresses, nonlinear FEM simulation of RC structures has matured to a
significantly high level. Compared to three decades ago, many problems encountered in the
engineering practice can be better investigated today by using of this tool. In addition, there is
no limit to the applications of this method.
A number of successful applications of nonlinear FEM in the assessment of existing RC
structures and bridges including some very complex structural systems have been reported in the
literature [3-6]. By virtue of this method, the mechanical responses and failure loads of the
investigated structures have been better understood. This has led to more rational and
economical strategies for the structures. In the past several years, the first author of this paper
has successfully completed a series of structural assessments of various types of existing RC
structures through the use of nonlinear FEM, with significant economical and environmental
benefits. These benefits have been achieved by avoiding unnecessary material consumptions and
construction activities. Two sample applications are presented below.

2.
2.1

TWO SAMPLE APPLICATIONS
Prediction of loading capacity of a RC column-slab connection

In one building in the Public Hospital in Graz, Austria, steel profiles were used to strengthen the
RC column-slab connections to benefit the load transfer among different components. The
concept of the construction is illustrated in Figure 1, in which a typical type of the column-slab
connection is shown. In this element, the RC column has a cross section of 300 × 400 mm2. The
thickness of the concrete cover is 30 mm. The inner steel profile has a rectangular cross section
(width: 30 mm, height: 150 mm) while the outer steel profile is a U-shaped profile, which is
U120/55/6 mm according to DIN 1026-1. No shear connectors were used between the steel
profiles and the column concrete as well as between the steel profiles and the slab concrete.
Outside the column-slab connection region, unreinforced concrete was filled into the steel
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profiles. The basic design consideration is that the slab loads transfer firstly to the steel profiles
then from the steel profiles further to the RC column.
A notable (or perhaps less efficient) point of this design is that the inner steel profiles are placed
(more or less) directly on the RC column concrete cover, see Figure 2.

(a) Three-dimensional (3D) view

(b) Top view

Figure 1 – Construction concept of a typical column-slab connection strengthened by steel
profiles (Units: mm. Note: There are openings in the slab).

Figure 2 – Designed (favorable) positions of steel profile with reference to RC column.
After the construction, however, it was found that the inner steel profiles of many column-slab
connections are located in rather unfavorable positions. Some typical cases are illustrated in
Figure 3. In the case shown in Figure 3(a), the left inner steel profile is supported on the
concrete cover with a distance of 10 mm from the left edge of the steel profile to that of the
column concrete cover; while the right inner steel profile is placed outside the column concrete
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cover (!). In the case in Figure 3(b), the left steel profile is precisely placed on the column
concrete cover while the right profile is only partially (10 mm!) supported on the column cover.

(a) Unfavorable position 1

(b) Unfavorable position 2

Figure 3 – Typical actual (unfavorable) positions of steel profile with reference to RC column.
There are several types of column-slab connections in the building. The differences between
various connection types include the structural dimensions, the column and the slab concrete
strength grades as well as the service load level. A simplified engineering analysis, in which the
slab loads are assumed to be completely exerted on the column concrete cover, indicated that
under the service slab load, a high splitting stress occurs in the column cover concrete and
longitudinal cracks formulate in the column cover concrete. Thus, a common opinion had been
that when the loads on the slab increase to the ultimate load level, a spalling of the column
concrete cover would occur and the steel profiles would then fall to the ground. Thus, a
rehabilitation of the structure had been considered to be necessary.
The building had been in service for several years. However, on-site monitoring did not detect
any visible longitudinal cracks in the column cover concrete. This is inconsistent with the results
of the simplified analysis since longitudinal cracking in the column cover is expected according
to the analysis. To better understand the real behaviour of the structure, more sophisticated
analysis is obviously required. Three-dimensional (3D) nonlinear FEM simulations were thus
performed to investigate the responses of the structure under ultimate design load.
Since the objective of this section is to demonstrate the possibility and viability of the use of
nonlinear FEM to predict the load carrying capacity and failure behaviour of exiting RC
structures, it is not the intention of the authors to let the readers repeat these simulations. Thus, a
very detailed description of the numerical models and procedures is not given here. The
modelling details of the column-slab connections can be found in [7-9]. In this part, only the two
most important points in the numerical simulations of the structures are highlighted, which are
the constitutive modelling of the column concrete and slab concretes, as well as the simulation
of the contact between the steel profiles and concretes. The microplane model M4L for concrete
developed in [10-12] was employed to simulate the mechanical behaviour of the concretes. This
model has been proven to be able to realistically capture the uniaxial, biaxial and triaxial
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mechanical behaviour of concrete. More information about the numerical performance of the
model for simulating the concrete properties under different kinds of stress states are presented
in [11-12]. The discrete contact spring model [9] is employed to simulate the interface behaviour
between the steel profiles and the column as well as slab concretes. The constitutive behaviour
of the steel material is described by the von Mises yield criterion with isotropic strain hardening
and an associated flow rule. Both the concretes and the steel profiles are discretised into 8-node
solid elements with 2 × 2 × 2 integration points. Figure 4 presents the 3D finite element mesh for
a typical connection system.

Figure 4 – 3D finite element mesh of a typical column-slab connection.
The detailed numerical simulation results for various connection systems are given in [7], which
led to the following interesting findings:
•

•

•

Under the service slab load, the tensile splitting stress in the column cover concrete is
significantly smaller than the concrete tensile strength and thus no cracking in the
concrete occurs. This is consistent with the on-site observations;
The load carrying capacities of the connections are significant higher than that derived by
the simplified analysis. The predicted maximum slab loads of the connections are about
2.6 times the service loads, indicating that the load bearing capacities of the connections
are adequate according to Eurocode 2 [13];
For all the investigated connections, the failure was due to the yielding of the inner steel
profiles rather than the spalling of the column cover concrete. A falling of the steel
profile to the ground at the maximum slab load was not observed in the numerical
simulations.

With the guidance of the numerical simulation results, full-scale tests on two types of the
connections were performed in the laboratory [14]. The test results were in very good agreement
with that predicted by the numerical model. The failure of the tested connections were due to the
yielding of the inner steel profiles rather than the spalling of the column cover concrete, and the
load carrying capacities of the connection were adequate. More information about the test
results and their analysis can be found in [14]. After the tests, numerical analysis of the test
specimens was also done using the measured material properties of the column and slab
concretes. The predicted deformation behaviour and the failure loads of the connections were
very close to the test observations. Figure 5 shows the simulated load-deformation curve of a
connection.
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Figure 5 – Comparison of the load-deformation curve from numerical simulation and test.
Because the numerical model was successfully verified by the test data, it is thus possible to
investigate the load transfer mechanism in the column-slab system to better understand the
actual response of the structure. The analysis results were presented in [9]. It was found that the
friction between the inner steel profiles and the column concrete has a significant contribution to
the load bearing capacities of the connections. This is because when there is relative movement
between the inner steel profile and column concrete under the slab (bending) load, the friction
between the surfaces of the two materials activates and this friction transfers a part of the load
from the slab to the column core concrete (not the column cover concrete!) . This explains why
the actual load carrying capacities of the column-slab connections are much higher than that
estimated from the simple engineering analysis.
Further, the load carrying capacities of the rest of the connection systems were predicted by
using of the validated numerical model. It was found that all the connections have adequate load
bearing capacities. Therefore, no retrofit of the structure is required. This finally led to a
significant cost because of the avoidance of unnecessary material consumptions as well as
construction activities.

2.2

Estimation of maximum load of a parapet with low transverse reinforcement

This example deals with the load bearing capacity of a RC parapet element with low amount
(insufficient) transverse reinforcements according to the design codes. In one garage at the
Berlin-Brandenburg International Airport, RC parapet elements were constructed to resist the
force of the bracing system. The longitudinal reinforcements in these elements were overlapped
with the connecting reinforcements in the foundation. The lapped length of the reinforcements
met the requirements of the German design code DIN 1045-1 [15]. However, in some built
elements, the amount of the transverse reinforcements for resisting the possible splitting tensile
force in the RC parapet element is too low in comparison to that required by DIN 1045-1. The
available reinforcements were found to be insufficient to bear the splitting tensile force
determined by the engineering model recommended in DIN 1045-1 [15]. Therefore, a postinstallation of additional transverse reinforcements had been considered to be necessary.
However, this is not an optimal choice since it would impose the structure into an unfortunate
condition due to the post installation of additional transverse reinforcements. On the other hand,
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since the engineering model in DIN 1045-1 is generally conservative, the use of this model
might be inadequate to determine the real load carrying capacity of the parapet elements.
To investigate the real load carrying capacity of the parapet elements, 3D nonlinear FEM
simulations were carried out [16]. A representative element was computationally studied. To
reduce the computational expense, only a strip of the parapet element (cross section: 400 × 700
mm2, height: 950 mm) was simulated. The 3D view and the front view of the modelled parapet
element are shown in Figure 6(a) and 6(b), respectively. The longitudinal reinforcements in the
modelled parapet element are shown in Figure 7 (a), which include three groups:
•
•
•

Group 1: 10 Φ10 reinforcements in the outer edge of the cross section;
Group 2: 4 Φ 25 reinforcements in the middle of the cross section; and
Group 3: 6 Φ 20 reinforcements between the above two groups of reinforcements.

The transverse reinforcements have a diameter of 10 mm. However, it should be noted that the
reinforcements of the top layer are different from that of the other layers, as shown in Figure
7(b) and 7(c), respectively. More details of the modelled parapet element, such as the material
properties of the concrete and the reinforcements can be found in [16].

(a) 3D view

(b) Front view

Figure 6 – Geometry of the modelled parapet element without additional transverse
reinforcement (Units: mm) [16].
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(a) Section 1-1

(b) Section 2-2

(c) Section 3-3
Figure 7 – Details of the reinforcements in the modelled parapet element without additional
transverse reinforcement (Units: mm) [16].
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The microplane model M4L for concrete [7-9] was again used to simulate the concrete in the
parapet element. All the reinforcements in the element were modelled as an elastic-perfect
plastic material described by its modulus of elasticity E s and the yield strength f y . The bond-slip
behaviour between the concrete and the reinforcements plays an important role in the simulation
of the element. The bond-slip model in MC90 [17] was employed in the numerical model. The
concrete was discretised into 8-node solid elements with 2 × 2 × 2 integration points, while the
reinforcing steel was simulated with 2-node truss element. More details about numerical
modelling, such as the material parameters, the finite element mesh and the solution algorithm
etc can be found in [16].
The numerical results indicated that the failure of the simulated RC parapet element was caused
by the yielding of the four axially tensioned reinforcements with a diameter of 25 mm; while an
inclined splitting failure in the concrete was not detected. This is due to the fact that the four
load-introducing longitudinal reinforcements (Φ 25) have a relatively large side concrete cover.
Owing to the thick concrete cover, the low amount of the loading reinforcements and the actual
transfer of the load between the reinforcements and the concrete, the splitting failure of the
concrete in the element was delayed or prevented. Depending on the bond strength between the
concrete and the steel reinforcements, the failure of the parapet element was caused by the pullout failure or yielding of the four 25 mm diameter longitudinal reinforcements, prior to the
tensile splitting failure of the concrete. The predicted failure load, which is in fact the yielding
load of the four loading longitudinal reinforcements, is approximately 1.80 times the design
load, indicating the parapet element is still on the safe side. An extensive parameter study
through varying the tensile strength of the concrete and the bond strength between the concrete
and the reinforcing steel was also conducted, yielding a better understanding of the load carrying
behaviour of the parapet element. The numerical results and their discussions are given in [16,
18].
On the basis of the numerical simulation results, it was found that no post-installation of
additional transverse reinforcement would be necessary.

3.

SOME REMAINING CHALLGENCES

From the above two samples in this paper as well as some other successful applications reported
in the literature, it can be concluded that when properly used, nonlinear FEM is able to serve as a
very useful tool in the assessment of the real structural integrity and safety of existing RC
structures. Despite that, some rather big challenges still remain in the practical application of this
tool, especially when the simulations of RC structures are done in engineering offices with
commercial finite element packages. Some of these challenges are discussed in the following.

3.1

Numerical Accuracy

The question on how accurate are the numerical results or how confident is the engineer in the
calculation results is commonly asked when nonlinear FEM simulations of RC structures are
used in engineering practice, in particular when the mechanical behaviour of the structure is not
yet fully understood and no test data are available. Numerous excellent simulations of the loaddeformation curves of different RC structures have been reported in the literature; however,
many results are not adequate if compared with the test observations on the crack propagation,
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the reinforcement strain and the failure mode [19].
The robustness and performance of the concrete material model often govern the accuracy of the
simulation results. A large amount of concrete constitutive models have been developed.
Unfortunately, none of existing models is able to realistically represent all important material
behaviour of concrete subjected to general loading conditions, since the modelling of concrete is
a notoriously hard task. Most of the models can only yield case-dependent success and there are
always arguments on the objectivity of the numerical simulation results. The use of nonlinear
FEM simulations incorporating insufficient concrete material models to RC structures in
engineering practice can result in very big risk of structural failure, if the real load bearing
capacity is overestimated by the numerical model. The formulation of a robust and versatile
constitutive model of broad applicability and capability is still a big challenge.
On the other hand, a RC structure consists of different constituents: concrete, reinforcement and
sometimes also structural steel. The nonlinear actions of the individual constituents are in some
cases an important cause of the responses of the structure. Therefore, material models for these
composite actions, such as the bond-slip between reinforcement and concrete, the aggregate
interlock (shear friction) in cracked concrete when lateral compression exists, and the dowel
action of steel reinforcement as well as the bond-friction between concrete and structural steel,
are required to precisely represent the behaviour of the structure. Unfortunately, adequate models
for describing these actions are not yet available. Some existing commercial FE packages
provide options for simulating some types of actions, e.g. the interface behaviour between
concrete and structural steel. However, they generally belong to quite simplified solutions and
the scope of application is still rather limited. How to realistically simulate these interaction
behaviours and how to select the model parameters in the structural simulations are also big
challenging problems and more efforts in this field are necessary.
It is well known that concrete exhibits softening behaviour under many types of loadings. When
this material behaviour is included, a problem related to the finite element mesh, known as mesh
dependency, frequently occurs, including the dependency on element size and the dependency on
mesh pattern. The former refers to the size of the localized zone decreases as the element size
decreases. The crack band model is often used in commercial packages to minimise the influence
of the element size on the numerical results for tensile dominated failures. However, when the
crack band model is used, the simulated cracks tend to develop parallel to the element mesh
lines, that is, a dependency of the mesh pattern. For this reason, the crack band model is
generally difficult to use unless the crack pattern of the investigated problem is known in
advance, which is, however, often not the case for practical applications.
Smeared crack models are commonly implemented in commercial finite element packages for
simulating RC structures. However, when the softening branch of the stress-strain curve of
concrete is adjusted to keep the fracture energy constant according to the concept of the crack
band model, the simulated cracks often occur in multiple elements instead of being localized.
This is not correct since the fracture energy and the stress-strain curve are given assuming that
the crack is localized in one element. The solution is acceptable only when the used element size
coincides with the macroscopic crack spacing of the actual structure.
Other techniques such as the non-local approaches and the gradient type methods might be more
suitable for avoiding the mesh dependency problems. However, these techniques are not yet
popular and they are absence in most commercial finite element packages. Generally, the mesh
dependency in nonlinear FEM simulations of RC structures has not been well solved. Simple and
efficient approaches to avoid the mesh dependency are not available. At present, when nonlinear
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FEM simulations are used for predicting the behaviour of existing RC structures in practice, it is
often recommended that mesh sensitivity tests should be performed to validate the finite element
mesh of the model. Different mesh cases with different element sizes and their effects on the
numerical results should be assessed [20]. In the case of significant mesh sensitivity, the
numerical model should be considered as not objective.

3.2

Numerical Efficiency

When nonlinear FEM simulations are used in engineering offices to investigate the integrity of
existing RC structures in practice, the efficiency of the simulations can be even more important
than the accuracy. This is because the work in engineering offices has to be concerned with
time, money and personnel. In such a case, deadlines are very important and the task must be
completed on time with available resources.
Compared to conventional specimens in the laboratory, existing RC structures in the engineering
practice are usually of much larger scale. On the other hand, triaxial stress states frequently
occur in most RC structures. Hence, 3D modelling needs to be used to achieve more realistic
simulation results. Only in some special cases, the problems can be simplified into one- or twodimensional problems. In the 3D numerical model of a real RC structure, an enormous number
of finite elements and degrees of freedoms are often included. Moreover, to accurately represent
the structural behaviour, advanced material models are often needed. Numerical experiences
indicate that even with today’s state-of-the-art computers, nonlinear FEM simulations
incorporating sophisticated material models can become computationally intractable in case of
large amounts of finite elements and/or complex stress states in structures. In most cases,
numerical convergence problems lead to expensive computational cost. The computational
expense greatly hampers the practical utilisation of nonlinear FEM simulations of existing RC
structures and it can be regarded as one important obstacle.
High performance computers and parallel algorithm on a work station are helpful for reducing
the computational time. However, these resources are usually not available in most design or
consulting offices. New algorithms, such as multi-scale techniques and parallel algorithm on
single or separated personal computer are useful for improving the efficiency of the computer
simulations in engineering offices.

3.3

Safety Format

In addition to the accuracy and the efficiency of the computer simulations, the reliability of using
the simulation results within codes of practice framework is another important issue. In other
words, how to reliably use the simulation results in conjunction with codes of practice? A sound
safety format for the numerical analysis is another challenge related to the use of nonlinear FEM
in assessing existing structures in engineering practice.
The usual design condition is written as
Fd < Rd

(1)

where, F d is the design actions and R d is the corresponding design resistance. F d is predicted
with the mean values of the material parameters while R d should be assessed using the design
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values according to the requirement of the semi-probabilistic approach. Nevertheless, as
discussed in [21-22], the mean values of the material parameters should be used in the nonlinear
analysis. When the test data are compared with the numerical results, the actual structural
behaviour can be reproduced only when the mean values are used. The use of design values in
the nonlinear FEM analysis result in an erroneous assessment of the structural behaviour, the
deformability and the load bearing capacity. This causes some difficulties for evaluating the
reliability when applying the nonlinear simulation results within mostly design code of practice
framework.
Several safety formats have been proposed to solve this inconsistency, for example, in [20, 22
23]. However, a sound safety format is still missing, especially when complex material models
are used since they are calibrated with limited test data. Currently, the safety of the nonlinear
FEM simulations is usually assessed based on the characteristic values of the material properties
[24], which are also used in the two sample application presented in this paper. Obviously, there
are still some inconsistencies with this methodology.

4.

CONCLUSIONS AND REMARKS

This paper deals with the assessment of existing RC structures by virtue of nonlinear FEM. Two
recent sample applications are presented to illustrate the possibility and viability of this tool.
Some challenges of using nonlinear FEM in predicting the behaviour of existing RC structures
in the engineering practice are also discussed. The following conclusions can be drawn from this
study:
•
•
•
•
•

Considerable progress has been achieved in nonlinear FEM simulation of RC structures.
Together with the relentless increase of the computer power, this has made it possible to
apply nonlinear FEM to assess existing RC structures in practice;
When properly used, nonlinear FEM is able to provide a very efficient tool to rationally
assess the real mechanical response and load carrying capacity of existing RC structures;
In comparison to conventional analysis or design procedures in current codes of practice,
Nonlinear FEM is able to give more realistic descriptions of the real behaviour and load
carrying capacity of existing RC structures;
In spite of many successful applications, nonlinear FEM should be used with caution in
the assessment of existing RC structures, especially when used in engineering offices
with commercial software;
There are still several big challenges when nonlinear FEM is utilised to predict the
behaviour of existing RC structures. They are mainly related with the numerical
accuracy, numerical efficiency and safety format. Further developments in these fields
will greatly increase the viability of this tool.
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ABSTRACT
This paper presents a numerical model for predicting the behaviour
of reinforced concrete (RC) columns with corroded reinforcing steel
subjected to axial compression. The influence of the steel corrosion
on the mechanical properties of the rebars and the concrete (in the
unconfined cover and the confined core) is taken into account in the
numerical model. In addition, the premature buckling behaviour of
the corroded longitudinal rebars under compression is also
considered. To model the complex material behaviour of the
concrete, the recently developed microplane model M4L is used. It is
found that the predictions from the computational model are in very
good agreement with the test observations.
Key words: Reinforced concrete (RC) column, axial compression,
steel corrosion, finite element simulation, microplane model
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5.

INTRODUCTION

The corrosion of embedded reinforcing steel is the principal cause of deterioration of reinforced
concrete (RC) structures in a chloride-laden environment. The corrosion of the reinforcing steel
results in the loss of the steel cross section and of the mechanical properties of the material, the
cracking, spalling and delamination of the cover concrete, as well as the decrease of the bond
between concrete and steel. As a consequence, the serviceability, the load carrying capacity and
the residual service life of the structures are reduced.
Nonlinear finite element method (FEM) provides an important option for studying the response
and residual load carrying capacity of corroded RC structures. In the past years, significant
efforts have been devoted in this field. Nonlinear FEM simulation of corroded RC structures is
often conducted through incorporating the corrosion induced damage into the computational
model for non-corroded structures through modifying various input parameters. Most previous
efforts were focused on the numerical simulation of the flexural and shear performance of RC
members. In these studies, the loss of the cross section and/or the strength and ductility of the
reinforcing steel, as well as the reduction of the bond between concrete and steel were often
considered [1]. In some studies [2-4], the decrease of the compressive strength of the cracked
concrete caused by the steel corrosion was also taken into account to better simulate the
structural response. Recently, Kioumarsi et al. [5-6] performed a detailed 3D non-linear finite
element simulation of the residual flexural capacity of corroded RC beam. In their work, the
damage induced by the steel corrosion was simulated by reducing the cross section, reducing the
yield and ultimate strength of the rebars, decreasing the bond strength and modifying the bondslip behaviour between concrete and steel, and reducing the strength of cracked concrete.
Until now, only very limited work on the numerical simulation of corroded RC columns under
axial compression has been carried out, despite that the corrosion of the reinforcing steel can
have a profound influence on the stiffness and the load carrying capacity of RC columns [7-8]. It
is thus of crucial importance to accurately predict the real behaviour of axially loaded RC
columns affected by steel corrosion. Finozzi and Saetta [9] reported such a numerical simulation
using a two-dimensional (2D) numerical model based on damage mechanics. The predicted
failure loads for the columns were in good agreement with the test data; however, the depicted
stiffness and deformation behaviour of the columns are less satisfactory. This has motivated the
authors of this paper to carry out the study in the present paper.
In this paper, a three dimensional (3D) numerical model incorporating a sophisticated material
model for concrete is developed to simulate the structural performance of corroded RC columns.

6.

ANALYTICAL OBJECTS

Based on the related experimental evidences [7-8], the following effects need to be taken into
account in the analysis of axially compressed RC columns affected by steel corrosion:
− The loss of the steel cross section;
− The cracking and spalling of the cover concrete;
− The reduction of the confinement provided by the transverse steel to the core concrete;
− The premature buckling of the longitudinal rebars; and
− The increase of the load eccentricity.
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Rodríguez et al. [8] tested a total of 24 RC columns to investigate the impact of the steel
corrosion on the response of RC columns. In the present work, two columns tested by Rodríguez
et al. [8] are simulated. They are column No. 28 with corroded steel rebars and column No. 22
without any corrosion as a reference column. The columns had a 200×200 mm2 cross section
and a height of 2000 mm. The longitudinal rebars were 4 Φ16 and the transverse rebars were Φ6
(spacing s = 150 mm).The compressive strength of the concrete were 34.0 MPa and 35.6 MPa in
the non-corroded and corroded columns, respectively. The yield strengths of the longitudinal
and transverse rebars were in the range of 550 – 590 MPa. The chloride attack penetration depth
in the corroded longitudinal rebars was 0.63 mm while it was 0.50 mm in the transverse rebars
(maximum value of 4.7 mm). The reference column failed at a load of 1702 kN while the failure
load of the corroded column was 997 kN, which is about 51% lower than that of the reference
column. As mentioned above, the two columns were also simulated by Finozzi and Saetta [9]
using a 2D numerical model based on damage mechanics.

7.
7.1

MODELLING DETAILS
Material model for concrete

In numerical analysis of RC structures, the modelling of concrete has always been a challenging
issue due to the complexity of its material behaviour. To simulate the complex behaviour of the
concrete in RC columns under axial compression, a triaxial constitutive model is necessary. In
this study, the microplane model M4L for concrete, which was developed in [10-11] recently, is
employed to simulate both the column core concrete and the column cover concrete. The model
M4L is a macroscopic material model for concrete, which represents a refinement of the
previous model M4 [12-13]. In the model M4L for concrete, the constitutive properties of the
material are characterized by a relation between the stress and strain components on the
mesolevel. The stress-strain relations are defined not in terms of the macrolevel continuum
tensors, but in terms of the stress and strain vectors on planes of all possible orientations within
the material, which are called microplanes. Through comparing the model predictions with a
broad range of test data in literature, the model M4L has been proven to be able to realistically
simulate the uni-, bi- and triaxial material behaviour of concrete. More details about the
performance of the model and the comparisons with the test data can be found in [11].
The model M4L uses a set of parameters to simulate the mechanical behaviour of concrete
subjected to various stress states. These parameters include the modulus of elasticity E c , the
Poisson’s ratio v and two groups of microplane parameters, namely k 1 - k 4 and c 1 - c 27 . The kand c- parameters are connected to the microplanes, thus they have generally no direct
macroscopic physical meanings. The microplane parameters can be identified through numerical
fitting of material test data. Numerical experiments [11, 14] indicated that the c- parameters can
generally be fixed for all normal concretes. Their reference values are given in [11]. These
values for the c- parameters are used in the present work. However, the k- parameters have to be
calibrated according to the specified concrete.
However, due to the fact that the microplane constitutive laws on individual microplanes are
generally simple one-to-one relations, the fitting of the microplane parameters is possible by
using test data for simple stress states, such as unconfined uniaxial compression test, hydrostatic
compression test and high confinement compression test. In most cases, only the unconfined
uniaxial compression test data is adequate for determining the model parameters.
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For the core and the cover concretes in the non-corroded column as well as the core concrete in
the corroded column, the model parameters can be easily determined on the basis of the
assumed unconfined compression behaviour. It should be noted that the same set of parameters
are used for the core and the cover concretes in the non-corroded column, namely,
E c = 26165 MPa, v = 0.20, k 1 = 1.12 × 10-4, k 2 = 1000, k 3 = 16, k 4 = 15.
For the core concrete in the corroded column, the used model parameters are:
E c = 26774 MPa, v = 0.20, k 1 = 1.14 × 10-4, k 2 = 1000, k 3 = 16, k 4 = 15.
In the corroded RC column, the corrosion of the reinforcing rebars causes longitudinal cracking
in the cover concrete. This cracking reduces the compressive strength of the concrete and needs
to be taken into account in numerical simulation. In this paper, the proposal by Coronelli and
Gambarova [2] is adopted. In this method, the compressive strength of the (cracked) cover
concrete is computed as:

f c* =

fc
1+ k

ε1
ε c0

(1)

in which k is a coefficient depending on the bar roughness and diameter, typically k = 0.1; ε c0 is
the strain at the peak compressive stress (strength) f c ; ε 1 is the average tensile strain in the
cracked concrete. More details about the determination of the compressive strength of the
cracked concrete can be found in Coronelli and Gambarova [2].
Based on the estimated compressive strength of the cracked cover concrete according to
Equation (1), the model parameters for the (cracked) cover concrete in the corroded column are
determined as:
E c = 15032 MPa, v = 0.20, k 1 = 0.66 × 10-4, k 2 = 1000, k 3 = 16, k 4 = 15.

3.2

Material model for reinforcing steel

The stress-strain behaviour of the non-corroded reinforcing steels is simulated by a linear
elastic-perfect plastic material model, which is described by the modulus of elasticity E s and the
yield strength f y of the material.
For the corroded rebars, the loss of the cross section and/or the mechanical properties needs be
taken into account in the numerical model. In addition, the premature buckling of the
longitudinal rebar and the break of the transverse rebar, as observed in the test [8], should also
be considered. In this paper, a bilinear constitutive model is adopted to describe the premature
buckling of the corroded longitudinal rebar:
 E0ε s (0 ≤ ε s ≤ ε crit )
 Enε s (ε s > ε crit )

ss = 

(2)

where, ε crit is the steel strain corresponding to the critical stress σ crit , which is calculated as [8]:
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s crit =

π 2 Es (0.25D) 2
(0.75L2 )

(3)

where, D is the diameter of the corroded longitudinal rebars while L is the buckling length of the
transverse rebars, which is assumed to be L = 3s (transverse rebar spacing) since it was detected
in the test [8] that 4 transverse rebars were broken. E n is the slope of the softening branch, which
is determined as in [9].
The corroded transverse reinforcing steel is simulated with a linear elastic – plastic material
model with limited ductility. The reduced ultimate strain of the steel due to the corrosion is
described according to Du et al. [15-16].

3.3

Modelling of reduced cross section of corroded reinforcements

It was observed in the test [8] that the longitudinal rebars in the corroded columns mainly
underwent uniform corrosion; while the transverse rebars exhibited both uniform and profound
localised (pitting) corrosion with a higher damage level. Based on these observations, the
residual cross section of the corroded longitudinal rebar is calculated as:
Asl =

π
4

( D0 − 2 χ ) 2

(4)

in which, D 0 is the initial diameter of the reinforcement; χ is the depth of corrosion (mm).
The residual cross section area of the corroded transverse reinforcement is computed as [9]:
As t =

π
4

D02 −

π
4

(2 D0 χ − χ 2 )

(a) Cover and core concrete

(5)

(b) Longitudinal and transverse reinforcements

Figure 1 – Finite element mesh of the columns
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3.4

Finite element types and meshes

Both the column core and cover concretes are discretised into 8-node brick elements with 2 × 2
× 2 integration points. The reinforcing steels are simulated with 2-node truss elements. Since the
columns were subjected to axial compression, no slip between the concrete and reinforcements
is assumed. The 3D finite element mesh of the column is illustrated in Figure 1. To facilitate the
comparison, the same mesh is used for both the non-corroded and corroded columns. The
general crack band model is used to minimize the mesh sensitivity. A uniform displacement is
applied on the column top to simulate the axial loading. The increased eccentricity due to the
asymmetric damage of the cover concrete is ignored since the selected columns had minimal
eccentricity.

8.

NUMERICAL RESULTS AND DISCUSSIONS

Figure 2 shows the simulated load – average strain curve of the column No. 22. It can be seen
from the figure that the simulations are very close to the test data, both for the stiffness and the
ultimate load. This implies that the model M4L is able to realistically capture the complex
behaviour of the concrete in the column.

Figure 2 – Load –average strain curve of non-corroded column No.22
A comparison of the predicted load – average curves with the test data for the corroded column
No.28 is shown in Figure 3. Two simulation results are shown in the figure: one considers the
premature buckling of the longitudinal reinforcement while the other ignores the buckling of the
longitudinal rebar (the rebar is modelled as a linear elastic-perfect plastic material). It can be
seen that when the premature buckling behaviour of the longitudinal rebar is considered, the
numerical predictions are fairly consistent with the test data; while the ignorance of this
behaviour results in an overestimation of the maximum load and the post-peak ductility of the
column. This indicates that it is necessary to take into account the premature buckling of the
longitudinal rebar in numerical simulation of corroded RC columns under axial compression.
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Figure 3 – Load –average strain curve of corroded column No.28

9.

CONCLUSIONS AND REMARKS

This paper presents a numerical simulation of non-corroded and corroded RC columns under
axial compression by virtue of nonlinear FEM. This work leads to the following conclusions:
•
•

•
•

•

The adopted microplane model M4L is able to realistically capture the behaviour of the
concrete in RC columns subjected to axial compression;
The behaviour of the axially compressed RC column with corroded reinforcing steel can
be simulated with adequate accuracy through properly taking into account the cracking
and spalling in the concrete cover, the loss of cross section and the reduction of
mechanical properties of the transverse rebar, as well as the premature buckling
behaviour of the longitudinal rebar;
An ignorance of the premature buckling of the longitudinal rebar overestimates the
ultimate load and the post-peak ductility of the corroded RC column;
Although the numerical model developed in this paper yields satisfactory simulations of
the global load-strain (deformation) response of the corroded column, it should be noted
that this model is not adequate for a realistic simulation of the occurrence of the spalling
and the delamination of the cover concrete;
The numerical model for corroded RC columns developed in this paper can be used to
quantitatively assess the effect of each individual damage due to the corrosion, such as
the corrosion in the reinforcing steel rebars, the premature buckling of the longitudinal
rebars, the cracking and spalling of the cover concrete on the structural behaviour of RC
columns, which helps to better understand the effect of the corrosion damage on the
response of this kind of elements.
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ABSTRACT
This paper reports an initial screening of potential new binders for concrete with reduced CO 2 emission. Mortars cured saturated for 90 days are compared with regard to a) compressive
strength of mortars with similar water-to-binder ratio, and b) chloride ingress in similar design
strength mortars exposed to seawater. The reference used was a binder composition typical for a
Danish ready mixed concrete for aggressive environments and strength class C35/45. Based on
the present investigation and assumptions up to around 15% reduction in CO 2 emission from
binder production might be obtained without compromising the 90 days compressive strength
and resistance to chloride ingress in marine exposure by using selected alternative binders.
Key words: Cement, chlorides, CO 2 -emission, supplementary cementitious materials (SCM).

1.

INTRODUCTION

Despite continuous improvements in the cement industry, e.g. [1], the CO 2 emissions has been
increasing due to the growth in cement demand in the developing countries, and the share of
cement production is now estimated to be around 6-10% of the total anthropogenic greenhouse
gases [2].
A recent report on potential, economically viable solutions for a low-CO 2 cement based
materials industry identified two main areas delivering substantial additional reductions in
global CO 2 emissions related to production and use of cement and concrete: a) increased use of
low-CO 2 supplementary cementitious materials (SCMs) as partial replacement of Portland
cement clinker and b) more efficient use of Portland cement clinker [2].
In order to create substantial reduction in CO 2 emission, the concrete types with the highest
sales volumes should be the target, rather than tailored cements and concretes for special
applications. Ready-Mixed Concrete (RMC) has been the main concrete product within the last
decade [3], consuming around 50% of the total cement produced in Europe (Fig. 1).
Similar RMC production-to-cement consumption ratios are observed in the Nordic countries,
with the exception of Norway where around 70% of the total cement produced is used for RMC.
Compared to Finland and Denmark RMC produced in Norway and Sweden generally contains
lower additional amounts of siliceous fly ash added at the concrete plant on top of cement.
Lower quantities of fly ash added at the concrete plant in Norway and Sweden are due to
noticeable greater demand of RMC with the highest strength class (Fig. 2) than in Denmark or
Finland, but also because some of the cement types employed in RMC production in Norway
already contain large amounts of fly ash on their own (CEM II type). Fig. 2 also shows that the
most used strength classes for RMC production in the EU and average of Nordic countries are
the intermediates: C25/30 and C30/37 [3].
Particularly in Denmark, most of RMC plants produce different concrete strength classes by
mixing CEM I type cements with varying fly ash content (and water-to-binder ratio), consuming
around 60-70% of the total Aalborg Portland grey cement production along with other imported
cements supplied by non-national producers. The most often manufactured RMC strength class
for aggressive environments is C35/45, and the typical concrete is made with a binder
composition of 83% of CEM I type cement and 17% of siliceous fly ash.
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Figure 1 - RMC production (left hand scale); cement consumption and production (right hand
scale) in EU from 2004 to 2013 [3].

Figure 2 - RMC production by strength class in Nordic countries and EU in 2012 [3].
Regarding possible improvements in cement production, the use of alternative fuels as biomass
or waste materials has ecological and economic benefits, such as conserving non-renewable
resources. Waste combusted in the cement kiln systems as opposed to dedicated incinerators
result in net global reduction in CO 2 emissions and lower CO 2 penalties [4]. However, the use
of alternative fuels may result in kiln dust with higher chloride content than other sources.
Consequently, the use of kiln dust as limestone filler for production of blended cements type
CEM II/A-LL may be constrained by the maximum chloride content in cement (0.10%wt)
prescribed in EN 197-1 [5].
Concerning cement and concrete composition, two separate or combined strategies to produce
potentially greener concrete by lowering clinker content can be used: partial replacement of the
clinker in cement by SCMs according to EN 197-1 [5] and/or partial replacement of the cement
in the concrete by mineral additions such as silica fume, siliceous fly ash and/or limestone as
described in e.g. the NADs to EN206. The concrete standards differ between countries with
regard to the required cement types and strength classes, maximum water-to-cement ratios and
minimum cement contents, and the allowed types of mineral additions and cement-to-addition
ratios. This introduces large variations in concrete compositions between countries.
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This paper reports an initial screening of potential new binders for concrete with reduced CO 2 emission. The objectives of the paper are to compare low clinker binders with regard to
•
•
•

the compressive strength of mortars with similar water-to-binder ratio
the chloride ingress in similar strength mortars exposed to seawater
the CO 2 -emission from production of the binders.

The materials investigated include a) a new clinker optimized for facilitating clinker grinding
and pozzolanic reactions of supplementary cementitious materials (SCMs) and b) selected
SCMs: burnt shale, calcined clay, limestone filler with low and high chloride content, and
siliceous fly ash.

2.

EXPERIMENTAL

2.1

Constituent materials

The chemical compositions determined by X-ray fluorescence (XRF) of the current clinker
(K1), the new highly mineralized clinker (K2) and the other binder constituents are summarized
in Table 1. The burnt shale (T) sample was supplied by Eesti Energia AS from Estonia, and the
clay (Q) was calcined at FLSmidth as part of another project (“SCM project”). All other
materials were supplied by Cementir Holding - Aalborg Portland including two limestone fillers
(LL) differing in chloride content and a fly ash (V).
The calculated mineralogical composition of the clinkers and the compressive strength
development measured according to EN 197-1 [5] are given in Table 2 and Table 3,
respectively.
Table 1 - Chemical composition (%wt), density and Blaine fineness of binder constituents. Two
batches of LL with different chloride content were used.
Method
XRF
XRF
XRF
XRF
XRF
XRF
XRF
XRF
XRF
EN 196-2 [6]
EN 196-6 [7]
EN 196-6 [7]
EN 196-6 [7]
EN 196-2 [7]

Property

unit

K1

K2

LL

Q

T

V

SiO 2
%
20.2 19.5
12.7
62.5 34.2 55.0
Al 2 O 3
%
5.5
6.1
3.6
16.6 8.2 19.9
Fe 2 O 3
%
4.0
3.3
1.8
9.4
4.8
5.5
CaO
%
65.4 66.0
44.0
0.8 30.1 4.5
MgO
%
0.80 0.92
0.60
2.95 5.59 1.81
K2O
%
0.54 0.52
0.58
2.82 4.38 2.16
Na 2 O
%
0.21 0.25
0.23
1.95 0.11 1.12
SO 3
%
1.5
1.6
0.4
0.4
5.6
0.4
Cl
%
0.03 0.00
0.21/0.03 0.29 0.00
LOI
%
0.24 0.47
35
2.39 4.55 3.2
3
Density
kg/m 3170 3180
2710
2430 2790 2300
Blaine fineness m2/kg 390 330
1262
432 345
%
10.5
20 µm residue
Cl
%
0.02 0.01 0.14/0.48 0.01 0.30 0.02
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Table 2 - Mineralogical composition of clinkers (%wt).
Clinker
minerals

K1

K2

C3S

65.8

70.1

C2S

8.2

3.1

C3A

7.9

10.4

C 4 AF

12.1

10.1

Table 3 – Compressive strength development (MPa) of clinkers (+ hemihydrate) measured
according to EN 196-1 (normalised to 2% air).
K1

Age

K2

(d)

Mean

SD

Mean

SD

1

22.0

0.2

-

-

2

32.9

0.3

36.6

0.6

7

50.5

1.4

55.9

1.3

28

64.6

1.4

65.0

1.4

91

-

-

71.8

1.1

The composition of the new clinker was selected to maximize the C 3 S content for rapid strength
development and rapid release of Ca(OH) 2 to enhance pozzolanic reactions. The optimized C 3 S
content of the new clinker resulted in an equivalent 28 days strength for a Blaine of 330 m2/kg
compared to current clinker ground at fineness around 390 m2/kg. Low fineness of the ground
clinker is recommended for manufacturing of blended cements with a high substitution level of
finely ground SCMs to reduce water demand and improve workability.
The burnt shale is called CFB and collected at the 1st electrostatic precipitator of Eesti Power
plant [8] and contains some phases that may affect the reactions of mortars, such as lime,
portlandite, anhydrite, periclase and some clinker phases.
The dried raw clay containing around ¾ by wt. of clay minerals, mainly montmorrilonite but
also illite, along with other minerals such as quartz, feldspar and phyllosilicates [9], was
calcined in a flash calciner [10] at 850oC and subsequently, finely ground to maximize
pozzolanic reactivity of calcined clay (Q) within 28 days [9].
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Table 4 - Binder compositions in (%wt) and CO2 emission from binder production. H:
hemihydrate; for remaining abbreviations please see the text.
id

K1

R1

76.7

B1
B2
B3
B4
B5
B6
B7
B8
B9

K2

H

76.5
63.7
63.7
63.7
63.7
63.7
63.7
63.7
58.9

2.6
2.8
2.3
2.3
1.5
1.1
2.3
2.3
2.3
2.2

LL
T
Q
high Cl low Cl
4.0
4.0
15.8
15.8
7.9
7.9
4.0
11.9
34.0
8.5
25.5
34.0
15.7
15.7

V

SO 3

Cl

16.7
16.7
18.2
18.2
19.0
19.4

3.30
3.33
2.82
2.82
2.82
2.82
2.31
2.31
2.31
2.31

0.04
0.03
0.03
0.09
0.07
0.06
0.05
0.05
0.01
0.09

7.5

CO 2
(t/t binder)
0.65
0.65
0.56
0.56
0.55
0.55
0.58
0.62
0.63
0.56

Binder B1 was used to compare chloride ingress resistance of the new clinker (K2) and the
current clinker (K1) in the presence of siliceous fly ash (V), i.e. (B1 vs R1).
The binder compositions given in Table 4 were selected to illustrate the either separate or
combined effect of the new clinker, chloride content, SCM type, and clinker replacement on the
resistance to chloride ingress and the potential reduction in CO 2 emissions compared to a typical
binder composition presently used in ready mixed concrete (RMC) production in Denmark (R1).
Two batches of limestone filler (LL) differing in chloride content (0.14 and 0.48%) were used in
binders B2 and B3 to illustrate the potential impact of initial chloride content on chloride
ingress. The binder compositions corresponded to cement type CEM II/A-LL for the maximum
allowed clinker replacement by limestone filler, i.e. 20% and addition of siliceous fly ash (V) on
top to achieve 35% total clinker replacement in binder, both calculated in accordance with EN
197-1 [5] (i.e. omitting CaSO 4 ). Clinker replacement was calculated similarly for all binders.
Table 4 gives the actual clinker replacement.
As shown in Table 4, except for binder B6, the remaining LL-containing binders contain LL
with high chloride content. This is to illustrate to potential impact of increased use of alternative
fuels for clinker production on the resulting limestone fillers. To meet the requirement to
chloride content, Cl ≤ 0.10% according to EN 197-1 [5], binder B6 was prepared with the LL
with low chloride content.
Binders B3, B4 and B5 were included to investigate the performance of burnt shale in cement
type CEM II/A-M (T-LL). The binders contained 20% of combinations of burnt shale (T) and
limestone filler (LL) with three different ratios, expressed as T/(T+LL) = 0, 0.5 and 0.75.
Siliceous fly ash (V) was added to achieve 35% clinker replacement in the binder resulting in
(T+V)/(T+V+LL) = 0.53, 0.77 and 0.89.
Binders B6, B7 and B8 were included to investigate the performance of cement types CEM
II/B-M (Q-LL) without any addition of siliceous fly ash (V), but containing 35% of
combinations of calcined clay (Q) and limestone filler (LL) in three different ratios, expressed as
Q/(Q+LL) = 0, 0.75 and 1. Binder B9 aimed to show the effect of further clinker reduction (to
60% of binder) by addition of siliceous fly ash (V) to a CEM II/B-M (Q-LL) type cement with
35% clinker replacement and a ratio of Q/(Q+LL) = 0.5 resulting in (Q+V)/(Q+V+LL) = 0.60.
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Finely ground calcium sulphate hemihydrate (hemihydrate, H) with a SO 3 content of 56.3%
(measured according to EN 196-2) was included in all binders to control early hydration. The
optimum SO 3 content for reference binder (B2) containing only the new clinker (K2) and
hemihydrate was determined to 3.5%. The hemihydrate content in other binders was reduced
according to the clinker content. For the binders with burnt shale (B4 and B5) the hemihydrate
content was further reduced to compensate for SO 3 content of the burnt shale.
The binders were mixed with CEN Standard sand and demineralised water. In addition
polycarboxylate ether based superplasticizer (SP), manufactured by BASF with a solid residue
of 20% was added to some of the mortars. The density of CEN Standard sand and SP was 2650
kg/m3 and 1100 kg/m3, respectively.
2.2

Series 1, constant w/b

A first series of mortars were mixed and cured according to EN 196-1 [11] (water-to-binder
ratios, w/b=0.5) to determine compressive strength at 90 days. Although 28 day strength is the
most relevant strength parameter for RMC producers at present due to current standards, a
curing time of 90 days was selected to enable the SCMs to react further. The mortar
compositions are summarized in Table 5. Polycarboxylate ether based superplasticizer (SP) was
added to mortars containing either burnt shale or calcined clay in order to achieve similar and
comparable flow to R1. Liquid and solid fractions of the SP were considered as part of water
and binder, respectively.
Table 5 – Series 1: Composition, flow, air content, and 90 day compressive strength of mortar
measured as in accordance with EN 196-1 (w/b/s=1/2/6 by mass)
Mortar
Air
90 day strength
CO 2
Binder SP Water Sand Flow
ID
content
(MPa)
reduction
(g)
(g)
(g)
(g)
(cm) (%vol)
mean
SD
(%)
R1
450.0
225.0
1350
23.3
0.2
73.9
0.9
B1

450.0

225.0

1350

22.8

0.9

70.7

2.4

0

B2

450.0

225.0

1350

21.9

1.1

64.8

1.5

15

B3

450.0

225.0

1350

21.7

1.3

66.5

1.1

15

B4

449.9

0.71

224.4

1350

22.7

1.0

70.3

0.7

16

B5

449.8

1.07

224.1

1350

22.9

0.5

70.9

2.2

17

B6

450.0

225.0

1350

20.1

2.7

56.3

1.3

12

B7

449.8

1.15

224.1

1350

20.6

2.1

78.8

2.7

6

B8

449.7

1.53

223.8

1350

20.4

2.7

69.5

0.9

3

B9

449.9

0.53

224.6

1350

20.9

1.8

72.7

1.6

15

30

The air content of mortars was determined in accordance with [12] on the basis of the density of
theoretically air void free mortar and the weight at demoulding. The compressive strength was
normalized to an air content of 2 vol % using Bolomey’s equation, e.g. [12].
The mortar mixing procedure was amended from EN 196-1 [11] to include one step for a
delayed addition of the superplasticizer. Cement and at least 85% of total mixing water were
placed into the bowl of a Hobart mixer and mixed for 30 s at the low speed. After these 30 s of
mixing, sand was steadily added during the next 30 s and mixing was continued. After 90 s,
superplasticizer diluted in remaining mixing water was added to mortar and mixing was
continued for an additional 30 s at low speed. Then, mixer was switched to the high speed and
mixing lasted for another 30 s. Afterwards, the mixer was stopped for 90 s. During the first 30 s,
mortar adhering to the wall and bottom part of the bowl was removed and placed in the middle
by means of a rubber scraper. Finally, mixing was continued at high speed for 60 s.

2.3

Series 2, similar 90 day compressive strength

Based on Series 1, new water-to-binder ratios were estimated in accordance with Bolomey’s
equation [13] to result in 90 day compressive strength equivalent to R1 and constant paste
volume. The expected equivalent strengths were, however, not experimentally verified. The
compositions of the mortars used for Series 2 are summarized in Table 6. Different dosages of
SP were added to mortars in order to achieve comparable flow to the reference (R1). Liquid and
solid fractions of the SP were again considered as a part of water and binder, respectively.
The second series of mortars were mixed as Series 1. The mortar samples were cast, cured,
exposed and analysed according to procedures reported recently [14]. The mortars were cast in
125 ml plastic bottles (ø 50.5 mm). A small amount of water was added on top of the mortar to
ensure saturated conditions. After 90 days curing, approximately 5 mm was cut from the bottom
surface and the remaining surfaces were sealed by epoxy. The samples were re-saturated and
finally exposed to artificial seawater with a composition according to ASTM D1141-3 [15].
Twelve samples were submerged in 2.5 L. The exposure solution was exchanged after 14 and 28
days and thereafter every 30 days. After 90, 180 and 270 days of exposure, chloride ingress was
determined by profile grinding and titration.
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Table 6 – Series 2: Mortar compositions (adjusted to same compressive strength; paste/sand =
376/509 by volume) and CO 2 emission from binder production. The calculated CO 2 reductions
combine the impact of binder composition and w/b.
id
R1
B1
B2
B3
B4
B5
R6
B7
B8
B9
1.3

Binder
(g)
450.0
452.6
464.2
456.8
448.8
451.7
482.9
416.7
434.2
433.6

SP
(g)

1.02
0.59
0.83
1.35
1.79
0.45
2.37
0.38

Water
(g)
225.0
224.5
216.3
219.2
222.0
220.7
213.3
233.1
224.2
226.2

Sand
(g)
1350
1350
1350
1350
1350
1350
1350
1350
1350
1350

w/b
(-)
0.50
0.50
0.47
0.48
0.50
0.49
0.44
0.56
0.52
0.52

Cl
(%wt)
0.009
0.007
0.007
0.020
0.016
0.013
0.012
0.010
0.002
0.019

CO 2 reduction
(%)
0
13
14
17
17
6
13
7
18

CO 2 emission from binder production

The CO 2 emissions per ton of binder (Table 3) were estimated considering hemihydrate, fly ash
and burnt shale as CO 2 neutral, i.e. CO 2 /t, and assuming 0.85 t CO 2 /t of clinker, 0.1 t CO 2 /t of
limestone filler, and 0.27 t CO 2 /t of calcined clay. The CO 2 reductions were calculated
considering the CO 2 emissions from each constituent and the w/b variations.

3

RESULTS AND DISCUSSION

3.1

Compressive strength

The 90 day compressive strength of the mortars with w/b=0.5 (Series 1) normalized to the same
air content (and thus differing from Table 5) is illustrated in Fig. 3. The compressive strength of
the mortars with the two clinkers (R1 vs B1) are comparable, while some of the SCM types or
combinations appear to affect the 90 day compressive strength.
As has been reported earlier, a synergistic effect between alumina containing SCMs and
limestone filler (LL) exists (e.g. [9,16]. This is illustrated in Fig. 4 for calcined clay (Q). An
optimum composition that maximized the compressive strength at 90 days can be observed. The
strength enhancement is attributed to pozzolanic reactions of the calcined clay and synergetic
effects between reactive alumina from the clinker and SCM and the CaCO 3 from the limestone
filler [9]. For binders with calcined clay (Q) (B7, B8, B9) the performance of B7 is significantly
better than the reference (R1). (Note that the clinker content is lower further reduced in B9.) No
synergetic effect was observed for burnt shale (T).
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Figure 3 - Series 1: 90 day compressive strength of mortars of (w/b = 0.5), normalized to 2%
air content. The dotted line compares to the average compressive strength of B1. The error bars
indicate +/- SD.

Figure 4 - Synergetic effect between limestone filler (LL) and calcined clay (Q). 90 day
compressive strength of mortars of (w/b = 0.5), normalized to 2% air content. The error bars
indicate +/- SD.
The equivalent performance achieved by B9 with 40% clinker replacement by V, Q and LL
compared to B6-B8 with 35% clinker replacement by only Q (B8) or Q and LL (B6-B7),
indicates that binders containing only 60% of clinker and higher contents of limestone filler than
optimum, may still provide sufficient Ca(OH) 2 and CaCO 3 to enable pozzolanic reaction and
synergetic effects between reactive alumina and CaCO 3 .
3.2.

Chloride ingress

Chloride ingress profiles after 90, 180 and 270 days exposure to seawater of mortars with
comparable 90 days compressive strength are shown in Fig. 5. To allow for possible use of the
data, e.g. for verification of models, the measured data are also given in tabular form (Appendix,
Table A1 – Table A3. It should be kept in mind that w/b varies between the mortars; from 0.44
(B6) to 0.56 (B7), ref. Table 6.
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Figure 5 – Chloride profiles after 90 (upper), 180 (middle), and 270 (lower) days exposure to
artificial sea water at 20oC. The error bars indicate +/- SD.

The maximum total chloride concentration after 270 days exposure was found at a depth of
approximately 2-3 mm for all mortar samples, while a decreased total chloride concentration
was observed at the surface. The effect is explained by leaching and other phase changes
causing a reduced binding capacity, see e.g. [17,18].
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The ingress depths are in general comparable for all binders, except for the binder with 34%
limestone filler (B6), which exhibited a very low ingress resistance. Most binders with
alternative binder constituents exhibited a higher maximum chloride content, indicating an
increased binding capacity compared to the reference blend (R1).
Except at the outer surface, the profiles of mortars with the new and old clinker (B1 vs R1) were
similar after 90 days exposure. However, after 180 and 270 days the surface concentration in the
mortar with the old clinker (R1) appeared reduced; and, more importantly, the chloride content
at deeper depth appeared lower in R1. Furthermore, only mortars with calcined clay (B7-B9)
showed lower chloride ingress than the reference mortar (R1). This despite that some of the
other mortars had a lower w/b than the reference (R1), see Table 6.
There was no measureable impact of the mortar prepared from the limestone filler with low and
high chloride content (B2 vs B3).
The mortars with burnt shale (B4 and B5 vs B3) showed the highest chloride concentrations in
the surface near region, indication the highest binding capacity.
The beneficial impact of calcined clay (B7-B9) is illustrated in Fig. 5 (right). The binding
capacity for these blends appeared increased while the ingress depth was decreased, compared
to the binder with only limestone filler (B6). The observations are in agreement with recent
findings; see e.g. [19]. More importantly, the chloride ingress at deeper depth appeared lower
than in the reference (R1) – and in the mortar with the new clinker (B1), which was also used
for B7 – B9.The beneficial impact of the calcined clay appears to be diminishing with exposure
time.
Except for the mortars with limestone filler (B6), all mortars with high substitution rate by
alternative binder constituents showed higher resistance to chloride ingress than the mortar with
the same (new) clinker and only 16.7% fly ash (V) (B1) after 180 and 270 days exposure.
Comparing 90 days ingress data, where B1-B5 show similar chloride profiles, the data indicate
prolonged reaction of the alternative binder constituents in these mortars.
Except for the mortars with calcined clay (B7, B8, B9), which within the period of testing
showed highest chloride ingress resistance, all mortars with the new clinker showed lower
resistance to chloride ingress than the reference mortar (R1). The results indicate that around
15% reduction in CO 2 -emission (Table 6) can be obtained by using alternative binders without
compromising the resistance to chloride ingress in marine exposure of mortars with similar
design compressive strength at 90 days.

4.

CONCLUSIONS

Based on the present investigation and assumptions, up to around 15% reduction in CO 2
emission from binder production might be obtained for selected binders without compromising
the 90 days compressive strength and short-term resistance to chloride ingress in marine
exposure by using alternative binders instead of a binder composition typical for a Danish
ready-mixed concrete for aggressive environments and strength class C35/45. Due to varying
degree of reaction at testing the long-term chloride resistance needs to be documented. Other
issues to be considered are e.g. carbonation resistance and conditions for reinforcement
corrosion.
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APPENDIX
Table A1 – Total chloride content (%wt of dry mortar) after 90 days exposure to artificial sea
water. Mean and SD (in brackets).
Depth
[mm]
0.5
2
4
6
8
11
15
20

R1
0.762
(0.051)
0.796
(0.062)
0.607
(0.044)
0.439
(0.035)
0.280
(0.022)
0.108
(0.005)
0.005
(0.000)
0.005
(0.000)

B1
0.888
(0.011)
0.795
(0.040)
0.625
(0.022)
0.446
(0.030)
0.287
(0.025)
0.109
(0.019)
0.005
(0.000)
0.005
(0.000)

B2
0.839
(0.055)
0.863
(0.060)
0.645
(0.043)
0.448
(0.027)
0.264
(0.024)
0.079
(0.033)
0.005
(0.000)
0.005
(0.000)

B3
0.801
(0.042)
0.889
(0.034)
0.669
(0.023)
0.478
(0.026)
0.292
(0.018)
0.099
(0.015)
0.025
(0.002)
0.024
(0.003)

B4
0.912
(0.081)
0.887
(0.110)
0.632
(0.058)
0.437
(0.020)
0.249
(0.009)
0.078
(0.018)
0.024
(0.001)
0.023
(0.001)

B5
0.979
(0.030)
0.942
(0.038)
0.660
(0.038)
0.435
(0.008)
0.235
(0.024)
0.051
(0.040)
0.019
(0.007)
0.019
(0.006)

B6
0.714
(0.051)
0.732
(0.068)
0.620
(0.043)
0.522
(0.031)
0.435
(0.010)
0.305
(0.006)
0.153
(0.003)
0.044
(0.007)

B7
0.643
(0.082)
0.732
(0.105)
0.509
(0.053)
0.213
(0.034)
0.035
(0.014)
0.012
(0.008)
0.010
(0.004)
0.014
(0.007)

B8
0.564
(0.023)
0.662
(0.031)
0.469
(0.037)
0.260
(0.021)
0.100
(0.006)
0.012
(0.008)
0.006
(0.001)
0.006
(0.002)

B9
0.641
(0.057)
0.795
(0.027)
0.592
(0.014)
0.339
(0.030)
0.129
(0.032)
0.029
(0.003)
0.026
(0.002)
0.027
(0.002)

Table A2 – Total chloride content (%wt of dry mortar) after 180 days exposure to artificial sea
water. Mean and SD (in brackets).
Depth
[mm]
0.5
2
4
6
8
11
15
20
26
36

R1
0.620
(0.061)
0.650
(0.075)
0.564
(0.094)
0.485
(0.076)
0.372
(0.057)
0.207
(0.047)
0.046
(0.024)
0.005
(0.000)
0.000
(0.000)
0.000
(0.000)

B1
0.862
(0.016)
0.934
(0.030)
0.782
(0.032)
0.625
(0.027)
0.488
(0.033)
0.253
(0.025)
0.033
(0.017)
0.017
(0.020)
0.000
(0.000)
0.000
(0.000)

B2
0.700
(0.110)
0.846
(0.167)
0.709
(0.120)
0.565
(0.068)
0.435
(0.030)
0.205
(0.030)
0.030
(0.015)
0.008
(0.003)
0.000
(0.000)
0.000
(0.000)

B3
0.763
(0.094)
0.939
(0.041)
0.807
(0.040)
0.668
(0.027)
0.522
(0.019)
0.250
(0.031)
0.053
(0.002)
0.017
(0.001)
0.017
(0.000)
0.000
(0.000)

B4
0.665
(0.134)
0.949
(0.063)
0.809
(0.081)
0.596
(0.092)
0.506
(0.048)
0.243
(0.033)
0.056
(0.001)
0.014
(0.001)
0.013
(0.001)
0.000
(0.000)

B5
0.794
(0.041)
1.002
(0.033)
0.836
(0.064)
0.669
(0.065)
0.513
(0.049)
0.329
(0.126)
0.074
(0.015)
0.011
(0.003)
0.000
(0.000)
0.000
(0.000)

B6
0.616
(0.039)
0.738
(0.036)
0.662
(0.031)
0.589
(0.025)
0.536
(0.021)
0.438
(0.023)
0.293
(0.008)
0.154
(0.002)
0.033
(0.029)
0.000
(0.000)

B7
0.488
(0.127)
0.702
(0.014)
0.555
(0.097)
0.415
(0.045)
0.181
(0.010)
0.018
(0.007)
0.009
(0.004)
0.009
(0.003)
0.000
(0.000)
0.000
(0.000)

B8
0.470
(0.061)
0.661
(0.022)
0.618
(0.025)
0.473
(0.024)
0.270
(0.004)
0.075
(0.013)
0.006
(0.001)
0.009
(0.002)
0.000
(0.000)
0.000
(0.000)

B9
0.498
(0.022)
0.667
(0.007)
0.597
(0.006)
0.475
(0.016)
0.299
(0.017)
0.083
(0.013)
0.021
(0.003)
0.019
(0.001)
0.018
(0.001)
0.000
(0.000)
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Table A3 – Total chloride content (%wt of dry mortar) after 270 days exposure to artificial sea
water. Mean and SD (in brackets).
Depth
[mm]
0.5
2
4
6
8
11
15
20
26
36

R1
0.585
(0.022)
0.645
(0.054)
0.571
(0.037)
0.481
(0.033)
0.349
(0.105)
0.214
(0.081)
0.062
(0.055)
0.008
(0.007)
0.000
(0.000)
0.000
(0.000)

B1
0.692
(0.064)
0.789
(0.041)
0.688
(0.031)
0.614
(0.021)
0.527
(0.030)
0.364
(0.044)
0.132
(0.076)
0.008
(0.003)
0.000
(0.000)
0.000
(0.000)

B2
0.546
(0.101)
0.741
(0.082)
0.669
(0.090)
0.561
(0.078)
0.459
(0.086)
0.256
(0.101)
0.055
(0.032)
0.010
(0.003)
0.000
(0.000)
0.000
(0.000)

B3
0.637
(0.065)
0.750
(0.064)
0.709
(0.074)
0.551
(0.075)
0.469
(0.054)
0.286
(0.029)
0.108
(0.014)
0.016
(0.001)
0.012
(0.001)
0.000
(0.000)

B4
0.712
(0.072)
0.865
(0.064)
0.745
(0.064)
0.600
(0.089)
0.518
(0.050)
0.255
(0.033)
0.072
(0.011)
0.015
(0.001)
0.014
(0.001)
0.000
(0.000)

B5
0.728
(0.121)
0.880
(0.048)
0.755
(0.091)
0.623
(0.118)
0.526
(0.099)
0.330
(0.028)
0.090
(0.018)
0.012
(0.001)
0.000
(0.000)
0.000
(0.000)

B6
0.463
(0.023)
0.540
(0.039)
0.514
(0.037)
0.497
(0.026)
0.472
(0.017)
0.413
(0.024)
0.343
(0.031)
0.238
(0.027)
0.135
(0.015)
0.067
(0.008)

B7
0.448
(0.039)
0.606
(0.037)
0.595
(0.051)
0.485
(0.111)
0.334
(0.054)
0.089
(0.034)
0.013
(0.001)
0.014
(0.002)
0.000
(0.000)
0.000
(0.000)

B8
0.661
(0.201)
0.716
(0.044)
0.685
(0.048)
0.541
(0.029)
0.358
(0.009)
0.078
(0.062)
0.010
(0.004)
0.008
(0.005)
0.000
(0.000)
0.000
(0.000)

B9
0.470
(0.020)
0.616
(0.061)
0.600
(0.064)
0.520
(0.052)
0.397
(0.054)
0.164
(0.027)
0.020
(0.001)
0.017
(0.001)
0.017
(0.000)
0.000
(0.000)
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ABSTRACT
The concrete-ice abrasion process is a surface degradation mechanism due to ice-structure
interaction. The ice drift can cause wear rates on high quality concrete that can be in the order of
0.1 – 1 mm per year. The topic is especially relevant for concrete gravity-based structures in the
Arctic offshore. So far, experiments have been the main evaluation method for concrete
durability under ice abrasion. This paper presents concrete-ice abrasion experiments between the
surface of sawn concrete (28 days cubic compressive strength 90 MPa) and fresh-water ice.
Based on our results (ice pressure, ice consumption rate, coefficient of friction, abrasion depth)
and visual observations, we identified two types of interaction between the concrete surface and
the sliding ice specimen: sliding and sliding with spallation of ice. The results show both higher
abrasion and higher friction during sliding-spallation, than during sliding, under otherwise
identical experimental conditions. The increased damage with ice spallation indicates that the
damage mechanisms could be some form of three-body wear.
Key words: Concrete, ice, abrasion, experiments.

1.

INTRODUCTION

The concrete-ice abrasion process has been studied for the last 30 years, and has been defined as
the surface degradation of concrete structures due to interaction with drifting ice floes. Several
research groups have studied this topic through laboratory experiments [1-6] and field
observations [1, 7]. A recent review [8] has proposed mechanisms, which can contribute to
damage of concrete due to sliding ice: high concrete tensile stress from ice asperity sliding
contact, water pressed into cracks on wet ice-collision, three-body wear and fatigue from
repeated asperity contacts.
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The collision of an ice floe with a circular concrete column causes various behaviour of ice
around the column, such as crushing, transition region between crushing and sliding, and sliding
(Figure 1). Region 1 is characterized by the frontal collision of the ice floe against the structure.
The ice imposes high normal stresses on the concrete surface [8], and ice crushing takes place
when the stresses reach a limit along the contact area [9]. A series of indentation tests [10-12]
have been made on this interaction.
The crushing of the ice was found to be the dominant failure mechanism when the indentation
speed was high and the ratio of structure width to ice thickness was low. Region 2 is the
transition region between Regions 1 and 3. Here normal loading decreases and tangential
loading increases [8]. Crushed fragments of the ice floe get locked in the interaction zone. The
ice floe drives them along the concrete structure. Some subsequent local crushing of fragments
can take place. Region 3 is the sliding zone [6, 8, 13], where the ice floe slides along both sides
of the concrete column.

Figure 1 – Schematic of interaction of ice floe with concrete structure (top view). Region 1 –
crushing; Region 2 – transition region; Region 3 – sliding.
Laboratory examinations in Canada [6] simulated all these types of interaction between a
conical ice sample and a concrete sample to facilitate analysis of the abrasion process. The
authors concluded that Region 1 experienced the highest level of concrete-ice abrasion. A
potential critical parameter during this test is the conical shape of the ice sample. The cone tip is
possibly destroyed in the beginning of a test after a limited sliding distance and may hamper
interpretations accordingly.
Field observation studies on bridge piers in Hokkaido, Hara et al. [14], claim that ice interaction
with concrete in Regions 1 and 2 causes more abrasion than in Region 3. Møen et al. [15]
measured the abrasion depth on the Raahe lighthouse (the Gulf of Bothnia) in-situ, with known
annual ice drifting data. The authors reported that the abrasion rate was highest in Region 3. The
differences in the conclusions based on field observations is remarkable. Two issues are worth
mentioning and might possibly explain the differences. Firstly, the bridge pier [14] has a semicircular cross section, whereas the lighthouse has a circular cross section. Secondly, the ice drift
direction is much easier to detect for rivers, than for a sea.
The different opinions on concrete-ice abrasion origin and unknown mechanics behind the
degradation process requires that this topic should be investigated further. The present paper
describes a laboratory method of a concrete-ice abrasion study. An evaluation of various
methods of testing concrete-ice abrasion resistance [16] recommends the sliding abrasion test as
the most appropriate in terms of assessing abrasion caused by ice floe movements. The sliding
abrasion test fulfils the required conditions; the most critical are ability to vary the contact
pressure and action of both kinetic and static coefficient of friction alternatively. And, so far,
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most experimental work has been based on the sliding interaction between ice and concrete,
either ice on concrete [4, 5, 17] or concrete on ice [2, 6, 18, 19].
Our laboratory method was based on the sliding of an ice sample along a fixed concrete sample.
It is hence a friction test with a constant normal loading as the only load. It is intended for
studying concrete-ice abrasion as a standalone deterioration mechanism that can occur without
any other deteriorating mechanism (such as freeze/thaw, chemical attack, corrosion of
reinforcement, etc.). The scope of this paper is to present our experimental system and to
simulate sliding between fresh water ice and a sawn concrete surface. Furthermore we
demonstrate that the setup that slides ice on concrete gives opportunities to test various sliding:
sliding and sliding with ice spallation.

2.

EXPERIMENTS

The experimental study included simulation of concrete-ice abrasion followed by measurement
of abrasion depth. The abrasion machine simulated concrete-ice abrasion with an ice specimen
sliding along a fixed concrete sample. The concrete abrasion was measured using a laser
scanner. The experimental equipment, materials tested, and the experimental set-up are
described below.

2.1.

Abrasion Machine

The abrasion machine is a modified shaping machine (Figure 2(a)). It has been used for
concrete-ice abrasion testing since 2008. The machine was recently renovated in collaboration
with the mechanical and electronics workshops at the Department of Structural Engineering,
NTNU. The setup is now able to control the sliding distance, velocity, vertical loading,
horizontal and vertical load responses, room temperature, and concrete surface temperature. The
components of the abrasion machine are described below.
Mechanical parts
The machine makes the ice sample holder move in repeated sliding movements in a horizontal
direction. The horizontal stroke length of the machine is constant and equals 200 mm. An
electronic motor control regulates the velocity of the stroke. Figure 3 (b) is a position plot
showing the sinusoidal motion and velocity of an ice sample. The velocity is derived from
position and time. The average velocity in this experiment was 0.16 m/s.
The engine on the top (Figure 2(a)) drives a vertical piston, which continuously pushes the ice
sample against the concrete surface with a constant load. The piston and machine stop
automatically when the desired consumption level of ice is reached at 110 mm.
The concrete sample is positioned on a linear sliding system and fixed with a pre-stressing screw
on one side (on the right in Figure 2(b)) and a horizontal load cell on the other (on the left in
Figure 2(b)). The linear ball bearing sliding system has a very low coefficient of friction
(μ=0.0015-0.005). Two vertical load cells under the sliding bearing system measure the vertical
load response.
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(a)
(b)
Figure 2 – The concrete-ice abrasion machine photographs: (a) side view; (b) close view of
parts.

(a)
(b)
Figure 3 – (a) Simplified principle of concrete ice abrasion test; (b) Position plot showing
sinusoidal motion and velocity of ice (average velocity is 0.16 m/s).
Cooling and heating
The temperature in the concrete-ice abrasion lab is kept at a constant temperature of −10 °C.
The cooling system is installed in the roof of the lab and generates cold air. The control unit
maintains the target temperature.
Møen et al. [5] reported the importance of an ice-free surface of the concrete sample during the
test, since icing on concrete surface prevents concrete degradation due to interaction with ice. So
we prevented the freezing of concrete sample surface by heating it up from the bottom. The
concrete specimen temperature control goes through an aluminium heating plate that is attached
to the sliding bearing system below the sample (Figure 2(b) no.4). The plate has a channel
inside, connected to a controlled temperature liquid (alcohol) circulator. The temperature of the
concrete surface in the concrete-ice abrasion zone, before the test, was adjusted to +2°C
(measured with an infrared thermometer). A supplementary numerical analysis of temperature
distribution within concrete was conducted solving the heat transfer equation (Fourier`s law) in
STAR-CCM+. The thermal properties of the concrete and the effective heat transfer coefficient
were set equivalent to those provided in [5]. The numerical solution returns +2.8°C as the
steady-state temperature at the point where the experimental measurement was done; hence the
numerical results are within the interval of instrumental uncertainty.
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Feedback system, load control
There is a feedback and logging system, programmed with National Instruments LabVIEW with
hardware interface. This system enables control of the vertical and horizontal load with response
logging up to 500 Hz, previously the rig had a much lower logging frequency of 10 Hz.
The feedback system records the fluctuation of loading during ice movement back and forth, and
maintains the target ice pressure. A horizontal screw (Figure 2(b) no. 8) fixes the concrete
sample against a horizontal load cell. The pre-stressing value is 4200 N, which keeps the sample
fixed in a horizontal direction during the test.
Data acquisition
The concrete-ice abrasion rig is operated with software specially developed and written at the
Department of Structural Engineering, NTNU. The output is two text files. The first includes
friction parameters (time, position, horizontal and vertical load responses) logged at 500 Hz, and
the second file logs the total sliding distance, vertical position of the piston, number of cycles,
and temperature at 0.17 Hz frequency.

2.2.

Laser Scanner

A review of the literature shows a variety of equipment used for concrete surface examination,
including a digital indicator [2, 5], an optical microscope [4], a structural light scanner [20], a
calliper and surface roughness measurement device (up to 160 µm) [21]. The digital indicator
and calliper have to be adjusted manually for each measuring point, which decreases the
accuracy of measurement even though the accuracy of the device itself is high. Moreover, it is
hard to get a sufficient number of measuring points in a reasonable period of time. The classical
optical microscopy technique allows observation of the surface, but gives no quantitative
characteristics. In contrast, a structured light scanner gives a fine triangular mesh in a few
seconds, but depends on surface colour and cannot detect black aggregates or dark shadows
inside air voids.
Based on the literature review and experiences with structured light scanning [22], we decided
to build a non-contact Laser Scanning device, which allowed us to scan the concrete surface
with an accuracy of 10 µm in a reasonable time independent from the surface colour. The
components of the laser scanner are listed and described below.
Linear Motion System
The measuring equipment is based on a laser that is fixed on a linear motion system (Figure
4(a)). The laser moves continuously along the sample according predefined “snaking” path. The
control panel determines the dimensions of the measuring area, the velocity of the laser in the Y
direction (Figure 4(b)), and the step size in the X direction (Figure 4(b)). To achieve
measurements in a coordinate system for the continuous movement, the laser velocity and
logging frequency were adjusted and synchronized. To complete the measurements in a
reasonable time, the following parameters were chosen: the measuring point distance is
approximately 50 µm in the Y direction, and the step size in the X direction is 1mm (Figure
4(b)). The movement speed of the laser sensor was set to 10 mm/sec.
The measuring area exceeds the sample surface to ignore the acceleration and deceleration
region of the laser at its turning points.
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(a)
(b)
Figure 4 – Laser scanner: (a) photo; (b) simplified schematic of measurement process (not to
scale).
Laser
The measuring part of the equipment is a micro laser distance sensor. The repeatability is 10
µm, the measuring centre distance is 30 mm, and the measurement range is ±5 mm from there.
The laser beam diameter is approximately 50 µm. The response speed of the laser was set to 5
ms (200 Hz) to synchronize the laser with the motion system and the computer logging
frequency.
Data control and acquisition
Data are logged to the computer using laboratory software at a logging frequency of 200 Hz.
The measurement output comprises the surface heights in the Z direction, along the scanning
path.
The measurements made outside the surface sample (Figure 4(b)) are ignored. The rest of the
data is transformed to a matrix of surface heights, with dimensions of 1900x300 points.

2.3.

Ice

Our abrasion machine is designed for fresh-water cylindrical ice samples. This simplification,
from sea-water ice to fresh-water ice, was made for two reasons. Firstly, sea-water ice has
complicated mechanical properties and can involve extra parameters to the main physical
mechanism. Secondly, fresh-water ice increases the service life of the machine. And thirdly
fresh ice samples have been used in several earlier studies with sliding tests [4-6]. The freshwater ice quality in these studies include frozen tap water [5], artificially grown polycrystalline
and anisotropic ice [6], and artificially grown columnar ice [4].We used a simplified method to
grow ice unidirectionally from tap water.
The ice samples for the test have a cylindrical shape with a diameter of 73.4 mm and 160 mm
high. An ice mould made of polyoxymethylene (POM) 13.3 mm thick and 370 mm high (Figure
5(a)) and covered with thermo-insulation on the sides and the bottom is filled with tap water and
put in a freezer at −20 °C for 48-72 hours. The freezing of the water starts at the top of the
mould progressing downwards, but later it also takes place from the bottom (Figure 5(b)).
Therefore, the top part of the ice-sample is frozen unidirectionally whereas the bottom part
contains unfrozen water and results in a more porous ice with air voids. The upper part of the ice
sample (160 mm) was hence unidirectionally grown ice without visible air voids and was used
for the test (Figure 5(c)). The test ice samples are cured in plastic bags before the test to avoid
sublimation.
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(a)
(b)
(c)
Figure 5 – (a) Schematic of ice production; (b) ice sample after 48 hours; (c) ice sample for the
test.

2.4.

Concrete

The tests were carried out with a concrete sample made of Norcem Anlegg (CEM I) cement
(with 2% Elkem silica fume substitution) and mixed natural and crushed granitic aggregate
fromÅrdal (sand, 0-8 mm and coarse 8 – 16 mm grain size). The mix was made using the
following proportions: W/(C+2S)=0.42, where W, C and S are the weight of water, cement and
silica fume powder, respectively. The cement paste volume fraction was 29.5%.
Superplasticizing additive Dynamon SX-23 from Mapei was used to achieve the target
workability.
The fresh concrete properties were determined in accordance with EN 12350 [23], part 2 (slump
measure), part 6 (density) and part 7 (air content), approximately 10 min after water addition.
The slump spread was measured as the diameter of the collapsed slump cone. The results are
given in Table 1.
The compressive strength of the concrete was 90 MPa (measured on 3 parallel cube samples at
28 days). The samples were classified as B75 according to NS-EN 206:2013+NA:2014 [24].
Samples for the concrete-ice abrasion testing were sawn and cured in water at +20°C for 11
months before the experiments. Some calcium leaching presumably took place in this period,
though similar for all specimens and it could also reflect some kind of field leaching. The
development of the concrete compressive strength over the curing time is plotted in Figure 6.
The concrete sample used for the concrete-ice abrasion test was a miniature slab measuring
100x310 mm and 50 mm high (Figure 3(a)).
Table 1 –Fresh concrete properties of tested mix
Density, kg/m3
Air content, %
Slump measure, mm

2455
0.9
200

Slump spread measure, mm

420
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Figure 6 – The development of concrete compressive strength over curing time.

2.5.

Abrasion test set-up

The main variables in sliding concrete-ice abrasion testing are usually ice pressure, sliding
velocity, temperature, ice and concrete properties. The ice pressure and concrete strength are
normally viewed as the most significant parameters, which cause increasing abrasion depth at
increased pressure and reduced strength in line with Archard’s law and tribology [25, 26]. In
earlier studies, ice pressure varied from 0.05 MPa [4] to 3 MPa [2, 19]. The temperature of the
ice can give different results. Most researchers report an increasing ice abrasion rate with
decreasing ice temperature [19, 27], but not Bekker et al. [28]. Jacobsen et al. [8] suggest that
high sliding velocity (10 times higher than in other tests) might have caused the difference.
Studies of the effect of ice temperature on the coefficient of friction (COF) concluded that the
COF increases with decreasing temperature in sea ice [17] and fresh ice [5].
This research presents two different experimental conditions: concrete-ice abrasion sliding test
and concrete-ice abrasion sliding test with ice spallation. In order to simulate these two different
types of sliding we varied the thickness of the concrete sample (Figure 7), all other parameters
were constant. The ice pressure (average pressure on apparent contact zone) was 1 MPa, as the
most appropriate for our laboratory equipment. The temperature effect was outside of the scope
of this research, thus the temperature during the test was constantly − 10°C.
All samples were from one concrete mix. As mentioned above, these experiments studied
abrasion on a sawn concrete surface, as recommended in literature [3], where three different
phases are presented: cement paste (with air voids), interfacial transition zone (ITZ), and
aggregates.

(a)
(b)
Figure 7 – Abrasion test set-up: (a) concrete-ice abrasion sliding test; (b) concrete-ice abrasion
sliding test with ice spallation. (Also see Figure 10)
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3.

RESULTS AND DISCUSSION

The results include typical examples of vertical and horizontal load cell responses, various ice
consumption, calculated coefficient of friction, and abrasion measurements.

3.1.

Vertical load response

Figure 8 shows the vertical load cell response with the position of the ice specimen for both
sliding and sliding-spallation. The plots represent the accumulated data from 1km of effective
sliding distance. Figure 8 reveals a limited asymmetry of the machine. The ice pressure varies
with the position of ice specimen and is on average higher on the right hand side, though the
distribution functions seem fairly narrow and symmetric and with peak value very close to 1.0
MPa.
Figure 8(b) shows higher scatter of data with an occasionally decreasing ice pressure, that was
caused by ice spallation during the test. The plotted frequency distributions of the ice pressure
demonstrate that 96.7% of data are in range of 0.9 – 1.1 MPa. The distribution functions are
only a bit less symmetric, though somewhat broader with spallation than with sliding, and still
with peak value very close to 1.0 MPa.
Figure 9 shows a few typical time series with variations in vertical load cell response and
corresponding ice consumption during sliding-spallation test over 2000 seconds. The time series
in these experiments is limited by the consumption of the ice specimen. Figure 9 (a) shows a
gradual spallation of the ice sample during the test where the ice pressure remained constant
during the test. The corresponding ice consumption (Figure 9 (a) right) shows a gradual decrease
of the ice specimen length. Ice fragments were observed on the concrete surface during the test.
Figure 9 (b) shows that the time series is shorter with two sharp decreases in loading and a
corresponding high consumption of ice in the same period of time. The sharp decrease in
loading we call “pulverization”, because at this moment during the test we observed the rapid
appearance of small ice fragments in the interaction zone (Figure 10(b)). The ice pressure
recovered directly afterwards, with the piston pushing the ice sample against the concrete
surface. The ice fragments that could not withstand the load were extruded away from the ice
sample holder.

(a)
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(b)
Figure 8 – The vertical load cells’ response with the position of the ice specimen, and frequency
distribution of ice pressure at position-0: (a) sliding test, (b) sliding test with ice spallation. The
data were logged at 500Hz during app. 5 hours of sliding tests (1km of effective sliding
distance).

Figure 9 – Typical time series of the vertical load cell response and corresponding ice
consumption, during sliding test with ice spallation: a) gradual spallation b) spallation with
pulverisation.
Figure 10 shows the difference between two types of sliding during the test. Where thin film of
water on the concrete surface can be observed during sliding test (Figure 10 (a)), and ice
fragments and ice slush during sliding-spallation (Figure 10 (b)).

(a)
(b)
Figure 10 – Photos of concrete surface during two types of test: (a) sliding; (b) slidingspallation.

49

3.2.

Horizontal load response

The type of experimental conditions, sliding and sliding with ice spallation, did not effect on the
horizontal load cell response. Figure 11 shows typical time series of the horizontal load cell
response. The measurements show a descending trend at the beginning of each test series. The
horizontal response of the pre-stressed sample (without ice sliding) shows the same trend. This
trend is addressed to the stress relaxation of the pre-stressing screw (Figure 2(b) no.8). The trend
was removed using a Savitzky-Golay FIR (finite impulse response) smoothing filter with a
linear polynom. The time series was divided into three time intervals. The first time interval is
characterized by the beginning of sliding; it lasts for approximately 90 seconds and shows an
unstable horizontal response. The second interval is characterized by the stabilization of the
horizontal response. The third interval shows a stabilized horizontal response. Hence the
horizontal load is considered stable.

Figure 11 – Typical time series of the horizontal load cell response.

3.3.

Ice consumption

Figure 12 shows the typical ice consumption for two experimental conditions per km of
effective sliding distance. The apparent sliding distance is 200 mm per half-cycle, but the
effective sliding distance is limited by the diameter of the ice sample (73.4 mm), due to the
cylindrical shape of the ice samples. This means that 1 km of effective sliding distance (sliding
felt on a point on the concrete surface) can be achieved through 2.7 km of apparent sliding
distance of the ice specimen (see insert in Figure 12). Figure 12 shows that there are large
differences in ice consumption between the different between two experimental conditions.
From tribology [29] we know that both quality and consumption of mating material (ice) can be
of importance.

50

Figure 12 – Box plot of ice consumption per km of effective sliding distance (see insert), for two
types of sliding. Information in brackets shows ice samples consumption.
Figure 13 shows the difference between the ice samples after the concrete-ice abrasion sliding
test with the formation of a flat ice top after contact with the concrete (a), and after slidingspallation with the fragments of ice removed (b). In case of a sliding test, the ice sample is
always flat and smooth in the contact with concrete. However, in a sliding-spallation test, ice
fragments were constantly removed from the contact zone and the ice sample had irregular
shape in the contact zone with concrete. Since factors like roughness (like the number and shape
of asperities) and the contact area are important parameters in wear, we registered these features
and will analyse and discuss their significance in more detail further below and in later parts of
this work.

(a)
(b)
Figure 13 – Ice samples after concrete-ice abrasion test: a) sliding; b) sliding-spallation. The
concrete was in contact with the top surface (i.e. the ice is upside-down on the photos).
Since the highest consumption of the ice corresponded to sliding-spallation test, the ice
specimen was observed after 5 minutes of the sliding test (Figure 14). Compared to the crack
free sample in Figure 5 it is possible to see that macro cracks propagated through the sample,
while there were micro cracks close to the contact zone. The sharp edges in the contact zone
show where ice fragments were pulled out.
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Figure 14 – Ice sample after 5 minutes of sliding-spallation test. The concrete was in contact
with the top surface (i.e. the ice is upside-down on the photos).

3.4.

Coefficient of friction

The coefficient of friction for two types of sliding is plotted in Figure 15 together with the
sinusoidal movement of the ice specimen back and forth on the concrete surface. Comparing the
COF plot with the position plot shows that at the turning points of the ice specimen where there
is a full stop, the COF is higher. We can hence distinguish the coefficient of kinetic friction
during sliding interaction, and the coefficient of static friction at turning points. The coefficient
of kinetic friction varied in a range from 0 to 0.04, whereas the coefficient of static friction
varied from 0.075 to 0.125. Figure 15 shows that sliding resulted in the smallest COF and
sliding-spallation the highest COF. These data demonstrate the influence of experimental
conditions on value of coefficient of static and kinetic friction. The increased friction during the
spallation exposure will be later addressed to higher abrasion of concrete (Section 3.5).

Figure 15 – Coefficient of friction for two types of sliding and the corresponding ice pressure
distributions on the position plot.
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Figure 16 shows the distribution of the signed COF and the ice velocity depending on the
position of the ice specimen during sliding-spallation test. The negative sign of the COF
indicates the negative horizontal response when sliding backward. The results demonstrate the
effect of the sinusoidal ice motion (as described in section 2.1) on the coefficient of friction. The
central part of the concrete sample is subjected to kinetic friction, and the right and left sides are
more linked to the static coefficient of friction.

Figure 16 – Signed COF and ice velocity with the position of the ice specimen during slidingspallation test.

3.5.

Concrete-ice abrasion

Figure 17 shows the concrete surface before and after the three-kilometre of concrete-ice
abrasion test under sliding-spallation condition. The aggregates protruded visibly during the test.
This observation is important, since it indicates that the “classical” protruding aggregate
concrete-ice abrasion model by Huovinen [1] also appears to hold for our test with a high
strength concrete (HSC) and with sawn surfaces.

(a)
(b)
Figure 17 – Sawn concrete surface: (a) before concrete-ice abrasion test, (b) after 3 km of
effective sliding distance (sliding-spallation test). Top view (top row) and perspective view
(bottom).
Based on the surface measurements, abrasion was found as difference between the unabraded
zone on the edges of the concrete sample and an abraded central band of 10 mm wide, same
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method as used with the mechanical measurements in [5]. However, a much higher number of
data points was collected with the laser scanner, so the calculation here was done for each
millimeter of concrete sample length. Figure 18 (a) shows the average profile of the abraded
central band (10 mm wide) along the sample length, shed and solid lines shows the abrasion.
Figure 18 (b) shows average abrasion of the central band (between length positions 87 mm and
163 mm) with effective sliding distance. The results were compared with previous research [5],
gray lines in Figure 18 (b) based on average abrasion rate reported in [5].
Beside the wear rate, the roughness of the concrete surface and along profiles is in the focus of
our interest and being investigated in further work. Figure 18 also points out a scatter between
individual samples.

(a)

(b)
Figure 18 – (a) Average profiles, of the central abraded band (10 mm wide, between position 87
and 163), of sawn concrete surface along the sample length before and after 1 km abrasion test;
(b) average abrasion of the central band with effective sliding distance.

3.6.

Abrasion, friction, previous HSC tests, ice cracking and sliding vs spallation

The COFs measured are of the same magnitude as the test results of other concrete-ice abrasion
tests with the same sliding speed (0.16 m/s): 0.00 – 0.01 and 0.06 respectively [5, 19]. Whereas
Itoh et al. [19] had an ice pressure 0.2 MPa, which is five times smaller than in our test.
Comparison of our results with other research [30] in which the sliding speed was lower (in the
range from 1.67 10-6 to 1.67 10-4 m/s) shows that our measurements of friction are lower. This is
in line with earlier findings of decreasing COF with increasing velocity [31].
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The abrasion depth results for sliding test were similar to those of Møen et al. [5], where
concrete samples with cylindrical compressive strength 72.8 and 85.9 MPa under similar
experimental conditions had an average abrasion rate of 0.018 and 0.004 mm/km of ice sliding
(respectively). On the other hand, sliding-spallation shows an average abrasion rate 0.045
mm/km. The results for two parallel samples (1) and (2) have a large spread. However,
comparing Figures 12 and 18(b), shows that although the results from the two parallel samples
are scattered, there is a relation between ice consumption and abrasion of concrete. Concrete-ice
abrasion is higher for higher ice consumption.
Based on our results and observations we distinguished two types of sliding: sliding and slidingspallation. The first type, corresponds to abrasion set-up on Figure 7(a). As mentioned earlier,
the heating plate heated the concrete sample from the bottom. It gave a temperature at the
concrete sample surface of +2°C at the start of the test. During sliding interaction with ice, the
concrete surface was cooled down, and its temperature fluctuated between −1.8 and −2.6 °C.
After less than approx. one hundred cycles of ice movement, the ice samples had many cracks
close to the contact zone. These cracks caused ice degradation during further sliding. Broken-off
ice fragments started to deposit on the edge of the ice sample holder (see Figure 13(a)). There
was a constant thin film of water on the concrete surface with minor icing spots during the test.
The second type of concrete-ice abrasion sliding test is sliding with ice spallation (Figure 7(b)).
The concrete surface temperature was identical to the sliding case. The critical parameter
causing the transition from sliding to sliding-spallation was the height of the concrete sample (or
i.e. the gap between the ice sample holder and the concrete surface). As mentioned above, ice
became stuck between the ice sample holder and the concrete surface during sliding test,
whereas during the sliding-spallation test, as soon as the coalescence of cracks caused ice
degradation, the fragments of ice escaped from the contact zone through the gap.
The sliding-spallation had a particular case, when the amount of micro cracking in the ice
sample reached some limit and caused the rapid pulverization of ice (Figure 9(b)). The extrusion
of pulverized ice took only a few seconds before loading was recovered. Rapid pulverization
was observed to occur randomly for some ice samples during the tests.
An effect of the width of the gap between the ice sample holder and the concrete surface was
found in tests with identical temperature, loading, and ice and concrete quality parameters. Tests
where the gap width was 8 mm resulted in sliding-spallation type, while tests with a gap width
smaller than 5 mm resulted in sliding. The sliding-spallation test caused more abrasion than the
sliding type at the same ice pressure. The sliding-spallation produced more ice debris as seen
from the increased ice consumption rate and large amount of ice slush debris (Figure 10(b)).
This highlights, that sharp ice fragments play an important role in concrete-ice abrasion, and
hence it will be of importance to look closer at concrete surface roughness, shape and size of
ice- and concrete wear debris. Size of concrete wear debris should be compared to the depth of
simulated surface cracks [32] to improve our understanding of concrete ice abrasion
mechanisms.

4.

CONCLUSIONS

We distinguished two sliding interactions between the concrete surface and ice during concreteice abrasion laboratory experiments: sliding and sliding-spallation. Our experimental concreteice abrasion set-up enables to simulate them through the variation of concrete sample height,
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thus varying the open height of ice in the gap between the ice sample holder and the concrete
surface.
The results show higher abrasion and higher friction during sliding-spallation tests, than during
sliding, under otherwise identical experimental conditions. We therefore believe that the slidingspallation test highlights an important aspect of concrete-ice abrasion; that sharp ice fragments
play an important role when ice is wearing on the concrete surface.
Further research of concrete-ice abrasion at our laboratory will include:
• investigation of different types of concrete, including light weight concrete and repair
mortar;
• investigation of sliding and impact effect on concrete-ice abrasion depth;
• studying of initial concrete surface topography on resulting concrete-ice abrasion;
• studying of concrete-ice abrasion in combination with frost deterioration on air and nonair entrained samples.
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ABSTRACT
The main disadvantages of lightweight aggregate compared with normal weight concrete are its
brittleness at the material level in compression and uncontrolled crack propagation. This
experimental investigation consists of five beams with lightweight concrete with Stalite as
aggregate. Main goals were to investigate behaviour and capacity of the beams with and without
shear reinforcement subjected to four-point bending test and compare those results with
previous experimental work. The main test parameters were the shear span ratio (a/d) and
amount of the shear reinforcement. Existing standards underestimate shear capacity because
they do not differ between shear span (a). Tested beams were more ductile than expected, and
cracking was similar as for normal weight concrete beams. According to this experimental
investigation, the shear capacity in beams without shear reinforcement should be based on
inclined cracking loads.
Keywords: Lightweight aggregate concrete, testing, shear reinforcement, bending, ductility.

1.

INTRODUCTION

This investigation is part of the ongoing research programme, “Durable advanced concrete
structures (DACS)”. One part of this programme is to investigate the structural behaviour of
lightweight aggregate concretes (LWAC), i.e. concretes with an oven-dry density below 2000
kg/m3. A general characteristic of LWAC is its very high degree of brittleness at the material
level and especially in compression, which results in sensitivity to stress concentrations and
rapid crack/fracture development. This influences the behaviour of concrete where its tensile
strength is important, as for instance with its shear and bond strength. To investigate the
behaviour of LWAC, beams with and without shear reinforcement were subjected to a fourpoint bending test. The main test parameters were the shear span length to effective height ratio
(a/d) and amount of shear reinforcement. For all beams, the shear loads at diagonal cracking and
at failure were plotted as a function of the a/d ratio and compared with previous experimental
work. For comparison, tested beams were of the same size and with the same area of
compression and tension reinforcement as in earlier shear tests on other normal density (ND)
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and lightweight aggregate (LWA) concrete beams [1,2]. In addition small specimens were used
to find the compressive strength [3, 4], splitting tensile strength [5], Young’s modulus [6, 7],
and fracture energy [8].
To produce the concrete, a lightweight aggregate Stalite was used to achieve an oven-dry
density of about 1850 kg/m3 and a compressive strength of about 65 MPa. Agreggate Stalite is
the argillite slate, laminated, fine-grained siltstone of clastic rock. The foothills region of North
Carolina is the only place where slate is exhausted as raw material to produce Stalite. The bulk
density ranges from 720-1120 kg/m3 for both coarse and fine aggregate and the hardness of the
material is equivalent to that of the quartz [9, 10].

2.

EXPERIMENTAL TEST PROGRAM AND RESULTS

2.1

Test specimens

Five reinforced LWA concrete beams with and without shear reinforcement were tested in a
four point bending test. The loading system was designed to produce a constant moment in the
middle part of the beam. The cross section (bxh) of the beams was 150x250 mm and the length
2900 mm. The main test parameters that were warried in this test were the shear span length to
effective height ratio (a/d) and amount of shear reinforcement. In the ratio a/d, a is the shear
span (the length between loading point and support) and d the effective height of the cross
section (the distance from the top surface to the centre of the tensile reinforcement), which in
this case is 219 mm. Two pairs of beams without shear reinforcement each with shear span ratio
a/d=2.3 and a/d=4.0 were tested. In addition one beam, which contained shear reinforcement
distributed between the support and loading point and with shear ratio a/d =3.43 was tested. An
overview of the test programme is shown in Table 1.
Table 1-The main test parameters
a
d
a/d
Beam
[mm] [mm]
[-]
1
504
219
2.3
2
504
219
2.3
3
876
219
4
4
876
219
4
5
750
219 3.43

Ac
[cm2]
1.57
1.57
1.57
1.57
1.57

At
[cm2]
6.03
6.03
6.03
6.03
6.28

s
[mm]
100

f lc,cyl

A t / (bxd)

[MPa]
67.5
67.5
67.5
67.5
67.5

[%]

1.83
1.83
1.83
1.83
1.91

Where a is shear span; d is effective hight; a/d is shear span ratio; A c – area of compresive reinforcement; A t –
area of tensile reinforcement; s is stirrup spaceing; f lc,cyl -compressive cylinder strength.

All the beams had three ø8 mm stirrups in each anchorage zone (behind the supports). Beams
without shear reinforcement had just two stirrups in the constant moment region below applied
forces, while there were no stirrups in the shear spans. One of the tested beams contained shear
reinforcement distributed along the shear span. Reinforcement on the tension side consisted of
three ø16 mm bars in beams with shear span ratio a/d =2.3 and 4.0 and beam with a/d =3.43 had
two ø20 mm bars. As compressive reinforcement, two ø10 mm bars were used in all the beams.
Longitudinal and cross section details of the beam specimens are shown in Figure 1.
All the beams and small samples, cubes and cylinders, were cast from the same concrete batch.
The beams were demoulded 24 hours after casting and further cured in the laboratory under wet
burlaps covered with a plastic sheet. Two days before the testing beams were taken out and
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prepared for instrumentation. Finally, the beams were painted white for easier detection of
cracks.
Small samples, which were cast in order to identify the mechanical properties of the LWAC,
included 12 cubes (with dimensions 100x100x100 mm), 15 cylinders (ø100x200mm) and 3
small beams (100x100x1200mm). From mentioned samples, the authors derived the stress-strain
diagram, compressive strength for cube and cylinder, tensile strength, Young’s modulus of
elasticity and fracture energy. All small specimens were demolded after 24 hours and kept in
water until testing day. Compression test on cubes and cylinders were carried out in the start,
middle and last day of beam testing.
a)

b)

Figure 1 – Reinforcement and cross section details for the beams a) without and b) with shear
reinforcement
2.2

Material and mix properties

The concrete mixture was prepared from one batch. The lightweight aggregate was the ½”
fraction from Stalite [11]. The moisture content and the absorbed water in the Stalite were
measured, which was necessary input when designing the concrete mix [12, 13]. The moisture
content was 8.2%, and the absorption after 24 hour and 100 hours was 6 % and 8.5%,
respectively. Table 2 gives the concrete mixture.
Table 2 – Concrete mixture for LWAC 65
Constituent
Cement (Norcem Anlegg)
Silica fume (Elkem Microsilica)
Water (free+absorbed 24 hour)
Sand (Årdal (NSBR) 0/8 mm)
Aggregate (Stalite 1/2'')
Superplasticiser (Sika ViscoCrete RMC-420)

Weight [kg/m3]
398.21
19.62
93.87+40.12=134
745.56
618.79
3.20

The mixing was done using a 0.8 m3 laboratory mixer. First cement, silica fume, Stalite and
sand were mixed for approximately 2 min. Water and superplasticiser were continuously added
and adjusted during mixing, until the desired workability of the concrete was achieved.
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Characteristics of the fresh concrete were: density 1990 kg/m3, air content 2.6 % [14] and slump
140 mm [15]. The reinforcement was of the type B500NC [16]. The yielding stress of the
reinforcement assumed in calculation is approximately 560 MPa.

2.3

Test Setup and procedure

The load was applied with a mechanical screw jack and was transferred to the test beam through
a steel spreader beam, which was supported, on two steel rollers covering the entire width of the
beam. The loading point has free rotation transversal to the beam. Between jacks and the beam
surface, it was used 50 mm wide steel plates and a 15 mm thick fibreboard with the same width.
The supports were both free for rotation and displacement in the longitudinal direction. At the
supports, only steel plate was between the support and the beam. The supports were placed 300
mm from the beam-ends. To avoid anchorage problems, short ø20 mm reinforcement bars were
welded to the tensile reinforcement in this region. The load was measured using electrical load
cell under the screw jack of maximum capacity 1000 kN. Instrumentation set-up differs between
beams with and without shear reinforcement. Figure 2 shows the layout of the test set-up for the
beams with and without shear reinforcement and view from the laboratory.
a)

c)

d)
b)

Figure 2 – Test set-up off beams a) without shear reinforcement; b) with shear reinforcement; c)
detail middle cross section for beam without and with shear reinforcement; d) view from the
laboratory.
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For observation of beam with shear reinforcement, more instrumentation was used. Linear
Variable Displacement Transducers (LVDT) measured the deflections in the middle of the beam
span in all the beams. In beam with shear reinforcement additional LVDT were used for
measuring deformations under the loading points and over the middle cross section. Length of
LVDT for observation of middle section was 200 mm. In addition, in this beam strain gauges
(SG, type FLA-6-11-5L with gauge resistance of 119,5±0.5Ω) were inserted on the tensile
reinforcement inside of the middle cross section. All measuring devices (LVDTs and SGs)
together with the load cell were connected to HBM eight channel spider to record the data. From
here, data were sent to computer using a specific software program, where they are processed
and stored in a text file.
The load was applied stepwise in increment of 20 kN for the beams without shear reinforcement
until failure. For the beam 5, with shear reinforcement, an increment of 40 kN was used since
calculated capacity was doubled. The first tested beam was beam 1, one of two beams with
shear span ratio 2.3. This beam was tested with loading steps of 10 kN. Since there was too
many steps and testing takes, more than 2 hours loading steps were increased on 20 kN for the
next beam with 2.3 ratio and for the two beams with 4.0 ratio. This is displacement control test
with loading rate 0.5 mm/minute for the beams without shear reinforcement and 1 mm/minute
for beam with shear reinforcement. The deflection measurements were carried out as a control.
At each step, deflections in the middle section and under the loading points were measured. The
loading time for each step takes about 10 minutes, from what 5 minutes was break and mainly
used to draw the crack progression with dark pen. The output data were recorded by the data
acquisition system. Pictures were taken after each step and failure.
3.

EXPERIMENTAL RESULTS

3.1

Results for small specimens

Concrete class measured from small samples was LC65 and that actually represents high
strength lightweight concrete. The compressive failures of cubes and cylinders were very
explosive which is typical for high strength and lightweight concrete.
Small specimens were tested after 28 days for determination of compressive strength, 29 days
for tensile strength and Young’s modulus. Small beams for fracture energy were tested after 36
days. A brief summary of the small scale test results is given in Table 3.
Table 3 – Mechanical properties for LWAC
Saturated density
ρ cs = 1980 kg/m3
Oven dry density
ρ cv = 1850 kg/m 3
Compression cube after 7 days
f lcm,7 = 57,3 N/mm2
Compression cube after 28 days
f lcm,28 = 73,8 N/mm2
Compression cylinder
f lcm = 67,5 N/mm2
Tensile strength
f lctm = 4,05 N/mm2
Modulus of elasticity
E lcm = 24175 N/mm2
Fracture energy
G F = 76,7 Nm/m2

64

3.2

Capacity of the beams

Table 4 shows the results of the tested beams. In the table, the following forces are plotted: the
forces when the first bending crack occurred (P fcr ), force of diagonal cracking (P cr ) and failure
force (P u ). The shear capacity (P calc =V Rd,c ) for both pairs of the beams without shear
reinforcement was calculated according to Eurocode 2 [17, 18, 19] and Norwegian standard NS
3473 [20, 21] and those values were 42.8 kN and 44.6 kN, respectively. Calculation of shear
capacity according to both standards was influenced by external load but position of the load
was not taken into account, which resulted with the same capacity for the beams with shear span
ratio 2.3 and 4. Calculated shear capacity for all the tested beams plotted in the table 4 was
according to Eurocode 2 [17, 18, 19]. Shear capacity according to Eurocode 2 for the beam 5
which contain shear reinforcement was almost doubled and that value is 92.85 kN. Shear
capacity for beam with ratio 2.3 and 4 was also calculated according to Norwegian standard NS
3473 and that value was plotted in table 5. Reason for this is that all previous results for
comparison were calculated by using the same standard NS 3473. Tensile strength used in this
calculation is obtained from small scale testing [5] and later interpolated according to NS 3473.
For lightweight concrete the values are multiplied by a reduction factor (0,30+0,70ρ/ρ 1 ), where
ρ is the dry density of the lightweight concrete and ρ 1 =2400 kg/m3. Hence, with a dry density of
1850 kg/m3 the reduction factor was 0,839.
The beams were tested 30 days (beam 1_ with shear ratio 2.3), 31 days (2_2.3), 34 days (3_4.0
and 4_4.0) and 35 days (5_3.43) after casting.
Table 4-Test parameters and results of first cracking, diagonal cracking, failure loads and
calculated shear capacity in accordance with EC2[17,18]
a
d
P fcr
P cr
Pu
P calc P cr / P u /
a/d
Beam
[mm]
[mm]
[kN]
[kN]
[kN]
[kN] P calc P calc
1
504
219
2.3
25
45
92.3
42.8 1.05 2.15
2
504
219
2.3
22.5
44.5
127.2
42.8 1.04 2.97
3
876
219
4
21
36.8
44.4
42.8 0.86 1.04
4
876
219
4
21
33
62
42.8 0.77 1.44
5
750
219
3.43
25
40
91.4
92.85 0.43 0.98
In all the beams first cracking started for approximately, same load level of 21-25 kN.
Formation of the first shear diagonal cracks depend and differs from the shear span ratio. So in
the beams with higher shear span ratio shear cracks formed for lower load level, while by
reducing shear span (a), distance between loading point and support , shear capacity increased.
3.3

Load-deformation relationship

The load–deformation relationship was followed during the entire test. Figure 3 shows the loaddeformation relationship for the centre point of the cross section at middle span for all the five
beams. As expected, beams that do not contain shear reinforcement along the shear span and
with low shear span ratio 2.3, had higher capacity. Beam 2, with shear span ratio 2.3 had even
higher capacity than the beam 5 that contain shear reinforcement. The resemblance between two
identical beams is quite good before failure. As expected, the response depends on the shear
span ratio. With a low ratio a concrete strut forms making a direct load transfer of the point load
to the support. The load and deformation can increase several times the shear cracking load.
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However, the ultimate load is more unpredictable in this case. For a high shear span ratio, pure
shear governs the failure mode. The failure loads for these two beams can be defined to be the
same. Beam 4 with shear span ratio 4.0 was able to sustain a higher load after significant
deformations, but it is not possible to rely on such deformations in a design situation. As
expected the beam with shear reinforcement showed significant ductility, deflections are
doubled for the same load level and before failure this beam were able to sustain even increase
of loading. In addition, one of the beam with shear span ratio 2.3 showed very ductile behaviour.
In general, all the tested beams are in the very good agreement considering the main test
parameter shear span ratio.

Figure 3 – Load deflection curves for all the tested beams
Results of strain distribution were observed and recorded over the middle cross section just in
beam 5 with shear ratio 3.43. Since those results cannot be compared with first four tested
beams 1-4. they are not plotted here.
4.

DISCUSSION

4.1

Failure modes, cracking patterns and capacity of the beams

The first cracks in all beams started to develop in the constant moment region, between the
loading points, on the tension side for load levels between 20 and 40 kN, depending on the a/d
ratio. As load increased cracks formed along the entire length of the constant moment region
and wider. When flexural bending cracks stopped to develop, suddenly, the diagonal shear
cracks occurred, but the beams did not fail immediately. The beams with a/d ratio of 2.3 formed
directly the diagonal inclined shear crack. These cracks appeared suddenly developing from the
tension side of the beam towards the compression side near the point loads. For beams with ratio
2.3 diagonal cracks formed at higher load levels than for beams with ratio 4.0. For beams with
ratio 4.0 the diagonal shear cracks propagated from one of the flexural bending cracks at the
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(a) Shear span ratio 2.3 - beam 1

(b) Shear span ratio 2.3 - beam 2

(c) Shear span ratio 4.0 - beam 3

(d) Shear span ratio 4.0 - beam 4

(d) Shear span ratio 3.43 – beam 5

Figure 4 – Final failure state for beams (a) 2.3-1; (b) 2.3-2; (c) 4.0-3; (d) 4.0-4 and (e) 3.43-5
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tension side. For beams with shear reinforcement and shear span ratio 3.43 cracking started from
the tension side. Location of cracks depends from reinforcement layout. Flexural bending cracks
start to form between stirrups. Later diagonal shear cracks propagated from flexural bending
cracks. For a certain load level propagation of diagonal cracks was stopped due to shear
reinforcement while propagation of bending cracks were continued. At the end, bending cracks
led to failure in beam with shear reinforcement, while in beams without shear reinforcement
diagonal shear cracks lead to failure. Figure 4 showed the final failure state of all the tested
beams.
In general, beams with lowest shear span ratio had higher capacity, see Table 4. Formation of
cracks for beams with ratios 4.0 and 3.43 was equal in both shear spans. For beams with ratio
4.0 failure happened suddenly in one of the shear span, while beam with ratio 3.43 failed in
compression between the loading points. In the beams with ratio 2.3 shear cracking was more
non-symmetrical, with more and larger cracks at one end of the beam, and beams failed at the
shear span.
Failure that happened between support and the loading point, shear zone, is defined as shear
tension failure or shear compression failure depending which zone cracked [22, 23]. Here we
can notice that beams with ratio 2.3 in the final failure phase cracked always under the loading
points so they had shear compression failure. In beams with ratio 4.0 development of cracks on
a tension shear zone were wide, cracks followed tensile reinforcement, and they even continued
in anchorage area, so they had shear tension failure.
Behavior of beam with ratio 3.43 in beginning matches well with beams with ratio 4.0.
However, due to shear reinforcement this beam had approximately double jump in capacity and
at the end cracking of compression zone between loading point happened. This type of failure
can be defined as bending compression failure [22, 23].
In general, cracking and failure mechanism for beams without web shear reinforcement, which
is typical for NWC, is that crack will appear in the shear span by increasing the load. Owing to
the presence of the shear stresses, they bend towards the axis of the beam. Other secondary
cracks due to stress redistribution may also appear. The development of the diagonal cracks
stops at a certain load level, while the crack propagating into the compression zone. The beam
either collapses simultaneously with the appearance of this diagonal crack or continue to sustain
higher load until crushing the concrete in the compression zone. The term diagonal crack load is
in this work defined as the load when the formation of the specific shear crack happened, which
later develops into shear failure. The load for which the testing beam collapses is the ultimate
load or load carrying capacity [24, 25, 26].
Due to the brittle nature for LWAC it is typical that diagonal cracking load is equal to ultimate
load. However, after formation of diagonal cracks in this experiment beams were able to carry
an increase the loading [26, 27]. The cracks propagated almost horizontally along the tensile
reinforcement and diagonally into the compression zone. In some cases the cracks even passed
the loading point and into the constant moment region. In the final stage, the shear cracks
opened widely together with sliding along of the diagonal cracks and resulted in crushing of the
concrete close to the loading point, see Figure 4. In the beam that contained shear reinforcement
formation of cracks have determined by reinforcement layout and for the certain load level
development of shear cracks is limited and stopped with shear reinforcement. This resulted in
significant increase in capacity and contribute to ductile behavior of the beam. Even this as all
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the tested beams are from lightweight aggregate concrete, this beam was able to withstand
increase of loading in final failure phase.
4.2

Comparison with previous experimental work

Similar tests have earlier been carried out for higher strength concrete classes of normal density
and lightweight aggregate concretes. Table 5 shows a comparison of these tests with the present
investigation tests with a/d = 2.3 and with a/d = 4.0 for the beams without shear reinforcement.
Beam with shear span ratio 3.43 is out of the comparison since this beam contained shear
reinforcement. In all previous investigation the tests conditions were the same, including the rig,
the cross section and the amount and distribution of reinforcement [1,2]. Shear capacity for all
the previously tested beams were calculated according to Norwegian standard NS 3473 [20, 21].
Because of the comparison shear capacity for the beams with shear span ratio 2.3 and 4 was also
calculated according to the same standard and that value was 44.6 kN. Again all the beams
without shear reinforcement have the same capacity since standard in calculation of the shear
capacity do not include the load position.
The concrete types compared with previous investigations are ND65, ND95, LWA75, LWA40
and LWAC_Leca. The ND65 and ND95 concretes had normal density aggregates from Årdal
with maximum aggregate size 16 mm. The mean cylinder strengths of these concretes were 54
and 78 MPa and the dry density was between 2300 and 2350 kg/m3.
The LWA75 concrete had natural sand (0-4 mm) and Liapor 8 (lightweight aggregate [28, 29])
in the coarse fraction from 4 to16 mm. The mean cylinder strength of this concrete was 58 MPa
and the dry density about 1900 kg/m3. The LWA40 had natural sand (0-4 mm) and Leca 700
aggregate (4-16 mm), while LWAC_Leca also had Leca but several fractions (Leca sand (0-4
mm, crushed), Leca sand (2-4 mm, round), Leca 7 (4-8 mm) and Leca 7 (8-12 mm)). The mean
cylinder strengths of these concretes were 37 and 42,7 MPa, and the dry densities about 1600
and 1320 kg/m3, respectively [1]. For all of these concretes capacity was calculated according to
NS3473 (P calc ).
The results of main interest for this comparison is the ratio between the observed shear diagonal
cracking load and calculated capacity and also ratio between obtained failure load and capacity.
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Table 5 - Comparison of the shear strengths for beams with a/d = 2.3 and 4.0, shear capacity is
calculated in accordance with NS3473[20]
Beam/Aggregate
1/Stalite
2/Stalite
ND65/Årdal
ND95/Årdal
LWA75/Liapor 8
LWA40/Leca
LWA_Leca_mix
3/Stalite
4/Stalite
LWA40/Leca
LWA_Leca_mix

a/d
2.3
2.3
2.3
2.3
2.3
2.3
2.3
4
4
4
4

f lc,cyl
[MPa]
67.5
67.5
54
78
58
37
42.7
67.5
67.5
37
42.7

P cr
[kN]
45
44.5
62.2
66.7
47.1
46.6
34.3
36.8
35
38.2
29.4

Pu
[kN]
92.3
127.2
71.6
103.5
126.1
77.9
102.9
44.4
62
38.2
44.1

P calc
[kN]
44.6
44.6
55.1
57.3
52.0
39.3
42.1
44.6
44.6
39.30
42.10

P cr /
P calc
1.01
1.00
1.13
1.16
0.91
1.19
0.81
0.82
0.78
0.97
0.70

Pu /
P calc
2.07
2.85
1.30
1.81
2.43
1.98
2.44
0.99
1.39
0.97
1.05

where a/d is shear span ratio; f lc,cyl -compressive cylinder strength; P cr – load level for first shear crack;
P u – load level of maximum load; P calc – calculated shear capacity acoording to Norwegian standard
NS3473 [20].

For beams with a/d = 2.3, the ratio between shear diagonal cracking load and calculated load
was larger or equal to 1.0 for all concretes except LWA75 and LWA_Leca_mix. This indicates
that they are on the conservative side. For LWA75 and LWAC_Leca_mix, this ratio was less
than 1.0, indicating a higher drop in shear strength than predicted by NS 3473. The ratio
between ultimate load and calculated one for all LWA concretes was almost 2 or higher, which
shows that LWA concretes in general can withstand more loading than predicted by standards.
For normal density concretes, this ratio was lower. In general, it is obvious that shear capacity
calculated by standards is significantly underestimated compared with experimental results.
It can be observed that the ultimate load capacity for the beams 1and 2 with shear span ratio 2.3
was slightly higher than for the beams with normal weight concretes ND65 and ND95. This
result was expected because LWAC concrete with Stalite as aggregate have the same behaviour
as normal weight concrete. Slightly higher ultimate load than for normal weight concrete might
be result of stronger transition zone between the aggregate and the matrix, which result in
cracking development around and trough lightweight aggregate.
The ND65, ND95 and LWA75 concretes were not tested with ratio a/d = 4.0. For beams with
a/d = 4.0, the ratio between shear diagonal cracking load and calculated load for both concretes
tested was below 1.0 – indicating that beams with a/d = 4.0 had a certain drop in capacity [1,12].
The ratio between ultimate load and calculated one for all the beams is around or higher than 1.0
– indicating that standards are applicable for larger shear span ratios. In general, calculation by
standards matches well with experimental results for the beams with ratio 4.0. The same can be
noted from the Table 4 for the beam 5 with ratio a/d = 3.43, where the ultimate capacity
predicted by standard matches well with experimental one.
For tested LWA concrete with Stalite as aggregate, the diagonal cracking load was close to other
lightweight aggregate concretes, while the failure load was higher, especially in the case of
a/d = 4.0.
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In comparison with normal density concretes ND65 and ND95, the diagonal cracking load for
normal concretes was approximately 30% higher, while failure load for LWAC with Stalite was
significantly higher.
Actually, from this experimental investigation from high importance is the fact that after shear
diagonal crack were formed beams can withstand increase of load from 30 to 50 %, which is of
great importance having in mind that here is tested lightweight aggregate concrete. In addition,
by introducing the shear reinforcement in beams with very similar shear span ratio, 4.0 and 3.43,
ultimate capacity will increase and nature of failure differ from shear failure to bending failure.

5.

CONCLUSIONS

For all tested beams in this experiment, the shear stress at inclined cracking of the beams
decreased with an increase in the shear span to effective height ratio (a/d). Cracking propagation
in the tested beams showed that they were more ductile than expected, which should promote
increased investigation and structural use of this type of LWAC. Beam with shear reinforcement
showed significant ductility compared to other tested beams.
For beams with larger shear span ratio (3.43 and 4.0) calculations predicted by standards, match
well with experimental results, while standards underestimate a lot ultimate capacity in beams
with lower sheer span ratio (2.3). Calculation of the shear capacity according to existing
standards do not take into account position of the load, shear span a. Standards just differ
between the beams congaing or not shear reinforcement. According to this experimental
investigation, the design strength for shear in beams and slabs without shear reinforcement
should be based on inclined cracking loads.
Comparison with similar tests on other types of lightweight concretes and normal density
concretes showed the same that the shear stress at inclined cracking of the beams decreased with
an increase in shear span ratio (a/d). For concretes tested in this experiment and in previous
investigation ratio between the load observed at diagonal cracking and the predicted strengths
was in the same range. However, the ratio between observed load at failure and the strengths
predicted was significantly higher for the lightweight concrete used in this investigation.

6.

FURTHER RESEARCH

During this experimental work was observed that the load-carrying capacity of LWAC members
is very similar to that of corresponding ND concrete members. The high strength-to-weight ratio
of LWAC compared to ND concrete means that increased use of the material in structural
applications would be both economical and environmentally friendly. In the continuation of this
project, a better understanding of the ultimate behaviour of LWAC in compression and bending
by varying different reinforcement detailing will be of main interest.
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ABSTRACT
The EC funded project SESBE (Smart Elements for Sustainable Building Envelopes) focused on
utilizing new types of cementitious materials for reducing the mass and thickness of façade
elements while increasing their thermal performance. A method enabling the quantification and
verification of the required anchorage length for a given textile reinforced reactive powder
concrete (TRRPC) is presented. At the material level, tensile tests were conducted to determine
the tensile properties of the reinforcement. Pull-out tests were applied to quantify the required
anchorage length, while uniaxial tensile tests were performed to quantify the ultimate strength
and verify the suitability of the anchorage length at the composite level. The combination of
these methods was deemed useful to determine the overlapping length required for large scale
façade applications.
Key words: reactive powder concrete, textile reinforcement, anchorage, testing.

1.

INTRODUCTION

Within the scope of SESBE (Smart Elements for Sustainable Building Envelopes), funded by
the European Commission, smart façade elements were developed with the goal of being lighter,
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thinner and more adaptive than existing solutions through the utilization of nanomaterials and
nanotechnology [1]. One of the materials developed was a reactive powder concrete (RPC)
formulation with higher amounts of supplementary cementitious materials (SCMs) which was
combined with carbon textile reinforcement for use in prefabricated concrete façades. Increasing
amounts of RPC, often synonymous to ultra-high performance concrete (UHPC), has been used
as a façade material as a result of its inherent high strength and durability [2]. The addition of
textile reinforcement to such a high performance matrix, designated as textile reinforced reactive
powder concrete (TRRPC), enables the drastic reduction of the thickness and weight of precast
façade elements, all while improving the post-cracking behaviour of RPC [3].
This paper aims to present the outcome of an experimental study enabling the quantification and
verification of the required anchorage length for a given TRRPC prescribed for thin façade
elements. The different test methods applied in this study are summarized in Figure 1 along with
their corresponding result output. The tensile properties of the textile reinforcement were firstly
established by means of tensile tests of individual rovings. The required anchorage length for the
composite was quantified using pull-out tests developed specifically for TRRPC. The required
anchorage length for the composite was evaluated according to its ability to reach the tensile
capacity of the roving. Upon determining a suitable anchorage length from these tests, uniaxial
tensile tests were performed to verify the required anchorage length for the composite. The
deformations and crack development were captured during tensile testing of the composite by
means of an optical full-field deformation measurement system based on Digital Image
Correlation (DIC).

Figure 1 –Flow chart of the experimental study.
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2.

MATERIALS

2.1

Reactive Powder Concrete (RPC)

RPC is a variant of ultra-high performance concrete (UHPC) which has a maximum aggregate
size of 2 mm or smaller. It is characterized as having a compressive strength above 120 MPa
and a very low amount of capillary pores. The volume proportions of the RPC mix compared to
common standard concrete and UHPC mixes are exemplified in Figure 2. The complexity of the
RPC mix is such that it consists of six to eight different components; thus, potentially rendering
this mix sensitive to proportioning errors. A summary of the mechanical strength properties
experimentally quantified for the developed RPC mix applied in this study is provided in Table
1. The compressive strength presented is the average of three test specimens, while the other
compressive properties (E-modulus, ultimate strain and Poisson’s ratio) were evaluated directly
from stress-strain relations pertaining to four test specimens. The tensile strength provided
corresponds to the average of eight specimens tested according to direct tensile testing.
Additional details concerning the development of the RPC mix can be found in [3].

Figure 2 – Volume proportions of the reactive powder concrete mix compared to a standard
concrete and UHPC. The illustrated fly ash content of mix RPC-CBI1 includes also the fly ash
from the cement.
Table 1 – Summary of average mechanical strength properties (28 days) for RPC-CBI1 (std.
dev. in parentheses).
Compressive
E-modulus
Ultimate strain Poisson’s ratio Tensile strength
strength
[MPa]

[GPa]

[‰]

[-]

[MPa]

147.2 (2.3)

49.7 (1.7)

3.89 (0.16)

0.216 (0.021)

5.14 (0.48)
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2.2

Textile reinforcement

The inherent high strength of RPC however causes it to be extremely brittle upon cracking due
to a higher amount of stored elastic energy. To mitigate this brittle behaviour for use in façade
elements, textile reinforcement has been incorporated into the matrix to allow for a ductile postcracking behaviour marked by closely spaced fine cracks. The textile reinforcement applied is
an epoxy impregnated carbon textile reinforcement grid (Solidian GRID Q85/85-CCE-21), as
illustrated in Figure 3. Within this project, epoxy coating was found to significantly increase the
bond between the carbon textile and the given matrix.

Figure 3 – Orientation of the carbon textile reinforcement (Solidian GRID Q85/85-CCE-21) (a)
and textile reinforcement embedded in concrete matrix (b).
Tensile tests were applied to quantify the tensile properties of the textile reinforcement, so-tosay tensile strength, modulus of elasticity and ultimate strain. It is important to quantify the
fundamental mechanical properties of the textile reinforcement to be able to further characterize
the composite behaviour at different levels. The tests were performed according to ISO 10406-1
[4]. The tensile properties were determined for rovings in the longitudinal direction (90°) and
the transversal direction (0°) of the carbon grid panel, as per Figure 3. A total of seven
specimens, configured according to Figure 4 (a), were tested for each orientation to obtain a
representative average behaviour.
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Figure 4 – Tensile test specimen configuration (a) and overview of tensile test setup (b).
The tensile tests were carried out in an electro-mechanical testing machine (Sintech 20/D) and
the deformation was measured by a video extensometer (Messphysik ME46) with backlight
technique as illustrated in Figure 4 (b). The load was introduced to the free end of the roving by
gripping the end anchorage (100 mm steel tube filled with epoxy) in the conventional hydraulic
grip of the testing machine. The free length of the specimen, L, was 400 mm and the
measurement length, L g , was 100 mm. The tests were controlled by the cross-head displacement
of 3 mm/min.
The tensile strength, f u , and Young’s modulus, E, were evaluated from the test results, assuming
the nominal roving area to be equal to that specified by the producer of A roving = 1.81 mm2.
Furthermore, Young’s modulus was calculated from the stress-strain relation as the secant
modulus between the load level at 20 % and 50 % of the tensile capacity. A summary of the
average mechanical tensile properties is given in Table 2.
Table 2 – Summary of average tensile properties of the carbon textile grid (std. dev. in
parentheses).
Textile roving Roving area Tensile strength
Ultimate
Young’s
direction
strain
modulus
[°]

A roving [mm2]

f u [MPa]

ε u [%]

E [GPa]

90
0

1.81
1.81

3433 (212)
3878 (212)

1.44 (0.10)
1.52 (0.06)

233 (15)
248 (5)

3.

PULL-OUT TESTS

3.1

General

Pull-out tests are commonly applied to determine the bond behaviour between reinforcement
and a concrete matrix, as well as to quantify required anchorage length (overlapping length)
which are relevant for upscaling of textile reinforced concrete. Characterizing the bond
behaviour is critical to be able to understand the complex composite behaviour of this composite
material. In principle, force transfer between the textile reinforcement and concrete is
effectuated by adhesion and friction. In addition, there will be force transfer due to mechanical
locking at the intersection between longitudinal and transversal rovings. The load transfer
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between the filaments enclosed in the roving will occur either based on adhesion or friction
depending on the quality of the bond or so-called fill-in zone of concrete within the
reinforcement roving. The fill-in zone can be defined as the depth at which adhesive load
transfer can take place between the filaments and the matrix. The inner zone, i.e. core, is defined
as the filaments having less contact with the matrix but assuming that frictional load transfer
between the filaments remains possible [5]. In this particular case, there is an epoxy coating
surrounding the carbon roving which appears to solely cover the outer edge of the roving which
does not particularly allow for concrete penetration into the roving. Furthermore it is presumed
that this coating slightly increases the cross-section of the roving but not necessarily the contact
of fibres within the roving.
To simplify the understanding and analysis of the pull-out test results, three main stages of stress
transfer occurring between the concrete matrix and textile reinforcement are characterized after
Mobasher [6] and Richter, Lepenies, et al. [7], see Figure 5. Stage I (Elastic) corresponds to the
linear response thus signifying perfect bond between reinforcement and matrix (i.e. adhesive
bond). Stage II (Non-linear) takes into consideration the pre-peak zone which consists of the
initial partial debonding (external filaments) and spreading of debonding along the embedded
length. This stage also includes the post-peak zone which is marked by the successive
debonding until the entire embedded length is debonded. Stage III (Dynamic) refers to the
individual filaments sliding out dynamically (i.e. due to frictional bond).

Figure 5 – Idealized pull-out load-slip response of embedded textile reinforcement in concrete
(Adopted from [6]).
3.2

Test description

Single sided pull-out tests were performed on rectangular specimens reinforced by one layer of
textile reinforcement according to that illustrated in Figure 6. The embedment length, L e, was
demarcated by cutting away the centrally located roving submitted to pull-out at the edge the
anchorage length, L a . Accordingly, the total length of the specimen was dependent on the
prescribed embedment length. The anchorage length and the free end length, L r , remained
constant in all specimens. In this study, the variation of the embedment length was selected
based on the centre-to-centre grid spacing of 21 mm. Three specimens were tested for each
embedment length variation studied: 1) “2G”, L e = 42 mm, 2) “3G”, L e = 63 mm and 3) “4G”,
L e = 84 mm. The test specimens were cast in plywood formwork which allowed for the centric
positioning of the carbon textile grid within the cross-section. The specimens were covered by
plastic and demoulded after 24 hours. The specimens were cured in a climate room (20°C, 60 %
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RH) for approximately 21 days and then placed in an indoor laboratory environment to conduct
further test preparations.

Figure 6 – Single sided pull-out test specimen geometry and configuration (dimensions in mm).
The pull-out tests were carried out using an electro-mechanical universal testing machine
(Sintech 20/D) shown in Figure 7 (a). The load was introduced to the free end of the roving by
gripping the end anchorage (100 mm aluminium tube filled with epoxy) in the conventional
hydraulic grip of the testing machine. The anchorage length of the specimen was clamped
between two stiff steel plates of clamping devices attached to the testing machine. The tests
were controlled by the cross-head displacement of 1 mm/min with a data sampling rate of 10
Hz. A video extensometer (VE) technique (Messphysik Video Extensometer ME46 with pattern
recognition) was used to measure the active end-slip of the reinforcement relative to the
concrete end, as exemplified in Figure 7 (b).

Figure 7 – Pull-out test setup (a) and images of active end-slip measured by a video
extensometer technique with indicated references points (Ref 1 and Ref 2)(b).
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3.3

Results

To analyse the pull-out test results, the maximum load is plotted against the embedment length
in Figure 8. It can be observed that a distinct increase in the maximum load was observed as the
embedment length increased. As well, the failure mechanism also transitioned from pull-out to
textile rupture. Textile rupture generally occurred when the maximum load exceeded that of the
tensile capacity of the carbon roving to be approximately 6.21 kN (std dev, σ = 0.38) in the
orientation of 90°. The maximum load for two grid spacings (2G) was 3.87 kN (std dev, σ =
0.37), 5.13 kN (std dev, σ = 0.37) for three grid spacings (3G) and 6.05 kN (std dev, σ = 0.81)
for four grid spacings (4G). It is thought that the deviation in results and failure mode noted for
the 4G specimens could have been caused by material variability or underlying load
eccentricity. Overall, the embedment length corresponding to the 4G specimens was found to be
a suitable anchorage length since textile rupture was generally achieved.

Figure 8 –Failure mechanisms observed with respect to maximum load and embedment length.
Moreover, the results from the VE measurements were analysed to capture the stress in the
pulled roving as well as its active end-slip. The VE measurements for each specimen variation
are depicted in Figure 9. The reinforcement stress was calculated by dividing the force by the
cross-sectional area of one roving. The active end slip of the roving being pulled-out of the
specimen was measured between two predefined reference points along the exposed roving
(measurement length = 15 mm). It can be seen that the elastic part of the curve, denoted by
Stage I, has a relatively similar slope for all cases. At the end of Stage II, the so-called post-peak
region, the slope of the curve increases as the overlap increased from two to four grid spacings.
This phenomenon could be explained by the fact that the successive debonding of the roving
occurred at a faster rate due to a presence of higher bond stresses, which in turn also resulted in
less roving pull-out and/or rupture in Stage III.
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Figure 9 – Roving stress versus active end-slip based on VE measurements with indicated stages
for 2 grid spacings (a), 3 grid spacings (b) and 4 grid spacings (c).

4.

UNIAXIAL TENSILE TESTS

4.1

General

To illustrate the possible enhancements of the tensile behaviour of RPC by incorporating textile
reinforcement, a parallel is drawn between the tensile behaviours of concrete/mortar and textile
reinforced concrete in Figure 10. The brittle behaviour of the concrete/mortar succeeding first
cracking (Stage I) is eliminated in the case of TRC due to the fact that the tensile stresses are
transferred to the textile reinforcement. The initial stress transfer from the matrix to the textile
causes a series of load jumps marked by a minimal increase in stress level (Stage IIa). The
stabilization of cracking eventually takes place in Stage IIb, whereby a so-called strain
hardening phenomenon causes a notable stress and strain increase until reaching a form of
failure mechanism, i.e. rupture of roving, pull-out or a combination (Stage III).
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Figure 10 – Expected tensile behaviour of textile reinforced concrete.

4.2

Test description

The tensile behaviour of thin textile reinforced RPC panels was characterized using uniaxial
tensile tests in accordance with the recommendation of RILEM TC 232-TDT [8] along with
Digital Image Correlation (DIC) measurements. Rectangular panel specimens (700 x 100 x 25
mm) reinforced by two layers of textile reinforcement were tested with and without a centrically
placed overlap splice in the reinforcement grids as per Figure 11. The overlap was prescribed
according to the most suitable anchorage length determined by the pull-out tests (4G). Three
specimens were tested for each variation, denoted RPC-(1-3) for reference samples and RPCO(1-3) for overlap samples. The panels were cast in plywood formwork, covered by plastic and
demoulded after 24 hours. Thereafter, the specimens were cured in a climate room (20°C, 60 %
RH) until a few days prior to testing in order to allow for surface preparation.

Figure 11 –Specimen configuration with reinforcement placement and prescribed overlap in
cross-section.
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The ends of the specimen were clamped between two stiff steel plates, shown in Figure 12 (a),
within the clamping length before testing in an alignment frame to ensure centric loading. Thin
neoprene rubber sheets were used in the contact areas to avoid local stress concentrations. All
overlapping concrete edges and local unevenness in the contact area were removed with a
grinder before clamping. The clamping length was set to 150 mm and the clamp bolts were
tightened with a torque of 20 Nm. The free length between the two clamping devices was set to
approximately 400 mm. The clamping devices were thereafter hinged connected to the testing
machine, as per Figure 12 (b). These tests were carried out using the same testing machine as
applied for the pull-out tests, and were controlled by the cross-head displacement of 0.5 mm/min
until reaching approximately 25 % of the maximum load which generally took place at the
fringe of the crack stabilization phase. The loading scheme was then adjusted to 1.0 mm/min
until approximately 40 % of the maximum load and thereafter to 2.0 mm/min for the remaining
of the test. The load and cross-head displacement were recorded in a data acquisition system
with a sampling rate of 25 Hz.

Figure 12 – Alignment frame for the panels (a) and uniaxial tensile test setup (b).
The deformations and crack development were recorded on one side of the specimen during
testing by the use of the optical full-field deformation measurement system ARAMIS TM 12M by
GOM [9]. The system uses a measurement technique based on DIC with a stereoscopic camera
setup, consisting of two CCD-cameras with 12 Mega pixel resolutions. In this study, the system
was calibrated for a measurement volume of approximately 400 x 300 x 300 mm3. The speckle
pattern was achieved by first applying white retro-reflective paint as a background on the
sample followed by applying lightly speckled black stains using a spray-paint. To obtain high
contrast levels, the specimen was also illuminated by a white LED light panel during testing. An
image captured frequency of 1 Hz was used while the load and displacement from the testing
machine were simultaneously recorded in the ARAMIS system. A facet size of 30 x 30 pixels
and a ten-pixel overlap along the circumference of each facet were chosen. For the system setup
employed, this corresponds to a spatial resolution of approximately 3 x 3 mm. The coordinate
measurement accuracy was better than 1 μm.

84

4.3

Experimental results

Load versus global displacement relationships obtained from the uniaxial tensile tests are
presented in Figure 13 for RPC and RPCO specimens, respectively. In this case, the global
displacement represents the displacement of the cross-head. The tensile results are summarized
in terms of first cracking and maximum load properties for all tested specimens in Table 3,
while the roving stress was based on the singular roving area multiplied by the number of
rovings in the cross-section.
Table 3 – Summary of uniaxial tensile test results
Specimen ID
1st crack

RPC-1
RPC-2
RPC-3
Avg. (std. dev.)
RPCO-1
RPCO-2
RPCO-3
Avg. (std. dev.)

Max. load

Roving stress at
max. load

P cr,1 [kN]

σ cr,1 [MPa]

P max [kN]

σ roving,max [MPa]

5.6
6.0
8.3
6.6 (1.5)
6.2
4.5
4.9
5.2 (0.4)

2.4
2.5
3.7
2.9 (0.7)
2.9
2.0
2.3
2.4 (0.4)

64.4
58.0
63.4
61.9 (3.5)
51.0
46.3
53.4
50.2 (3.6)

3560
3202
3503
3422 (193)
2815
2555
2949
2773 (200)

Figure 13 – Tensile load versus global displacement for reference RPC panels without overlap
(a) and RPCO panels with overlap (b).
The uncracked specimen has a relatively stiff and linear behaviour up until first cracking which
is assumed to have taken place upon reaching the tensile strength of the concrete at an average
load of 6.6 kN amounting to a tensile strength of 2.9 MPa. After first cracking, multiplecracking marked by a series of load jumps with minimal load increase took place. The crack
initiation generally occurred at the location of a lateral roving which introduced a stress
concentration in the cross-section. It can also be noted that the size of the load jumps during the
initial multiple-cracking phase are smaller for RPCO specimens, which could partly signify that
there was a superior bond between the matrix and the textile or could be a result of the
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additional overlap reinforcement. The crack formation eventually stabilized and was marked by
a noticeable gain of stiffness said to be governed by the properties of the textile reinforcement;
which is often described as a form of strain hardening.
The maximum load, P max , was approximately 19 % lower for the RPCO specimens because the
stress in the reinforcement never reached the tensile strength of the carbon textile grid. Instead,
failure was generally marked by concrete spalling in the central zone of the specimen at the
location of the overlap. The RPCO specimens were found to be more susceptible to spalling
particularly in the overlap region due to the fact that the localized cover thickness was
minimized as a result of the inclusion of a slightly greater amount of reinforcement in the
overlap. Nevertheless, the overall tensile behaviour of the RPCO specimens is highly
comparable to that of the reference RPC specimens in terms of stiffness, bond strength and the
extent of crack formation.

4.4

Optical deformation measurements

The load versus global displacement relationship along with DIC measurements obtained from
the uniaxial tensile tests is typified in Figure 14 for two specimens, RPC-1 (reference) and
RPCO-1 (overlap). From this figure, it is possible to follow the formation of individual cracks
represented as major strain overlays from the DIC measurements. Both specimens achieved
comparable ultimate strength values and multiple cracking across the free zone of the
specimens. Since cracks propagated within the overlap region for RPCO-1, this is an indication
that the prescribed overlap of 4G (L e = 84 mm) is suitable when introduced in the composite.

Figure 14 – Tensile load versus global displacement for RPC-1 reference panel (a) and RPCO1 overlap panel (b). The crack propagation is presented above the graphs by means of major
strain overlays from the DIC measurements.
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Strain fields can clearly highlight even small discontinuities at the surface of the specimen and it
can be noted that multiple fine cracks propagated across the sample’s free zone during loading.
The free zone is measured from the bottom of the specimen above the clamp (position of 0 mm)
to the top of the specimen below the clamp (position of 400 mm), as illustrated in Figure 11.
However, in reality the strains across a strong discontinuity related to a crack are infinite, which
means that a crack cannot be properly described in terms of strain. Instead, the crack opening
and crack path can be quantified by analysing the displacement discontinuities associated with a
crack. Contour plots of the longitudinal displacement after formation of all main cracks at a load
level of 20 kN are shown in Figure 15. Furthermore, details pertaining to the displacement
profile along the specimens (highlighted sections lines) are shown in the accompanying
displacement versus position diagrams. The crack opening displacement can be defined as the
displacement difference between the two crack faces, which approximately corresponds to the
displacement jumps in the section line profiles. The position of the crack is defined by the midpoint between the crack faces. From the displacement profiles shown in Figure 15, it can be
noted that the crack development was similar for all specimens. The main cracks appeared at an
average spacing between 25 and 35 mm and that the crack opening displacement at 20 kN was
in the range of 0.05 mm to 0.2 mm. According to this observed crack pattern, it can be stated
that there is good bond strength between the textile and the matrix such that the stress transfer
length is minimal and somewhat related to the textile grid spacing.

Figure 15 – Contour plots of the longitudinal displacement and displacement profile along the
free length of the specimens at a load level of 20 kN.
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5.

CONCLUDING REMARKS

Linking test methods on the material and composite levels has been shown to adequately
quantify and verify the anchorage length required for the developed TRRPC material. An
anchorage length amounting to four grid spaces (84 mm) was found to be suitable for the given
composite to achieve adequate load transfer across a reinforcement overlap splice. Optical
deformation measurements via DIC proved to be an advantageous method to follow the
individual crack formation and quantify comprehensive displacement measurements during
specimen loading. Ultimately, the overlapping length quantified in this work appears to be
suitable for further implementation on a larger scale such as in precast concrete façade elements.

ACKNOWLEDGEMENTS
The SESBE project was supported by the European Commission within the Framework
Programme 7 under the Grand Agreement no. 608950. The authors would like to thank the
European Commission for funding the project and making this work possible.

REFERENCES
1.
2.

3.

4.
5.

6.
7.

8.

9.

SESBE Smart Elements for Sustainable Building Envelopes: http://www.sesbe.eu/, 2017.
Mueller U, Meng B, Kühne H-C, Nemecek J, Fontana P: “Micro texture and mechanical
properties of heat treated and autoclaved Ultra High Performance Concrete (UHPC),”
Proceedings, 2nd International Symposium on Ultra High Performance Concrete, Kassel,
Germany, Kassel University Press, 2008, pp. 213-220.
Mueller U, Williams Portal N, Chozas V, Flansbjer M, Larazza I, da Silva N, Malaga K:
“Reactive powder concrete for façade elements – A sustainable approach,” Journal of
Façade Design and Engineering, Vol. 4, 2016, pp. 53-66.
ISO 10406-1: “Fibre-reinforced polymer (FRP) reinforcement of concrete – Test methods.
Part 1: FRP bars and grids”. International Organization for Standardization, 2008.
Hartig J, Häußler-Combe U, Schicktanz K: “Influence of bond properties on the tensile
behaviour of Textile Reinforced Concrete,” Cement and Concrete Composites, Vol. 30,
No.10, 2008, pp. 898-906.
Mobasher B: “Mechanics of fiber and textile reinforced cement composites,” CRC press,
2012.
Richter M, Lepenies I, Zastrau B W: “On the influence of the bond behaviour between
fiber and matrix on the material properties of textile reinforced concrete,” International
symposium of anisotropic behaviour of damaged materials, 2002, pp. 1-24.
RILEM TC 232-TDT (Brameshuber W): “Recommendation of RILEM TC 232-TDT: test
methods and design of textile reinforced concrete – Uniaxial tensile test: test method to
determine the load bearing behavior of tensile specimens made of textile reinforced
concrete,” Vol. 49, No.12, 2016, pp. 4923-4927.
GOM: “GOM Correlate Manual Basic, GOM optical measuring techniques,”
Braunschweig, Germany, 2015.

88

89

Fire Spalling of High-Performance Basalt Fibre Concrete
Ali Mohammadi Mohaghegh
Licentiate, PhD Candidate
Department of Ocean Operations and Civil Engineering
NTNU-Ålesund
P. O. Box 1517, N-6025 Ålesund
Corresponding author: ali.m.mohaghegh@outlook.com
Johan Silfwerbrand
Professor
Department of Civil and Architectural Engineering
KTH Royal Institute of Technology,
SE-100 44 Stockholm
Vemund Årskog
Associate Professor
Department of Ocean Operations and Civil Engineering
NTNU-Ålesund
P. O. Box 1517, N-6025 Ålesund
Robert Jansson McNamee
PhD
Research and Development Manager at
Brandskyddslaget AB
Långholmsgatan 27,
SE -117 33 Stockholm

ABSTRACT
The use of Macro Basalt Fibre Concrete (MBFC) for structural
purposes is increasing in the Norwegian market. However, findings
on properties related to fire spalling are scarce in the literature.
Motivated by this, the authors present the results of a pilot
experimental study on fire spalling properties of two types of basalt
fibre concrete. The study results show that basalt fibres cannot
prevent high-performance concrete (HPC) from fire spalling.
Nonetheless, the comparison of the average spalling values
indicates that use of basalt fibres probably does not increase the
spalling propensity of the tested materials.
Keywords: Macro basalt fibres, chopped basalt fibres, highperformance concrete (HPC), fire spalling.
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1.

INTRODUCTION

Basalt fibre concrete has been considered as an interesting alternative for marine concrete
structures. The reason is its unique combination of good mechanical and durability properties
[1-4]. Mechanically, macro basalt fibre concrete works as steel fibre concrete by providing loadcarrying capacity after cracking, ductility and crack control. One shortcoming regarding steel
fibres are that they corrode in harsh marine environments. Basalt fibres have, however, proved
to be resistant to degradation in marine environments [1, 4].
When micro-cracks appear on the concrete surface due to fire exposure, followed by explosive
flaking of materials from the concrete surface, the concrete loses its strength and integrity [5-7].
This phenomenon that occurs due to continuous heating is called fire spalling [6, 7]. Dependent
on the intensity of the fire and the exposure time, the spalling can reduce the cross section of a
concrete element and may lead to a structural collapse [8, 9].
Dense concrete may spall in moist conditions if subjected to fire [10-13]. Furthermore, external
forces can also increase the fire spalling tendency of concrete [5, 9, 14]. Fibres have shown to be
effective in reducing or even preventing spalling, but the effect is dependent on the fibre
material [15]. Whereas steel fibres have demonstrated only a minor influence on spalling,
polypropylene fibres have shown a significant effect [16-18]. The difference is due to the fibre
behaviour at different fire temperatures. There are different arguments pertaining to the effect of
steel fibres on fire spalling of high-performance concrete [17]. However, in the majority of
studies, the addition of steel fibres shows only a minor beneficial effect on fire spalling of
concrete [19, 20]. Polypropylene fibres melt in the interval from 160°C to 170°C, which has
very beneficial effects on the spalling behaviour when the temperature continues to rise [17, 21].
In the literature, it seems that the mechanism of fire spalling is not entirely understood [22, 23].
Several theories are discussed by the research community, but the simplest explanation is that
the melting polypropylene fibres are absorbed by the cement matrix provide channels in which
the overpressure of the heated vapour can escape [24-26]. The overpressure is regarded as the
main course of spalling [14].
Swedish Concrete Association developed a design guideline to prevent civil engineering
concrete structures from fire spalling. This guideline has been developed based on the studies
performed during 2004-2008 [12]. The guideline recommends the use of polypropylene fibres as
an economical solution to prevent the concrete structures from fire spalling. The amount of
recommended polypropylene fibres depends on the risk of fire, the economic and social effect of
the fire, water-binder ratio, and the powder content of concrete mixes [12]. Thereby, the
recommended content of polypropylene fibres varies between 1 and 1.4 kg/m3 [12]. Other
European countries also developed their national guidelines to ensure the structural performance
of concrete in fire [27]. For the structural protection of road tunnel lining during a fire, German
guideline recommends using a volume content of 2 kg/m3, 16-20 μm polypropylene fibres [27].
There are only limited studies that have been performed on the behaviour of basalt fibre
composites exposed to fire. Bhat et al. [28] performed a comparative investigation on the effect
of direct fire exposure on basalt and E-glass fibre vinyl ester composites. They found that the
degradation starts with softening of vinyl ester at its glass transition temperature of 120°C. Then
the process continues with the decomposition of the matrix at a temperature of 350°C-450°C.
Finally, fibre softening leads to tensile failure of composites.
The macro basalt fibre is a two-component product where the basalt material is encapsulated by
a vinyl ester resin [29]. Based on the study performed by Bhat et al. [28], the basalt vinyl ester
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composites show degradation through a softening and decomposition process when it is exposed
to direct fire. However, the behaviour of basalt fibre composite in a concrete matrix when it is
indirectly subject to fire is not known. The softening and decomposition of the composite may
enable the fibres to improve the fire resistance of concrete analogous behaviour to that the
melting of polypropylene fibres does. Another beneficial effect might be that the fibres keep
cracked parts stay in place acting as a thermal shield.
As indicated above, the current application of basalt fibre concrete is marine structures. They are
subjected to a very harsh environment. In order to resist the harsh environment, the concrete
should be dense which in turn implies a low water-binder ratio. In this pilot study, fire tests were
carried out on basalt fibre concrete designed for marine environments. Previous fire tests have
shown that the spalling increases with decreasing water-binder ratios and that the demands on
measures to prevent spalling will be more challenging [6, 9]. Consequently, any beneficial effect
of basalt fibres may be more difficult to identify in low water-binder ratio concrete than in
normal grade concrete mixes. This is, however, outside the scope of this paper.

2.

RESEARCH SIGNIFICANCE, AIMS AND SCOPE

The benefit of using polypropylene fibres to reduce fire spalling is a well-established approach
[5, 30]. The research and development of new construction materials is an ongoing process. The
use of recently developed macro basalt fibres for structural applications is growing. However,
based on our knowledge, the behaviour of basalt fibre concrete during fire exposure has not
been subject to intensive study. Motivated by this insight, the aim of this work is to investigate
the fire spalling behaviour of high-performance basalt fibre concrete. The study, presented in
this paper, includes an experimental approach to assess the fire-spalling behaviour. Considering
the limited budget of our study, it can be labelled a pilot study.

3.

EXPERIMENTAL WORK

3.1

Materials, mix proportioning and mixing process

FA-cement (CEM II/B-M 42.5 R) produced by Norcem Company, and un-densified micro silica
(Elkem micro silica Grade 940) were used as the main binder. The Mapei Dynamon SX-23
superplasticizer was used as the only additive in the mix (air entraining agent was not used).
12.7 mm chopped basalt fibres and 43 mm macro basalt fibres produced by ReforceTech
Company were used. Three sizes of aggregates from a granite source were used in the concrete
mixture; Figure 1 shows the proportion of used aggregates. Table 1 shows the composition of
the concrete mixtures. As can be seen, the water-binder ratio was 0.34. The reference sample
(MIX-0-R) is without fibres and the samples MIX-0.5-C and MIX-0.5-M contain a 0.5-volume
percentage of chopped fibres and macro fibres, respectively. A laboratory pan mixer with a
maximum capacity of 50 litres was used for the mixing procedure.
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Figure 1 - Proportions of used aggregates.

Table 1 - Concrete mix proportions.
Specimen
Code

Cement
(kg/m3)

Silica
(kg/m3
)

Filler
(kg/m3
)

Sand
(kg/m3)

Gravel
(kg/m3
)

Water
(litres)

Super
plasticize
r
(kg/m3)
7.91
7.91
7.91

495.63
63.19
161.1
1066.61 419.32
190
MIX-0-R
495.63
63.19
159.73 1057.73 415.83
190
MIX-0.5-C
495.63
63.19
159.73 1057.73 415.83
190
MIX-0.5M
1
B is the abbreviation for the binder content of the mix including FA-cement and silica.

Fibre
(kg/m3)
[%]

W/B1

[0]
10.5 [0.5]
10.5 [0.5]

0.34
0.34
0.34

3.2
Testing procedure
The experimental programme consisted of three concrete slabs including one reference sample
without fibres and two specimens with 0.5 percent of macro and chopped basalt fibres,
respectively.
Based on the size of the furnace, three samples with the dimension of 500×600×200 mm
including a ring of reinforcement located in the cold rim of the specimen to reduce the cracking
were cast. Figure 2 shows the reinforcement mesh and the rebars sizes; it ought to be mentioned
that the rebars of the steel reinforcement ring were welded. Furthermore, to measure the
compressive strength of concrete, five standard cube samples with side length 100×100×100
mm for each concrete recipe were cast. According to earlier studies [6], it is worth mentioning
that the results of this small-scale testing only give an indication of the fire spalling of other
types of concrete cross-sections. The results could, therefore, be different from more realistic
sample sizes and loading conditions [6].
Before conducting the fire test, all the samples were stored for 28 days in water and 37 days
outside of water at room temperature (approx. 18°C), see Figure 3. The temperature of the water
was also approximately 18°C. To evaluate the compressive strength, three cube specimens for
each concrete type were tested at the age of 28 and 65 days.
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Figure 2 - Geometry of concrete specimens.
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Figure 3 - Samples stored in water.
The furnace has an internal space of 500×400×525 mm and an opening area of 500×400 mm,
see Figure 4 [31, 32]. The furnace temperature rise measured with a one millimeter shielded
type K thermocouple was regulated using a gas flow control based on the standard timetemperature curve as described in the Eurocode [31], see Figure 6. Table 2 shows the different
time-temperature fire curve equations defined in the Eurocode 1 [33]. After conducting the tests,
the spalling was measured in ten points of the exposed concrete surface. The sampling area was
selected in the middle part of the exposed area where the spalling was the highest. Figure 5
shows the sampling area.

Figure 4 - Testing furnace (SP-setup).
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Figure 5 – Sampling area.
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200
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0
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5
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10

15
MIX-0.5-C

20
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Time (min)
MIX-0.5-M

30

35

40

45

Standard time-temprature EN 1991-1-2

Figure 6 - Furnace temperature rises during the fire-spalling test.
Table 2 - Time-temperature fire curves, from [7, 33].
Type

Mathematical equation1

Standard Fire
𝛩𝛩 = 𝛩𝛩0 + 345 log(8𝑡𝑡 + 1)
Hydrocarbon Fire
𝛩𝛩 = 𝛩𝛩0 + 1080(1 − 0.325𝑒𝑒 −0.167𝑡𝑡 − 0.675𝑒𝑒 −2.5𝑡𝑡 )
External Fire
𝛩𝛩 = 𝛩𝛩0 + 660(1 − 0.687𝑒𝑒 −0.32𝑡𝑡 − 0.313𝑒𝑒 −3.8𝑡𝑡 )
1
where t is time (minute), Θ 0 (°C) ambient temperature and Θ (°C) is gas temperature in furnace or close to
member.
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4.

RESULTS AND DISCUSSION

The mechanical properties, including the average compressive strength and bulk resistivity of
concrete cube samples at the age of 28 and 65 days, are presented in Table 3. The results
indicate that there are only minor differences between the bulk densities of the concrete samples.
The results also show that the specimens reached a compressive strength higher than 100 MPa
after 65 days. The bulk resistivity of macro fibre concrete specimen (MIX-0.5-M) shows a
slightly lower value. The bulk resistivity presented is an indication of concrete specimens’
durability [34, 35].
Table 3 – Mechanical and physical properties of concrete mixtures.
Specimen
Code

Bulk wet
density
(kg/m3)
2416
2411
2428

Bulk resistivity
(Ω.m)

434.3
MIX-0-R
446
MIX-0.5-C
380
MIX-0.5M
1
Average compressive strength of concrete at the age of 28 days.
2
Average compressive strength of concrete at the age of 65 days.
3
The values in [] show the standard deviation.

f cm 1 (MPa)

f cm 2 (MPa)

94.9 [1.7]3
88.5 [4.3]
93.2 [1.4]

114.5 [2.2]
117.5 [1.7]
121 [1.1]

The spalling of concrete specimens started when the furnace temperature reached 500°C to
600°C. The progressive flaking of concrete continued during the experiment. The spalling
depths were measured after the experiments were completed. The measured values were used as
the main parameter for the comparison. The test results do not show any large effect of the
basalt fibres on the degree of fire spalling. The average spalling depth was approximately equal
for both basalt fibre concrete and the reference concrete mix.
However, the study on the contours of the spalled surfaces is interesting. Figure 7 shows the
counter plots of concrete spalling and Figure 8 shows the boxplot diagram of the samples fire
spalling depths.
We observe that the spalling seems to be less in some regions of the macro basalt fibre concrete
specimen than in corresponding areas in the reference concrete slab. A comparison between the
average values of spalling depth shows that the sample containing chopped basalt fibre has the
highest spalling value. Figure 9 shows the specimens after fire exposure. As can be noticed, in
the first two samples the steel rebars are exposed while the rebars in the third specimen are still
covered by concrete. However, since only one sample of each concrete recipe was tested, it
cannot be taken as a rule for the distribution of spalling areas. Figure 10 shows the concrete
pieces which are connected to the concrete specimen after fire by means of macro fibres.
The visual inspection of the tested specimen shows that the effect of using macro basalt fibres
on fire spalling behaviour of the specimens is not significant. The macro basalt fibres in the
concrete matrix, when exposed to fire, may behave similarly to the basalt composite in the study
performed by Bhat et al. [28]. However, if this assumption is correct, it means that the cement
matrix cannot absorb the outcome of the decomposition process or the effect was too small to be
comparable to that of the polypropylene fibres.
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Figure 7 - Contour plot of spalling in concrete samples (in cm).
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Figure 8 - Box-plot diagram of the fire spalling depth in cm.
The results were also compared via a statistical ANOVA analysis. This analysis has limitations
as the natural variation from multiple tests was not investigated are not included, and the use of
only 10 measurement points on the surface includes one more random factor. Despite these
limitations, it is interesting to determine the differences between the test specimens. The
analysis was conducted at the level of significance α = 0.05. The result indicates that at this
significance level, the difference between the spalling depth of reference specimen and basalt
fibre concrete samples is negligible. As can be seen in Figure 7, only the middle section of the
exposed area was used for the data sampling. This leads to a conservative statistical analysis
result.

Figure 9 - The concrete samples after exposure to fire. (A) represents MIX-0-R, (B) MIX-0.5-C
and (C) MIX-0.5-M.

99

Figure 10 - The concrete pieces are still connected to the main specimen via macro fibres after
fire exposure.
High-performance concrete (HPC) is very dense and more prone to fire spalling than
conventional concrete. The focus of this study was to characterize the fire spalling properties of
high-performance basalt fibre concrete, aimed for marine structures. As stated in the
introduction section, spalling increases with decreasing water-binder ratios. The test results from
this concrete mix with a water-binder ratio of 0.35 might, therefore, not be representative for
concrete with higher water-binder ratios. The conventional concrete is still widely used for other
applications. Tests with other water-binder ratios would, therefore, be desirable.
It would also be interesting to conduct a comparative study where the fire spalling of concrete
mixes with basalt fibres, steel fibres, and polypropylene fibres could be investigated.
Last but not least, it ought to be mentioned that although a clear beneficial effect of the basalt
fibres was not identified, the outcome still has a positive part. Since we still do not know,
exactly how concrete behaves under fire conditions, we cannot take for granted that we can mix
new materials into the concrete without any detrimental effects. Despite the limited number of
specimens, the authors conclude that macro basalt fibres in percentages used in this study do not
have any detrimental effect on the resistance against fire spalling compared with an equivalent
concrete mix without fibre addition.

5.

CONCLUSIONS AND FUTURE STUDIES

In this paper, the fire spalling properties of basalt fibre concrete were investigated via a pilot
experimental program. The effect of two types of basalt fibres on the fire spalling of highperformance concrete was investigated. The experimental investigation was conducted on three
concrete slabs and 15 corresponding standard cube samples. The following conclusions can be
drawn from the results:



Based on one single test and 10 measured spalling depths on each slab, a statistical
analysis was performed at the level of significance α = 0.05. The difference of spalling
depth values of macro basalt fibre concrete and the reference concrete was negligible.
The addition of a 0.5-volume percentage of chopped fibres or macro fibres, both made of
basalt, are not likely to prevent the high-performance concrete from fire spalling.
However, the addition of basalt fibres did not give any detrimental effect on fire spalling
either.
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The good structural properties of macro basalt fibres and the effect of polypropylene
fibres in reducing the fire spalling is well-known. It may be possible to enhance both
structural properties and fire spalling by using a hybrid fibre reinforced concrete.
Thereby, the authors suggest further investigation on fire spalling properties of hybrid
fibre concrete made of macro basalt fibres and polypropylene fibres.
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ABSTRACT
This paper addresses the flexural behaviour of medium-strength,
and high-performance concrete (HPC) reinforced with macro fibres
made of basalt fibre reinforced polymer (BFRP) with the intended
use for marine applications. Mechanical properties of the fibre
concrete were studied through an experimental programme
consisting of 18 beam specimens and 45-cylinder samples. In this
study two types of concrete were used; medium-strength and highperformance concrete with the compressive strength of
approximately 60-75 MPa and 90-105 MPa, respectively. The
aspect-ratio of the used fibres were 65 and 83, respectively. The
experimental results show that the post-cracking properties of
macro basalt fibre concrete is a function of the fibre volume
content.
Keywords: Macro basalt fibres, high-performance concrete (HPC),
flexural behaviour, toughness, ductility, durability, marine
structures.

1.

INTRODUCTION

For more than a century concrete has been used as a construction material. However, due to its
low tensile strength and brittle nature, it traditionally needs to be reinforced with steel bars to
meet the structural requirements for concrete structures [1]. For several decades, fibres have
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been used to enhance the structural properties of concrete [2-5]. Previous studies indicated that
fibres could significantly improve the structural properties of concrete [2-8]. Fibres increase the
residual tensile strength of concrete by bridging over the cracks and preventing the cracks to
grow [2, 9]. Therefore, due to the enhancement of tensile capacity, fibres can be used as an
alternative to rebars.

1.1

The corrosion problem

Finding environmental friendly and sustainable solutions for engineering products is the focus
of many research projects in the world, also within the marine construction sector. According to
Hooton and Bickley [10], expanding the durability and hence the lifetime of concrete structures
is the best approach to improve their sustainability. Metallic materials including steel are prone
to corrosion. The corrosion may reduce the durability of structures, thereby their sustainability
[11]. Furthermore, it may have adverse economic consequences. Based on the research
performed by U.S Federal Highway Administration (FHWA) [11] between 1999 and 2001, the
annual cost of corrosion was estimated to be $276 billion whereby the contribution of civil
engineering structures was about 8 percent. Furthermore, Zhishena et al. [12] stated that the
global corrosion cost of maritime structures caused by sea water is about $700 billion annually.
However, FHWA [11] found that correct corrosion control regime may reduce the corrosion
cost by 25-30 percent.
In recent years different composite materials and their applications in civil engineering
structures have been developed [13]. Sustainable composites, reinforced with natural fibres,
such as basalt fibres may be an alternative for steel in corrosive environments [12, 14, 15]. The
main objective of this study is to investigate the mechanical performance of Minibars. The
Minibars are macro fibres made of basalt fibres encapsulated in a vinyl ester matrix [16].

1.2

Durability of basalt fibres

Basalt fibre (BF) with its natural volcanic origin is known as an eco-friendly, non-toxic material
[14]. Russian scientists developed the continuous basalt fibres in 1953-1954 [15]. The first
production line of basalt fibres was installed in Ukraine in 1985 [15]. The continuous basalt
fibres having diameters of 10-20 μm are produced from the melted basalt rock by an extrusion
process, which is similar to the glass fibre (GF) production line [13-15]. The basalt melting
temperature is about 1500-1700ºC [14]. Producing basalt fibres is cheaper than glass or carbon
fibres since it uses less energy and furthermore the input material is only natural volcanic rock
and no other additives are needed [15, 17]. The chemical composition of basalt and glass fibres
is very similar chemically [18].
In fibre concrete, fibres are exposed to alkali environment of cementitious matrix. Furthermore,
the fibres may be in contact with other severe substancies such as seawater. Therefore, fibres
shall have a sufficient resistance to chemical degradation [19]. The durability of basalt fibres is
under debate. Contradictory opinions are available in the literature whereby few are cited here.
Ramachandran et al. [19] report from a study whereby the durability of basalt, Cem-Fill and Eglass fibres in acidic and alkali environments were examined. Their study showed that soaking
of fibres in boiling sodium hydroxide (NaOH) solution did not influence the Cem-Fill and basalt

105

fibres while the E-glass fibres were corroded. Furthermore, severe degradation has been
observed while the basalt fibres were immersed in boiling hydrochloric acid (HCl) [19]. Shuni et
al. [18] also found that basalt fibres have a higher chemical stability in alkali solutions than the
E-glass fibres.
Lee et al. [20] studied the chemical stability of basalt and glass fibres in alkali solutions where
the sizing layer had been removed using acetone. They found that the properties of fibres after
the treatment depend on the type of alkaline medium and the immersion period. They also found
that, despite substantial weight reduction of basalt fibres in calcium hydroxide (Ca(OH) 2 )
solution, its tensile strength was reduced drastically.
Moreover, Sim et al. [21] and Scheffler et al. [22] also investigated the durability of basalt and
glass fibres in alkali environments. Sim et al. [21] showed that only 20 percent of initial tensile
strength is remaining after immersion of fibres in NaOH solution for periods of 28 days.
Similarly, Scheffler et al. [22] also found severe degradation in both fibres while they were
immersed in alkali solutions. In both studies [21, 22], authors found a brittle layer on the fibre
surface. This layer was found to be the result of chemical reaction between SiO 2 and NaOH,
however, a different corrosion mechanism was observed when fibres were immersed in cement
solution.
Girgin and Yıldırım [23] investigated the durability of cement composites reinforced with basalt
and glass fibres. They found that after 50 cycles of hit-rain ageing test, degradation of
mechanical characteristics in BF cement composite was more than that of the GF composite.
However, no trace of deterioration on the surface of fibres was reported [23].
Wei et al. [24] studied the corrosion mechanism of basalt and glass fibre composites
encapsulated in epoxy resin. The composites were immersed in the seawater for 90 days. The
authors found that the degradation of composites is due to the penetration/diffusion of ions into
the composite matrix and hydrolise of its components. They also found that after the treatment,
BFRP composite maintained about 70 percent of its primary tensile strength.

1.3

Mechanical properties of basalt fibre concrete

Mechanical properties of chopped basalt fibre concrete have been subject to several studies
whereby some are cited here. High et al. [25] investigated the mechanical properties of chopped
basalt fibre concrete, whereby mixes with water-cement ratios of 0.55 and 0.38 were tested.
They found that basalt fibres can significantly improve the flexural capacity of concrete,
especially for mixes with the low water-binder ratio.
Kizilkanat et al. [26] report from a study whereby 12 mm chopped basalt and glass fibre
concrete with a water-cement ratio of 0.45 were examined. The authors found that adding one
volume percent of chopped fibres increases the fracture energy by 50 percent. Moreover, Kabay
[27] show that adding basalt fibres may significantly improve the abrasion resistance as well as
the fracture energy of concrete.
Jing et al. [28] investigated the effect of fibre content and fibre aspect-ratio on mechanical
properties of chopped basalt fibre concrete. They found that flexural strength and toughness are
functions of fibre dosage and aspect ratio. However, Ayub et al. [29] found that using more than
2 percent of chopped fibres may increase the void content and consequently reduce the
compressive strength.
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Li and Xu [30] studied the high-strain-rate properties of basalt fibre reinforced geopolymeric
concrete. They found that increasing the strength of matrix may increase the energy absorption
capacity while reducing the ductility of fibre concrete [31]. They also concluded that adding
fibres may impair the interfacial bonding between the aggregates and the matrix and therefore
having an adverse effect on the dynamic compressive strength of concrete [30, 31].

2.

RESEARCH SIGNIFICANCE, AIMS AND SCOPE

Several studies have investigated the mechanical properties of chopped basalt fibre concrete. All
these studies acknowledge the positive effect of chopped basalt fibres on mechanical properties
of concrete. Contrary, very little research is reported about the mechanical properties of macro
basalt fibre concrete and the use of this type of fibres for structural applications. Based on the
literature review, there are contradictory results regarding the durability of basalt fibres in the
severe environments. Previous studies show that the durability of basalt fibres depends on the
raw material, production process, sizing, diameter of fibres, etc [32]. Furthermore, in basalt fibre
composites, it also depends on the properties of polymeric matrix encapsulating the fibres.
Industrial experiences showed that vinyl ester composites are resistant to chemical degradations
[33]. Minibar macro fibres and basalt fibre rebars are vinyl ester-basalt composites that may be a
potential alternative for steel in corrosive environments. Motivated by these insights and a
research mission to improve the durability of marine concrete structures, mechanical properties
of macro basalt concrete for marine concrete structures are subject to investigation. More
specifically, the paper provides findings pertaining the effect of fibre content, fibre aspect ratios
and concrete compressive strength on the post-cracking behaviour of macro basalt fibre
concrete. It worth mentioning that durability of macro basalt fibres and rebars need to be
verified through further experiments, however, this is not in the scope of this paper.
3.

EXPERIMENTAL PROGRAM

3.1

Materials, mix proportioning and mixing process

A Norwegian cement containing fly ash (FA), termed Standardsement FA, provided by the
Norwegian company Norcem, has been used in this study. Standardsement FA contains 19.2%
fly ash and 1.7% free lime and satisfies the requirements of NS-EN 197-1:2011 for the Portland
CEM II/B-M 42.5R. Physical properties and chemical composition of the cement are given in
Table 1. Additionally, micro silica provided by the Norwegian company FESIL was used as a
part of binder content. Crushed granite with a maximum aggregate size of 16 mm was used as
coarse aggregate. Properties of the aggregates are given in Table 2. The surface dry density of
filler (0-4 mm), sand (0-8 mm) and gravel (0-16 mm) were 2660 kg/m3, 2710 kg/m3 and 2770
kg/m3, respectively. A polycarboxylate ether based superplasticizer Mapei Dynamon SX-23 was
applied in the mix. The investigation was carried out on 43 mm and 55 mm straight macro basalt
fibres with a helical shape provided by the Norwegian company ReforceTech. The macro basalt
fibres had a diameter of 0.65 mm and a density of 2100 kg/m3 [16]. The tensile strength and the
elastic modulus were 1000 MPa and 44 GPa, respectively [16]. The number of fibres per kg was
27400 and 21600 for 43 and 55 mm fibres, respectively. The concrete mixes were developed to
satisfy the requirements to medium-strength and high-performance concrete. According to
DNV-OS-C502 [34], the water-binder ratio of concrete mixes for marine applications is limited
to 0.4 for the members in the splash zone and 0.45 for the other parts. For the medium-strength
concrete, to investigate the effect of silica content on the mechanical properties of the concrete
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matrix, three different water-binder ratios were used. For the high-performance concrete, a
water-binder ratio of 0.254 was used. Based on the study performed by Kabay [27], void content
can affect the mechanical properties of fibre concrete. Therefore, to limit the number of
effective parameters on the flexural behaviour, use of air entering agent is outside of the scope
of this study. Based on a literature study Yazici et al. [35] stated that 0.5-2.5 volume percent is
the recommended value for the fibre content. However, for offshore structures, DNV-OS-C502
[34] limited the use of fibres to 2%. Therefore, in this study, the fibre content was selected in the
range of 0.5% to 2%. For the HPC-II-2 concrete mix (Table 4), fibres with a length of 43 mm
were used. All the other concrete mixes were produced with 55 mm fibres. The composition of
the concrete mixes is presented in Table 2.
Table 1 - Physical properties and chemical composition of the cement [36].
Compressive strength (MPa)
1 day
2 days
7 days
28 days

22.0
32.7
42.6
53.8

Physical properties
Specific gravity (kg/m3)
Specific surface (cm2/g)
Volume expansion (mm/m)
Setting time (start) min

3000
4500
1
154

Chemical composition (%)
CaO
SiO 2
Al 2 O 3
Fe 2 O 3
K2O
Na 2 O
MgO
Na 2 O Eq.
TiO 2
P2O5
Mn 2 O 3
SO 3
ClƩ=

51.01
25.98
8.25
3.94
1.15
0.54
2.18
1.30
0.423
0.250
0.061
3.40
0.061
97.2

Table 2 - Particle size distribution data of the used aggregates.
Sieve size (mm)
16
11.2
8
4
2
1
0.5
0.25
0.125
0.063

Cumulative (%) finer than
0-4 mm
0-8 mm 0-16 mm
100
100
91.13
100
100
39.03
100
98.45
8.00
96.25
81.42
3.65
74.41
66.73
3.10
58.97
50.88
2.86
46.15
33.17
2.60
33.1
18.07
2.23
19.95
8.25
1.68
9.89
2.58
1.06
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Table 3 - Concrete mix proportions.
Mixture
Code

Cement
(kg/m3)

Silica
(kg/m3)

Filler
(kg/m3)

Sand
(kg/m3)

Gravel
(kg/m3)

Water
(litres)

Super
plasticizer
(kg/m3)
473.36
40.24
167.10
1037.55
444.38
205
6.98
MSC-I
473.36
60.36
167.10
1037.55
444.38
197
6.98
MSC-II
42.23
172.50
1071.34
458.86
207
7.33
MSC-III 496.80
780.67
99.53
132.34
821.87
352
197
26.4
HPC-I
99.47
131.59
817.20
350
197
26.39
HPC-II2 780.20
99.47
128.93
800.46
342.83
197
26.39
HPC-III 780.20
1
B is the abbreviation for the binder content of the mix including FA cement and silica.
2
HPC-II mix was used for the fibre size of 43 mm and 55 mm.
3
The values in the bracket are the fibre volume fraction.

Fibre
(kg/m3)
[%]3
19.74 [0.94]
19.74 [0.94]
41.43 [1.97]
14.81 [0.71]
19.74 [0.94]
39.48 [1.88]

W/B1

0.4
0.369
0.384
0.224
0.224
0.224

mixer, and a constant speed of 27.9 rpm was used in the entire mixing process. The process
started by mixing all the dry ingredients and followed by adding the water and superplasticizer.
The mixing process continued until a uniform consistency was obtained. As the final step, fibres
were added manually at a constant rate of approximately 5 g/s.
3.2

Sample preparation and testing procedure

To investigate the flexural properties of concrete mixes and due to the mixer capacity, two
replicate prismatic specimens with the dimensions of 150×150×550 mm and five-cylinder
specimens with a diameter of 100 mm and height of 200 mm were cast. A small-scale concrete
vibrator was used to obtain the necessary compaction. Since the operation of marine structures,
specifically concrete barges, starts minimum two months after the construction of the concrete
part is completed, the hardened properties were also evaluated after sixty days. A plastic layer
covered the specimens for the first 24 hours before demolding. All samples were cured in 18ºC
water before performing the hardened concrete experiments at the age of 28 and 60 days.
The compressive strength test was carried out according to the standard NS-EN 12390-3 [37]
with a loading rate of 6.28 kN/s. ASTM and European standards present three different methods
for evaluation of the fibre concrete; ASTM C1399/C1399M-10 [38], ASTM C1609/C1609M-12
[39] and the European standard for measuring the flexural tensile strength of metallic fibre
concrete; EN 14651 [40]. In our study, we followed the EN 14651 [40] procedure and RILEM
TC 162-TDF [41-43] recommendations.
The three-point bending test was performed using a locally assembled testing machine with a 75
kN upward moving table and an immovable 200 kN load cell unit. All the beam specimens were
notched on the bottom side after 90º rotation around the longitudinal axis. The mid-span
deflection was measured using two linear variable displacement transducer (LVDT) sensors
placed on two sides of the beam; additionally, the crack mouth opening displacement (CMOD)
was measured simultaneously by means of a clip gauge installed in the notch centre, see Figure
1. It ought to be mentioned that the test set up was designed in a way that the roller support
could rotate freely. A 50 Hz acquisition system was used to obtain and register the data. For
safety reasons, the tests were stopped before the final beam failure.
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Figure 1 - Experimental set-up of three-point bending test according to EN-14651 [40].

4.

EVALUATION OF FLEXURAL BEHAVIOUR

4.1

Equivalent and residual flexural tensile strength

According to RILEM TC 162-TDF [43] and NS-EN 14651:2005 [40] the flexural strength of the
fibre concrete is characterized based on the load-crack mouth opening displacement (CMOD)
curve at specified reference points [5]. In this study, the flexural strength of the limit of
proportionality (LOP) and residual strength of the reference points were calculated by use of Eq.
(1) and, Eq. (2), respectively [40].
𝑓𝑓

3 𝐹𝐹 𝑙𝑙

𝑓𝑓ct,L = 2 𝑏𝑏ℎL2
(1)

sp

3 𝐹𝐹j 𝑙𝑙

𝑓𝑓R,j = 2

(2)

2
𝑏𝑏ℎsp

F j (j = 1, 2, 3, 4) is the load at CMOD = 0.5, 1.5, 2.5 and 3.5 mm, respectively.
F L is the load corresponding to the LOP and defined as the highest load value corresponding to
CMOD ≤ 0.05 mm [43]. Also, l, b and h sp are the beam length, width and height of the fracture
cross section, respectively [40]. Barros et al. [44] reported a significant scatter of f R values and
based on their study; they concluded that the equivalent flexural tensile strength (f eq ) concept
should be used instead of the f R concept. Hence, in our investigation, we used both f eq and f R
values to assess the post-cracking behaviour of macro basalt fibre concrete. According to
RILEM TC 162-TDF [43] and Barros et al. [44], two parameters of f eq,2 , Eq. (3), and f eq,3 , Eq.
(4), were calculated based on the allowable deflections of the serviceability limit state and
ultimate limit state. These parameters are both functions of the energy absorption capacity of the
fibre concrete at specified points [43, 44].
𝑓𝑓

3 𝐷𝐷BZ,2

𝑓𝑓eq,2 = 2

𝑙𝑙

2
0.5 𝑏𝑏ℎsp

(3)
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𝑓𝑓

3 𝐷𝐷BZ,3

𝑓𝑓eq,3 = 2

𝛿𝛿

𝑙𝑙

𝐷𝐷BZ = ∫0 𝑖𝑖 𝐹𝐹(𝛿𝛿)𝑑𝑑𝑑𝑑
𝑓𝑓

(4)

2
2.5 𝑏𝑏ℎsp

(5)
𝑓𝑓

𝑏𝑏
𝑏𝑏
𝐷𝐷BZ,2 = 𝐷𝐷BZ2 − 𝐷𝐷BZ
and 𝐷𝐷BZ,3 = 𝐷𝐷BZ3 − 𝐷𝐷BZ
, the values of energy absorption capacity
𝑏𝑏
corresponding to the deflection of (𝛿𝛿2 = 𝛿𝛿L + 0.65 mm) and (𝛿𝛿3 = 𝛿𝛿L + 2.65 mm), and 𝐷𝐷BZ
the energy absorption capacity of uncracked concrete are shown in Figure 2 [42, 43]. 𝛿𝛿L is the
value of the mid-span deflection corresponding to the limit of proportionality [42, 43]. The
energy absorption capacity of the fibre concrete up to the point (i) is calculated by use of Eq. (5)
𝑓𝑓
[45]. These equations are valid only if 0.5 and 2.5 are given in mm, 𝐷𝐷BZ in Nmm and l, b, h sp in
mm. Thus, f eq is given in MPa.

(a)

(b)

𝑓𝑓

𝑓𝑓

Figure 2 - Definition of (a) 𝐷𝐷BZ,2 ; and (b) 𝐷𝐷BZ,3 adapted from Barros et al. [44] and RILEM
TC 162-TDF [42, 43].
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4.2

Ductility indication

For concrete beams reinforced with steel rebars, the ductility is defined as the ratio of mid-span
deflection of collapse to the deflection at the rebars’ yielding point [46, 47]. However, this
definition is not suitable to evaluate the ductility of fibre concrete beams. In different articles, a
variety of parameters are used for evaluation of the ductility in the fibre concrete elements [4851]. In this study, the ductility is defined by Eq. (6) being the ratio of energy absorption capacity
of fibre concrete to the energy absorption capacity of un-cracked concrete. Eq. (6) is adapted
from Olivito and Zuccarello [48], Akcay and Tasdemir [50].
𝐼𝐼ductility =
(6)

𝑓𝑓

𝑏𝑏
𝐷𝐷BZ
+𝐷𝐷BZ,3
𝑏𝑏
𝐷𝐷BZ

5.

RESULTS AND DISCUSSION

5.1

Compressive strength and bulk density

For all samples, properties of hardened concrete are summarized in Table 4 for the age of 28
days, but HPC-I-2 is reported for 60 days. Based on the presented results in Table 4, the fibre
content has a minor influence on the density. The concrete mixes were designed based on the
volume fraction of ingredients and the aggregate content varied for different combinations.
Therefore, the effect of fibre content on compressive strength cannot be evaluated in this study.

5.2

Bulk electrical resistivity

According to Layssi et al. [52], the degree of porosity and conductivity of pore solution in
concrete directly affects its permeability, chloride ingress resistance, therefore its durability. The
bulk electrical resistivity can be used to characterize the degree of conductivity of the concrete
microstructure [52]. In this study, to indirectly assess the durability of specimens in the marine
environment, uniaxial-alternating current (AC) was used to measure the resistance R (Ω) value
of the cylindrical specimens. Bulk electrical resistivity was calculated by Eq. (7) [53, 54].
A

𝜌𝜌 = 𝑅𝑅 𝐿𝐿

(7)

where A (m2) is the surface area of the samples and L (m) is the length of specimens [53, 54].
The values of electrical resistivity of the hardened specimens are presented in Table 4.
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Table 4 - Mechanical and physical properties of concrete mixtures.
Mixture
Bulk wet density2
Bulk resistivity2
f cm (MPa)
1
3
Code and Batch
(kg/m )
(Ω.m)
2452 [14.1]
209.5 [6.3]
61.3 [2.24]
MSC-I
2425 [24.6]
284.4 [16.5]
75.7 [1.34]
MSC-II
2449 [5.5]
220.8 [7.3]
65.7 [1.39]
MSC-III-1
2484 [25.9]
225.8 [3.8]
67.8 [1.30]
MSC-III-2
2450 [20.4]
725.7 [29.2]
96.8 [2.15]
HPC-I-1
2450 [19.7]
1210.6 [71.1]
106.8 [3.81]
HPC-I-23
2452 [41.3]
509.4 [ 4.9]
91.9 [2.94]
HPC-II-1
2421 [34.7]
482.5 [15.3]
96.4 [2.13]
HPC-II-2
2378 [8.5]
556.3 [20.2]
90.7 [2.55]
HPC-III
1
Since the capacity of the concrete mixer was not enough for more than two beams and five concrete cylinders, the
specimens B5-B14 were made from similar recipes but different batches.
2
Bulk density and bulk resistivity of concrete cylinders were measured before compression test, and the average
values are reported. The values in [] show the standard deviation.
3
The mechanical and physical properties of the mix HPC-I-2 at the age of 60 days are presented.

Smith [55] recommended a classification for the risk of chloride ingress in concrete based on the
bulk resistivity. He found that concrete with a bulk resistivity higher than 170 Ω.m indicates
very low risk and therefore high durability in marine environments [55].

5.3

Flexural behaviour

With the data collected during the experiments, the load-CMOD curves were plotted. Figure 2 to
Figure 6 show the load-CMOD curves of the beams reinforced with different fibre content, fibre
aspect ratio and matrix compressive strength. Table 5 summarises the test results in different
loading steps. As it can be seen, the fibre content does not have a noticeable effect on the load
corresponding to the limit of proportionality (LOP), but F L slightly increased by increasing the
compressive strength. As it was expected, an increasing trend was observed by increasing the
fibre content.
Figure 2 shows the results of flexural testing on samples with same composition but from
different batches. The compressive strengths are slightly different, but the difference in postcracking properties is more pronounced. The difference may be due to the distribution and
directions of fibres in the concrete specimens.
Based on Figure 4, the sample tested at 60 days shows a slight increase in the value of F L due to
the increase in the tensile strength. However, the difference in post-cracking properties is not
𝑙𝑙
distinctive. Figure 5 shows the result of concrete reinforced with 43 mm ( f =65) and 55 mm
𝑑𝑑
𝑙𝑙

(𝑑𝑑f =84) fibres. A comparison between the experimental results of 43 mm and 55 mm fibre
concrete shows that increasing the aspect ratio leads to higher anchorage length and
consequently an increase in post-cracking peak and f eq,2 values. However, the concrete
𝑙𝑙
reinforced with 𝑑𝑑f =65 shows a wider deflection-hardening zone and f eq,3 value.
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Figure 2 - Load-CMOD curves of basalt fibre concrete under flexural test, with a fibre content
of 0.94 % volume fraction and average concrete compressive strengths of 61.3 MPa and 75.7
MPa.

Figure 3 - Load-CMOD curves of basalt fibre concrete under flexural test, with a fibre content
of 1.97 % volume fraction and average concrete compressive strengths of 65.7 MPa and 67.8
MPa.
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Figure 4 - Load-CMOD curves of basalt fibre concrete under flexural test, with a fibre content
of 0.71 % volume fraction and average concrete compressive strengths of 96.8 MPa and 106.8
MPa.

Figure 5 - Load-CMOD curves of basalt fibre concrete under flexural test, with a fibre content
of 0.94 % volume fraction and average concrete compressive strengths of 91.9 MPa and 96.4
MPa.
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Figure 6 - Load-CMOD curves of basalt fibre concrete under flexural test, with a fibre content
of 1.88 % volume fraction and average concrete compressive strength of 90.7 MPa.
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Table 5 - Experimental results of peak and post-cracking parameters of test specimens.
Beam Code

Used Mixture

f fct,L
f R1
(MPa) (MPa)
MSC-I
5.32
3.56
B-1
MSC-I
4.32
2.82
B-2
MSC-I
4.82
3.19
Average B1-B2
MSC-II
6.51
7.37
B-3
MSC-II
6.19
6.28
B-4
MSC-II
6.35
6.83
Average B3-B4
MSC-III-1
6.09
9.56
B-5
MSC-III-1
5.96
9.69
B-6
MSC-III-1
6.03
9.63
Average B5-B6
MSC-III-2
6.44
11.34
B-7
MSC-III-2
6.44
11.53
B-8
MSC-III-2
6.44
11.44
Average B7-B8
HPC-I-1
6.75
3.99
B-9
HPC-I-1
6.85
4.87
B-10
HPC-I-1
6.80
4.43
Average B9-B10
HPC-I-2
6.99
4.46
B-11d
d
HPC-I-2
B-12
6.99
4.46
Average B11-B12 HPC-I-2
HPC-II-1
6.60
5.55
B-13
HPC-II-1
6.43
7.45
B-14
6.52
6.50
Average B13-B14 HPC-II-1
HPC-II-2
6.58
5.72
B-15
HPC-II-2
6.36
4.73
B-16
6.47
5.23
Average B15-B16 HPC-II-2
HPC-III
7.24
10.16
B-17
HPC-III
6.66
10.22
B-18
6.95
10.19
Average B17-B18 HPC-III
d
The B-11 and B-12 were tested at the age of 60 days.

f R2
(MPa)
2.97
3.10
3.04
4.96
4.13
4.55
8.25
7.78
8.02
11.92
11.74
11.83
2.95
3.58
3.27
3.12
3.12
4.73
6.63
5.68
6.85
5.61
6.23
9.58
9.79
9.69

f R3
(MPa)
1.73
2.49
2.11
2.85
2.55
2.70
6.55
5.15
5.85
10.73
11.03
10.88
1.47
1.79
1.63
1.81
1.81
3.14
3.61
3.38
5.13
4.18
4.66
7.50
7.91
7.71

f R4
(MPa)
1.02
1.90
1.46
1.93
1.68
1.81
4.54
3.42
3.98
8.65
8.82
8.74
0.89
1.24
1.07
1.21
1.21
2.11
2.32
2.22
3.74
3.27
3.51
6.21
6.34
6.28

f eq,2
(MPa)
3.19
2.61
2.90
6.92
5.72
6.32
9.26
9.24
9.25
11.39
11.49
11.44
3.67
6.57
5.12
4.09
4.09
5.12
7.32
6.22
5.90
4.50
5.20
9.69
9.89
9.79

f eq,3
(MPa)
2.47
2.69
2.58
4.56
3.71
4.14
7.70
7.09
7.40
11.09
11.24
11.17
2.52
3.57
3.05
2.76
2.76
4.19
5.38
4.79
5.35
4.65
5
8.71
8.83
8.77

Many researchers [44, 56-58] have investigated the relationship between aspect ratio, shape,
volume fraction, the number of fibres in the fracture cross-section, bonding properties, concrete
compressive strength and the mechanical properties of steel fibre reinforced concrete. Previous
studies [59] show that post-cracking properties of steel fibre concrete can be presented as a
function of the number of fibres, fibre volume fraction and the fibre aspect ratio.
In this study, the Pearson product-moment coefficient [60] was used to find the relationship
between concrete compressive strength, fibre content, ductility and post-cracking properties of
1

fibre concrete. The ratio 𝑉𝑉f 𝑓𝑓cm 𝑛𝑛 is assumed to be the primary parameter for estimation of the
properties. There are only a limited number of results available regarding the two different fibre
lengths studied here, therefore, the fibre aspect ratio is not considered in this comparison.
Furthermore, concrete compressive strength is used to indirectly include the concrete bonding
properties. This assumption is based on Eurocode 2 [61], whereby the bonding strength of steel
rebars to the concrete matrix is presented as a function of concrete compressive strength.
A large number of n values (n = 1 to 100) were examined and the best correlation for ductility
was found for n = 2. For the post-cracking properties, the best correlation was found by using n
= 3. Table 6 and Figures 7 to 9 show the relationship between these properties. According to the
fib Model Code 2010 [62], for structural purposes, fibre concrete can be used as a replacement
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for the conventional rebars if the following equations are satisfied for the characteristic values of
post-cracking parameters:
𝑓𝑓R1K
𝑓𝑓LK
𝑓𝑓R3K
𝑓𝑓R1K

> 0.4
> 0.5

(8)
(9)

Barros et al. [44] showed that there is a linear relationship between f R1 and f R4 also between f eq2
and f eq3. Table 5 shows the same set of correlations between these parameters for macro basalt
fibre concrete. The structural capacity of fibre concrete can be estimated based on the results
presented in Table 5 and the equations presented in Table 6.

Figure 7 - Relationship between fibre volume fraction, V f (%), average concrete compressive
strength, f cm (MPa) and f eq,2 (MPa).
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Figure 8 - Relationship between fibre volume fraction, V f (%), average concrete compressive
strength, f cm (MPa) and f eq,3 (MPa).

Figure 9 - Relationship between fibre volume fraction, V f (%) and I ductility .
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Table 6 - The relationship between the fibre volume fraction, V f (%), average concrete
compressive strength, f cm (MPa), ductility and post-cracking parameters of concrete reinforced
by 55 mm macro basalt fibres.
Relationship between parameters
𝑓𝑓R1 = 1.3051 𝑉𝑉f 3�𝑓𝑓cm
𝑓𝑓R2 = 1.1738 𝑉𝑉f 3�𝑓𝑓cm
𝑓𝑓R3 = 0.906 𝑉𝑉f 3�𝑓𝑓cm
𝑓𝑓R4 = 0.6869 𝑉𝑉f 3�𝑓𝑓cm
𝑓𝑓eq,2 = 1.2691 𝑉𝑉f 3�𝑓𝑓cm
𝑓𝑓eq,3 = 1.0731 𝑉𝑉f 3�𝑓𝑓cm
𝑓𝑓R4 = 0.5233𝑓𝑓R1
𝑓𝑓eq,3 = 0.8421𝑓𝑓eq,2
𝐼𝐼ductility = 10.031 𝑉𝑉f

6.

R-squared value
0.922
0.904
0.786
0.725
0.907
0.890
0.739
0.934
0.866

CONCLUSIONS AND FUTURE STUDIES

An experimental programme was performed, and 18 beams and 45 standard cylindrical samples
made of macro basalt fibre concrete were tested. Four different fibre volume fractions and two
different fibre aspect ratios, 65 and 84, were selected for this study. Compressive strength,
density and bulk resistivity of cylinder specimens were investigated to evaluate the performance.
Load-crack mouth opening displacement and load-mid span deflection of the beams were
automatically measured utilising a 50 Hz acquisition system. Based on the analysis of the
experimental results, the following conclusions are drawn from this study.










The result of electrical resistivity test indirectly shows that the fibre concrete mixes have
a high resistance to chloride ingress.
By increasing the fibre content, a significant increase in ductility and post-cracking
flexural strength of fibre concrete was observed. However, the flexural capacity at LOP
was not notably affected by the fibre content.
Based on the Pearson product-moment coefficient, both post-cracking behaviour and
equivalent flexural strength were found to be a function of 𝑉𝑉f 3�𝑓𝑓cm and the ductility to be
a function of 𝑉𝑉f.
The results show that for the same fibre volume fraction (0.94%); the fibres with the
aspect ratio of 65 show a wider deflection-hardening, f eq,3 value and smaller standard
deviation than the fibres with the aspect ratio of 84. However, since only a few samples
of two different fibres have been tested, it is not possible to draw a conclusion regarding
the effect of the fibre aspect ratio. Usually by increasing the fibres aspect ratio the
performance of fibre concrete improves.
There is a lack of knowledge about the durability, alkali ageing, shear capacity, fatigue
behaviour, shrinkage and creep properties of macro basalt fibre concrete. Therefore, the
authors suggest those properties as potential topics for future studies. Additionally, the
mechanical behaviour of the hybrid system of macro basalt and chopped basalt fibres
and the hybrid system of macro basalt fibre concrete and basalt fibre reinforced bars
(BFRPs) need to be investigated for practical applications.
Use of air-entraining agent could affect the bonding between fibres and concrete matrix.
Therefore, due to the lack of knowledge, the authors suggest an extensive investigation
on the bonding mechanism of macro basalt fibre concrete and the effect of entertaining
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air-entraining agent, aggregate size and bond increasing additives on the flexural
strength of fibre concrete.
Based on the conclusions, this study gives an estimation of the mechanical properties of macro
basalt fibre concrete. However, the conclusions are based on the selected concrete mixes. The
bonding mechanism and mechanical properties of fibre concrete are dependent on the
composition of concrete matrix, mixing procedure, casting and curing conditions. Therefore, for
structural applications, the designed concrete mix shall be adjusted and tested before casting.
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